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Introduction to Knut H. Andersen,

The Third ISSMGE McClelland Lecturer

Knut H. Andersen was born in 1945 in Oslo, Norway,
where he has also lived and worked, apart from 4 years
study in Trondheim and one year military service in
the Norwegian Corps of Engineers.

He received his MSc from the Norwegian Univer-
sity of Science and Technology (NTNU), then named
NTH, in Trondheim in 1968 and selected Soil Mechan-
ics as his Major, influenced by the inspiring lectures
of Prof. Nilmar Janbu. He went to NGI for his master
thesis in 1968 with Carl J. F. Clausen as supervisor. The
subject was interpretation of settlement records of two
heavy buildings on soft clay (Oslo Jernbanetollsted)
which had settled 50 and 70 cm, respectively, over
a 50 year period. The thesis work involved valuable
practical experience with site investigation and labo-
ratory testing in addition to the theoretical analyses.
Dr. Laurits Bjerrum, NGI’s first director, followed the
work very closely and gave encouraging input and
comments.

Dr. Bjerrum offered Knut a position after his the-
sis, and Knut started as a regular employee at NGI
on 1 January 1970, after a year military service in
1969. The continued co-operation with Dr. Bjerrum
until his premature death in 1973 shaped Knut as an
engineer and has been decisive for his professional
career. In line with NGI'’s philosophy, he has worked
on both consulting and research projects, taking advan-
tage of the beneficial interaction between consulting
and research.

Knut has had the opportunity to work closely with
and co-author publications with all the five NGI direc-
tors. In his first years at NGI, Knut had the privilege
to assist Dr. Bjerrum in his work on stability and set-
tlement of embankments and structures on soft clay
and stability of excavations, which was basis for part
of Bjerrum’s State-of-the-Art report to the Interna-
tional Conference on Soil Mechanics and Foundation
Engineering, ICSMFE, in Moscow in 1973. Knut
developed an in-situ technique to measure lateral pres-
sures in clays by hydraulic fracturing during these first
years, and he analyzed stresses and displacements in
rockfill dams by the finite element method. He was,
along with Carl J. F. Clausen, active in introducing
and utilizing finite element programs in geotechnical
engineering at NGI. This included development and
implementation of material models.

The discovery of the Ekofisk field in the North Sea
in the late 1960 s caught Dr. Bjerrum’s enthusiastic
attention and lead to significant new and interesting
challenges for NGI. Knut’s work was then directed
towards offshore foundation engineering, which has
been his focus since early 1972. This has involved
design of offshore gravity structures, jacket structures,
jack-ups, seabed structures, seabed slope stability, and
suction anchors in clay, silt, sand and carbonate soil.
The work has included practical foundation design,
concept development, development of design meth-
ods, determination of foundation design parameters,



and planning and interpretation of laboratory tests,
model tests and prototype monitoring.

The first involvement was the foundation design of
the Ekofisk oil storage tank, which is the first GBS
installed in the North Sea on 30th June 1973. Later the
involvement has included, to different degrees, most
of the gravity platforms installed in the North Sea and
a number of others worldwide, covering different soil
conditions, ranging from very soft clays to very dense
sands, silts, hard clays and carbonate soils. The deepest
one is the Troll Platform in 330m water.

Knut participated in the foundation design of the
first North Sea tension leg platform with skirted
anchors at the Snorre field and in the development
of skirted anchors (suction anchors) for anchoring of
floaters and skirted foundations for jackets. He was
project manager for the large 1-g field testing pro-
gram of the Snorre TLP skirted anchors at Lysaker
in Norway and has been involved in installation and
holding capacity design for suction anchors in various
soil conditions worldwide.

He has also participated in deepwater geohazard
and submarine slope stability evaluations offshore
Norway, offshore West Africa and in the Gulf of Mex-
ico. He has established soil parameters for earthquake
analyses of structures and slopes for various onshore
and offshore locations with different soil conditions,
and has participated in evaluation and remediation of
accidental leakage from oil wells.

His offshore knowledge and experience has been
used for design of harbours and sea flood protection
barriers, like the Oosterschelde storm surge barrier
in the Netherlands. He also analyzed and evaluated
the piers of the western part of the Storebalt Bridge
between Funen and Zealand, Denmark, for cyclic load-
ing from waves and from ice sheet drifting from the
Baltic Sea.

During the last 10 to 15 years Knut has been active
in the development of offshore wind turbine founda-
tions. This includes concept development (monopods,
monopiles, skirted multipods, piles, etc.), foundation
design analyses (installation, stability, soil stiffness
for structural dynamic analyses, cyclic displacements,
settlements, permanent displacements, etc.), planning
and specification of laboratory and field testing pro-
grams of the foundation soil, interpretation of labora-
tory and field test results, and determination of soil
parameters for foundation design for several fields.

Knut has participated in a number of joint indus-
try sponsored research projects (JIP) and been project
manager for 12 of them. The first one was the study on
cyclic behavior of clay, which was initiated in 1974 in
co-operation with 12 industry companies who saw the
need for more knowledge about cyclic soil behavior
in connection with the foundation design of the first
North Sea gravity platforms.

The results from this JIP have formed the basis for
NGI’s modelling of cyclic soil behavior. Later JIPs

have included cyclic behavior of sand; interpretation
of prototype performance observations; performance
and interpretation of 1g field and model tests on mono-
pod and tripod gravity structures and suction anchors;
planning and interpretation of centrifuge tests on grav-
ity platforms and suction anchors; foundation design
procedures for gravity platforms, skirted foundations,
suction anchors and jack-ups; conductor setting depth
for drilling of oil wells; slope stability under cyclic
loading from earthquakes and vibrations; interpreta-
tion of T-bar and ball penetrometer tests; and soil
sampling disturbance and means of correction.

Several of the projects have been performed in
co-operation with geotechnical companies and uni-
versities in countries outside Norway and sponsored
by international oil companies, certifying agencies,
research councils, and construction companies. He
has also participated in the EU funded projects on
foundation design of caisson breakwaters.

Knut has been keynote speaker and chairman and
given presentations at a number of international con-
ferences. He gave the 21st Bjerrum Lecture in 2007
and the Distinguished Lecture at the Memorial Uni-
versity of Newfoundland, Canada in 1997. He was
examiner for several PhD and MSc theses at AUC,
Denmark in the period 1992-96. He is author or
co-author of more than 100 contributions to profes-
sional journals, books and conferences.

Knut has been member of several international
technical committees, including ISSMGE’s Technical
Committee TC209 on Offshore Geotechnics (2010),
ISSMGE’s Technical Committee TC1 on Offshore
and Nearshore Geotechnical Engineering (2005), ISO
TC67/SC7 WGS Arctic Structures Part 2: TP 3: Foun-
dation Design (2007), and API RG7 Geotechnical
Resource Group, Risers and flowlines (2006—2008).

He was chairman of the board of NGI Inc. in
Houston from its start in 2002 until 2008.

Knut has wide management experience as project
manager for consulting projects and major joint indus-
try sponsored research programs, and management
positions at NGI. He was technical director from 1996
to 2012, when he also coordinated NGI’s research
activities. He reached his retirement age in 2012 and
now serves as technical advisor at NGI.

Over the last twenty years, I have had the privilege
and honor to work with Knut on many challenging
deepwater projects. It is therefore with great pride and
pleasure that I, on behalf of the International Society
of Soil Mechanics and Geotechnical Engineering and
its Technical Committee 209 on Offshore Geotech-
nics, hereby present him with the Third ISSMGE
McClelland Lecture award.

Philippe Jeanjean, Ph. D., PE., M. ASCE
Chairman, ISSMGE TC209, Offshore Geotechnics
June 10th, 2015
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Cyeclic soil parameters for offshore foundation design

K.H. Andersen

Norwegian Geotechnical Institute, Oslo, Norway

ABSTRACT: Foundation design of structures subjected to cyclic loading, including stability, cyclic and per-
manent displacements, soil stiffness for use in dynamic analyses, and soil reactions, requires that effect of cyclic
loading is accounted for in the soil parameters. A primary goal of this paper is to provide correlations of these
parameters with index parameters for use in practical design. The contour diagram framework for interpretation
and presentation of cyclic soil behavior is summarized, as well as pore pressure and cyclic strain accumulation
procedures to establish equivalent number of maximum loads, Ny, that gives the same degradation as the irreg-
ular cyclic load history. Guidance is given on how the soil parameters can be applied in design, and calculated
and measured prototype observations and model test results are used to validate the soil parameter framework.
Focus is given to foundation design of structures, but a procedure to analyze the stability of slopes subjected to

cyclic loading is also included.

1 INTRODUCTION

I feel honored being asked to present this 3rd
McClelland Lecture, and I would like to thank the
ISSMGE TC209 committee for inviting me.

I did not have the privilege to meet Bramlette
McClelland. The closest I got was in connection with
the design of the Ekofisk oil storage tank, which was
installed in the North Sea in 1973. The geotechnical
site investigation was done by McClelland Engineers,
and NGI did the geotechnical design verification
on behalf of the Norwegian government through its
agent, DNV. I was then a young engineer and was
greatly inspired by McClelland’s achievements in off-
shore geotechnical engineering that I learnt about in
connection with the Ekofisk project and from the
literature.

One of the special issues with offshore structures
is that they have to withstand severe cyclic wave load-
ing. In later years wind power structures have also been
placed offshore, and these structures will be subjected
to significant cyclic loading from the wind in addi-
tion to the wave loading. Cyclic loading effects can
also be important for structures along the coast and
on land. Cyclic loading will influence the strength and
deformation characteristics of the soil, and foundation
design of these structures requires that the effect of
cyclic loading is accounted for in the soil parameters
that are applied.

The aim of this paper is to present a framework
for cyclic soil behavior that can be used for practi-
cal foundation design of structures subjected to cyclic
loading, and to provide data and correlations with

index parameters that can be used to establish the
parameters of this framework for various soil types.
Correlations with index parameters are also given for
initial shear modulus, static shear strength, friction
angle and consolidation characteristics (compressibil-
ity and permeability), since these parameters are also
needed in cyclic foundation design.

The correlations can help estimate parameters for
feasibility studies before site specific data are avail-
able and guide specification and interpretation of site
specific laboratory programs. This guidance will help
reduce the required number of site specific tests and
provide quality control of the test results. The correla-
tions naturally contain some scatter and cover a limited
number of soil types. For final design, the parameters
from correlations should be verified by site specific
tests to avoid unwanted error or conservatism.

Some of the correlations have been presented in
previous publications, but they have been updated
and revised by including more data and additional
variables. The correlations are primarily valid for non-
calcareous soils, but some correlations for DSS type
of shearing are also given for calcareous soils.

The paper first gives examples of cases where
cyclic loading is important, and presents the founda-
tion design aspects and the parameters required for
the foundation design. It continues by explaining what
happens to the soil when subjected to cyclic loading
and presents a contour diagram framework to charac-
terize the cyclic soil behavior. The contour diagram
framework has been applied in offshore foundation
design for many years (e.g. Andersen et al. 1988,
Andersen & Lauritzsen 1988, Andersen & Hoeg 1991).



It is therefore not a new concept, but it is summarized
herein as background for the correlations. Advice is
also given about aspects that are important to con-
sider when establishing cyclic contour diagrams. The
contour diagrams can be used directly in design, as
shown later, or they can be used to develop mathe-
matical cyclic soil models. Since the contour diagrams
represent non-manipulated data, mathematical models
should be verified by checking that they can reproduce
the contour diagrams and the various stress conditions
that these diagrams cover.

The cyclic load history is normally non-symmetrical
and irregular, and may need to be transformed into
a simplified, more regular form. It is shown how
this can be done and how the regular history can be
applied in a pore pressure or a cyclic strain accu-
mulation procedure to establish an equivalent number
of maximum cyclic loads, N, that gives the same
cyclic degradation as the irregular cyclic load history.
The accumulation procedures have also been applied
for many years (e.g. Andersen 1976, Andersen et al.
1992 & 1994) but their use to establish N¢q as well as
stress strain relations and cyclic shear strength has not
been fully explained in previous publications.

Following individual cycles through a cyclic load
history with hundreds or thousands of cycles is not
considered feasible in practical design, and the con-
tour diagram framework is defined in terms of cyclic
amplitudes, meaning that the stress-strain relation
within individual cycles is not defined. A procedure
is proposed, however, that can be used to define the
load displacement relationship within a cycle at a given
time in the load history.

Focus is given to the foundation design of struc-
tures, but a procedure to analyze the stability of a slope
subjected to cyclic loading, as from an earthquake, is
proposed towards the end of the paper.

Comments and guidance are given on how the soil
parameter framework can be applied in design, and
predicted and backcalculated prototype observations
and model test results are presented as validation.

Valuable work on cyclic soil behavior is done
in many organizations internationally, but this paper
concentrates on models developed and applied at NGI.

The content of the paper is organized in sections as
follows:

2 Cases with cyclic loading

3 Cyclic loading characteristics

4 Foundation design requirements

5 Soil parameters for cyclic foundation design

5.1 Cyclic soil data
5.2 Monotonic data
5.3 Consolidation characteristics
6 Cyclic soil behavior
6.1 Typical stress conditions
6.2 Soil behavior under cyclic loading
6.3 Examples of laboratory test results
6.4 Strength limitation due to drainage within a
cycle and cavitation
7 Cyclic contour diagram concept
7.1 Number of cycles to failure

10

11

12

13

14

7.2 Cyclic shear strength
7.3 Shear strains as functions of average and
cyclic shear stresses for a constant
number of cycles
7.4 Permanent shear strain
7.5 Shear strains as functions of cyclic shear
stress and number of cycles for constant
average shear stress
7.6 Pore pressure
7.7 Damping
7.8 Important parameters
7.9 Testing strategy
Cyclic shear strength and deformation properties
for a design storm
8.1 Design storm composition and cycle
counting
8.2 Equivalent number of cycles, Neq
Sample preparation and laboratory testing
9.1 Sample preparation
9.2 Effect of consolidation time
9.3 Load period
Static strength correlations
10.1 Static DSS strength of NC sand and silt
10.2 Static shear strength anisotropy, sand
and silt
10.3 Static DSS strength of NC clay
10.4 Effect of OCR on static strength
10.5 Slope of failure envelope in effective stress
path plots
Monotonic stress-strain characteristics
11.1 Normally consolidated sand and silt
11.2 Normally consolidated clay
11.3 Effect of OCR on stress-strain
characteristics
11.4 Initial shear modulus, Gpax
Cyclic strength correlations
12.1 Cyclic DSS strength of NC sand and silt
12.2 Cyclic triaxial strength of NC sand and silt
12.3 Cyclic DSS shear strength of NC clay
12.4 Cyclic triaxial strength of NC clay
12.5 Cyclic shear strength anisotropy
12.6 Effect of preshearing
12.7 Effect of OCR
12.8 Gravel and well graded soil
12.9 Carbonate soils (non-cemented)
Correlations for cyclic stress-strain
characteristics
13.1 Cyclic stress strain as a function of N in
DSS tests on NC sand and silt
13.2 Shear strains in DSS tests on NC sand
and silt
13.3 Shear strains as functions of N in
triaxial tests on NC sand and silt
13.4 Shear strains in triaxial tests on NC
sand and silt
13.5 Shear strains in cyclic tests on clay
13.6 Cyclic stress-strain anisotropy
13.7 Effect of OCR
Pore pressure
14.1 Pore pressure in DSS tests on NC sand
and silt



14.2 Pore pressure in triaxial tests on NC
sand and silt
14.3 Pore pressure in cyclic tests on clay
15 Damping
16 Consolidation characteristics
16.1 Constrained modulus formulation,
sand and silt
16.2 Correlations for modulus formulation,
sand and silt
16.3 Constrained modulus for clay
17 Slope stability under cyclic loading
17.1 Failure mechanism and stress conditions
17.2 Laboratory testing
17.3 Laboratory test results
17.4 Time to failure
17.5 Strength repair from pore pressure
dissipation
17.6 Design procedure
18 Calculation procedures
18.1 Capacity
18.2 Cyclic displacements
18.3 Permanent displacements
18.4 Equivalent soil spring stiffnesses
and damping
18.5 Foundation springs for individual cycles
19 Verification by prototype observations
and model tests
20 Summary and concluding remarks
Acknowledgment
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2 CASES WITH CYCLIC LOADING

Cyclic loading effects have been given most attention
in connection with foundation design of offshore struc-
tures, traditionally for oil and gas production, and more
recently also for offshore wind power structures. The
offshore structures can be fixed to the seafloor by their
own weight (gravity platforms) or by piles, or the foun-
dations can be monopiles or skirted foundations. The
offshore structures can also be floating, and the foun-
dation design then consists of designing the anchors
for the mooring system, which can be suction anchors,
piles, drag anchors or gravity anchors.

Cyclic effects can also be important for founda-
tion design of structures along the coast and on land,
such as harbors, breakwaters, storm surge barriers,
wind power structures, and for vibrations from infras-
tructure and industry. Earthquakes will create cyclic
stresses in the soil, and influence the stability of slopes
and the behavior of buildings and other structures, both
on land and offshore.

3 CYCLIC LOADING CHARACTERISTICS

Cyclic loads can have different origins and vary signif-
icantly in amplitude, period and duration. The origin
can be waves, wind, drifting ice sheets, icebergs,
earthquakes, tidal variations, traffic, blasting, machine
vibrations, and emptying and filling of storage. The

cyclic loading characteristics can thus vary consider-
ably. For instance, wave loading will typically have a
period of 10 to 20 s and the storm event can have a dura-
tion of the order of 1 day and contain some thousand
cycles. The cyclic load history will be irregular with a
cyclic amplitude varying from one wave to the next. In
many cases there can also be an average load compo-
nent that can vary during the storm. On the other hand,
earthquakes may have a duration of about 10 to 30s, a
load period of ~1 s and some tens of cycles, whereas
tidal forces and storage variations can have a period
of 12hrs and more. Different sources may also gener-
ate cyclic loading simultaneously, like wind and wave
for an offshore wind power structure. Resonance of
the structure can also be a source that generates addi-
tional cyclic loading on the soil as a reaction to the
primary source. An example is the Great Belt Bridge
where breaking ice sheets set the pillars in motion, thus
generating cyclic loading with a period of ~1 s super-
imposed on the primary ~10s cyclic loading period
from the ice sheets (Andersen 2009).

More examples and details of cases with cyclic
loading can be found in Andersen (2009), Jardine et
al. (2012) and Andersen et al. (2013).

4 FOUNDATION DESIGN REQUIREMENTS

The major requirements to be addressed in cyclic
foundation design are to:

o ensure sufficient capacity. The capacity under cyclic
loading can differ significantly from the capac-
ity under monotonic drained or undrained loading,
especially if the cyclic loading involves net load
reversal. One example showing the importance of
load reversal is the capacity of driven piles for jacket
structures where the capacity of the piles of the
windward leg can be lower than for the leeward leg
because of greater load reversal for the windward
leg (Jardine et al. 2012, Andersen et al. 2013).

For structures it is normally the capacity to carry
the cyclic loads that is critical, since the safety
against a failure under static load is high in most
cases. For slope stability, however, the safety against
failure under the static slope weight can be low, and
one must also ensure that the temporarily reduced
static capacity due to cyclic loading (e.g. from an
earthquake) during and some time after the cyclic
event is sufficient to carry the weight of the slope.

o demonstrate that cyclic displacements are tolera-
ble. Cyclic displacements can be a serviceability
problem, and may also induce stresses in structural
elements in the soil or connections to the structure,
like oil wells, risers and pipeline connections. All
displacement components (vertical, horizontal and
rotational) need to be determined, as for instance a
rotation at seabed can lead to significant horizontal
displacements at deck level for a tall structure.

o provide equivalent soil spring stiffnesses and damp-
ing for use in global dynamic soil-structure analyses



and earthquake analyses. The cyclic soil spring stiff-
nesses are especially important for tall and slender
structures as they can influence the resonance fre-
quency. If the resonance frequency approaches the
cyclic load frequency the dynamic load amplifica-
tion will increase. The cyclic soil spring stiffness
is especially important for wind turbines, where
the resonance frequency should be within a rela-
tively narrow band determined by the operational
rate of rotation. Soil spring stiffnesses in terms of
both cyclic and average components can also be
important for multi-legged structures, as the soil
stiffness will determine the distribution of the loads
between the legs. Soil damping is not always impor-
tant, but may be of relevance for tall and slender
structures.

o assess whether increased long term permanent dis-
placements due to cyclic loading are tolerable. The
predominant permanent displacement will normally
be increased vertical settlements in case of a grav-
ity based structure or structures with more or less
symmetrical loads, but permanent rotational dis-
placements must also be considered if the loads are
not symmetrical or if there are lateral variations in
the soil profile. For structures with large horizontal
loads, like wind turbines, there can be significant
permanent horizontal and rotational displacements.
The permanent displacements will accumulate over
the lifetime of the structure, and it is necessary to
consider more than a single design storm. The cal-
culation of permanent displacements must include
components from both permanent shear strains dur-
ing cyclic loading, increased creep rate due effective
stress reduction from cyclic loading, and volumetric
strains from dissipation of cyclically induced pore
pressure and due to shear induced dilatancy.

o assess how cyclic loading can alter the base and side
soil reaction stresses. The cyclic loading can cause
redistribution along the base or the side, but also
a redistribution between the base and the side, as
observed in model tests of skirted foundations in
sand (Jostad et al. 1997).

All requirements are not relevant for all structures.
For anchors, for instance, sufficient capacity is the
main requirement, and displacements are not impor-
tant. The requirements above are discussed in more
detail and illustrated by examples in Andersen (2004)
and Andersen et al. (2013).

5 SOIL PARAMETERS FOR CYCLIC
FOUNDATION DESIGN

The soil parameters needed to address the foundation
design requirements are grouped into cyclic soil data,
monotonic soil data and consolidation characteristics.
More conventional parameters, like index properties,
preconsolidation pressure and overconsolidation ratio
are not addressed herein, even if they are also required
in a cyclic foundation design.

As mentioned earlier, all foundation requirements
in Section 4 are not relevant for all types of structures,
and the type and amount will be case specific. Further
discussion about soil parameters needed for different
cases and their determination can be found in Andersen
et al. (2013).

5.1 Cyclic soil data

Cyclic soil behavior and parameters are described in
detail and defined in the next section, but a brief
summary of required cyclic parameters is given below.

Cyclic shear strength will be required as a function
of average shear stress and number of cycles.

The following parameters will be needed as func-
tions of cyclic and average shear stresses and number
of cycles:

Cyclic, average and permanent shear strains
Permanent pore pressure

Volumetric strain

Damping

Post cyclic static shear strength

The cyclic soil parameters are anisotropic and
depend on stress path. Thus, compression, DSS and
extension tests are needed, unless the foundation
behavior is governed by one type of stress path, as for
horizontal sliding of a gravity platform. The post cyclic
shear strength is normally only needed in special cases,
like slope stability under earthquake loading. Damping
may be most important for tall and slender structures
and earthquakes. Volumetric strains can be calculated
based on permanent pore pressure and reconsolidation
modulus, or determined from drained cyclic tests, as
discussed in Section 18.3.

5.2 Monotonic data

Monotonic data provide a useful reference for the
cyclic soil parameters and are needed to construct the
cyclic contour diagrams presented in subsequent sec-
tions. In clays, it is convenient to normalize the cyclic
parameters by the undrained monotonic shear strength.
For piles, the capacity for monotonic loading is needed
if the cyclic capacity is evaluated from interaction dia-
grams or degradation laws where the cyclic capacity
is normalized to the monotonic capacity (Jardine et al.
2012, Andersen et al. 2013). Monotonic parameters
will also be needed if the cyclic load history or the
drainage conditions are such that there is little pore
pressure generation prior to the maximum wave.

5.2.1 Undrained parameters
Undrained monotonic parameters that may be needed
for both clay and sand are:

o Undrained shear strength
o Undrained stress-strain response

Both the shear strength and the stress strain response
are anisotropic, and compression, DSS and extension
tests may be needed.



5.2.2  Effective stress parameters

The following effective stress parameters may be
required for sand in cases where undrained conditions
may not be assumed to apply:

— Drained triaxial peak friction angle and slope of
failure line in drained DSS tests

— Undrained triaxial effective stress friction angle and
slope of effective stress failure line in undrained
DSS tests

— Dilatancy angle to determine shear induced volume
changes

— Interface friction angles to consider base sliding for
shallow foundations and shaft friction for piles.

5.2.3 Initial shear modulus

The stress strain response is non-linear, and it is impor-
tant to know the initial shear modulus in order to model
the stress strain behavior properly.

The initial shear modulus may be needed not only
near the structure. The small strain response in the far-
field can be important because the strain is integrated
over a large volume and can give an important con-
tribution to the cyclic displacements and soil stiffness
even if the modulus is high.

The initial shear modulus can be determined from
bender elements, resonant column tests and in-situ
shear wave testing.

5.3 Consolidation characteristics

The consolidation characteristics are needed to calcu-
late the dissipation rate of the pore pressure generated
by cyclic loading and the magnitude and rate of
permanent displacements due to this pore pressure
dissipation.

The consolidation characteristics are defined by:

— Virgin, unloading and reloading moduli
— Coefficient of consolidation.

The consolidation characteristics can be determined
from oedometer tests, but for clean sand the flow resis-
tance in filters and tubes may be high compared to the
flow resistance in the sand specimen, and triaxial tests
with low flow resistance can be required to measure
the coefficient of consolidation.

6 CYCLIC SOIL BEHAVIOR

6.1 Dypical stress conditions

The stress conditions in the soil around a foundation
subjected to cyclic loading are complicated. A sim-
plified picture of the shear stresses along a potential
failure surface in the soil beneath a shallow foundation
is shown as an example in Figure 6.1. The elements
follow various stress paths (compression, DSS and
extension), and they will experience different com-
binations of average shear stress, t,, and cyclic shear
stress, Tcy.
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Figure 6.1. Simplified stress conditions for typical ele-
ments along a potential failure surface beneath a shallow
foundation.

In this paper, 7 denotes the shear stress on the 45°
plane in compression and extension elements and on
the horizontal plane in DSS tests. The cyclic loading
is stress-controlled, since this is considered to be the
best representation for cyclic events defined in terms
of loads. This is further discussed in Section 8.2.4.

The average shear stress, t,, can be expressed as
T, = Ty + AT,, where:

— 79 is the initial shear stress in the soil prior to the
installation of the structure, 7o =0.5- (1 — Ko) - pg
in triaxial tests, and 7p =0 in DSS tests. p;, is the
vertical effective overburden pressure, and Ky is
the coefficient of earth pressure at rest. The initial
shear stress, 7y, acts under drained conditions, and
the soil is consolidated under this stress.

— AT,, is the additional shear stress which is induced
by the submerged weight of the structure and any
average environmental loads. Az, will first act
under undrained conditions, but as the soil consol-
idates, At, will also act under drained conditions.
In the case of sand, drainage will occur relatively
rapidly, and it is reasonable to assume that the
soil consolidates under the weight of the plat-
form before the design storm arrives. Whether the
part of Az, due to environmental loads will act
undrained or drained will depend on drainage dis-
tance, consolidation characteristics of the sand and
the variation of the average load during the cyclic
loading event. As shown later, the drainage condi-
tions for At, can have significant impact on the
cyclic shear strength. Consolidation occurs much
slower for clays, and when conservative it must be
assumed that the design storm occurs before any
significant consolidation has taken place.

The cyclic shear stress, .y, is caused by the cyclic
loads. In general, environmental loads and period vary
continuously from one cycle to the next, and the cyclic
shear stress will also vary from cycle to cycle.

To determine the soil properties needed in the foun-
dation design analyses, the laboratory tests should first
be consolidated to the in situ effective stresses, and
then subjected to shear stresses that simulate the stress



conditions of the various elements in situ during cyclic
loading as closely as possible. With existing types of
laboratory equipment it is not possible to reproduce
all different in situ conditions. However, triaxial and
DSS tests give reasonable approximations to important
stress conditions. One may argue that the intermedi-
ate principal effective stress in the prototype is not
well modelled in triaxial and DSS tests (Andersen
et al. 2013), but triaxial and DSS tests are widely
used in design for practical reasons. Prediction and
backcalculation of prototype observations and model
tests presented in a Section 20 indicate that this is an
acceptable approach.

6.2 Soil behavior under undrained cyclic loading

Cyclic loading will generally tend to break down the
soil structure and cause a tendency for volumetric com-
pression. If the soil is saturated and the conditions are
undrained, the volumetric changes will be prevented
by the compressibility of the water, which is low com-
pared to the compressibility of the soil skeleton. Part
of the normal stresses carried by the soil skeleton will
thus be transferred to the pore water, and the effective
stresses in the soil will decrease accordingly. This is
illustrated by the effective stress paths of a soft soil
subjected to monotonic and cyclic loading in Figure
6.2. In the monotonic test the soil exhibits a peak
shear stress, softens and approaches and follows the
failure envelope. In the cyclic test the soil is loaded
with a maximum shear stress that is smaller than the
peak shear stress in the monotonic test. The load cycles
with a single amplitude shear stress, 7.y, around a con-
stant shear stress, t,. During the first cycle the stress
path forms a loop that ends up to the left of the ini-
tial effective stress, corresponding to a permanent pore
pressure, u,. Each cycle gives an additional incremen-
tal pore pressure, and after some cycles the stress path
reaches the failure envelope. The shear strains may
not necessarily become excessive once the failure line
is reached, as the soil may dilate and follow the fail-
ure line. This is especially true for dense sand that
can have strong dilative properties. Dense sand can
exhibit limited shear strains even if the pore pressure
gives essentially zero effective stresses when the shear
stress passes through zero, because the soil tends to
dilate when it experiences shear strains. The dilative
capability will, however, be broken down with num-
ber of cycles. This is illustrated by examples in the
following subsection.

The development of pore pressure and shear strain
with time for a soil element subjected to undrained
cyclic loading with a constant cyclic shear stress is
illustrated in Figure 6.3. The cyclic loading gener-
ates a pore pressure characterized by a permanent
pore pressure component, up, and a cyclic pore pres-
sure component, uc,. The increased pore pressure
reduces the effective stresses in the soil, resulting in
increased average, y,, permanent, y,, and cyclic, ey,
shear strains with time. The stress-strain behavior of
a soil element under the cyclic loading in Figure 6.3
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Figure 6.2. Effective stress paths for undrained tests with
monotonic and cyclic loading in a contractant soil.
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Figure 6.3. Pore pressure and shear strain as functions of
time under undrained cyclic loading.

is illustrated in Figure 6.4. The stress strain curve is
non-linear and each cycle describes an area that gives
hysteretic damping.

The pore pressure and shear strain components are
defined as follows:

— The permanent pore pressure, u,, and the perma-
nent shear strain, y,, are the values at the end of
a cycle when the shear stress returns to the shear
stress at the start of the cycle

— The cyclic pore pressure, u.y, and the cyclic shear
strain, yy, are the single amplitude values, i.e. half
the peak to peak values within a cycle

— The average pore pressure, u,, and the average shear
strain, y,, are the average of the high and low peak
values within a cycle

The hysteretic damping is defined by the area within
the stress strain loop.

The most important components for design are the
permanent pore pressure and the cyclic, average and
permanent shear strains.
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Figure 6.4. Stress-strain behavior under cyclic loading.

The permanent pore pressure can be used to quan-
tify the accumulated effect of cyclic loading during
a cyclic event. Especially for sand, where dissipation
of pore pressure can occur in parallel with the pore
pressure generation, pore pressure is the preferred
parameter (e.g. Andersen et al. 1994). Permanent pore
pressure is a fundamental parameter for clay also, but
it is more challenging to measure cyclic pore pressure
reliably in clay in the laboratory. Due to rapid stress
changes and short testing durations the requirement to
the system compliance can be difficult to fulfill. For
clay, the conditions are normally undrained during the
design event, and simultaneous drainage is normally
not an issue. Cyclic shear strain has therefore been
used as parameter to quantify the accumulated effect
of cyclic loading in clay, e.g. Andersen 1976. The per-
manent pore pressure at the end of the cyclic event
may still be needed for clays, however, as input to cal-
culate the permanent displacements from volumetric
strains due to dissipation of permanent pore pressure.
The pore pressure and cyclic shear strain accumulation
procedures are described in Section 8.

The cyclic shear strain is the primary parameter to
calculate cyclic displacements and soil spring stiff-
nesses. The cyclic shear strain is the single amplitude
value, and does not define the behavior within a cycle.
A procedure to model individual cycles is presented in
Section 18.5.

The average shear strain is needed in addition to
the cyclic shear strain to calculate the maximum shear
induced displacement during the cyclic loading event,
which is the sum of average and cyclic components.
Volumetric strain during the cyclic event occurs in
addition for cases with drainage.

The permanent shear strain is needed to calculate
the shear induced permanent displacements that will
remain after the cyclic loading event has ended. Tradi-
tionally, the permanent shear strain has not been given
specific attention, and often assumed to be the same

as the average shear strain. This is discussed further in
Section 7.4.

The permanent pore pressure is needed to calculate
the volumetric strain when this pore pressure dissipates
during and/or after the cyclic event, as explained in
Section 18.

Damping may be needed in some cases for tall
and slender structures which may have resonance
frequencies close to the cyclic load frequency.

6.3 Examples of laboratory test results

Examples of stress-strain behavior of soil elements
under various loading conditions are presented in
Figures 6.5 and 6.6.

Figure 6.5 shows results from laboratory tests on
Drammen Clay, a marine clay with a plasticity index
of I, =27%. The first two tests in Figure 6.5 have
symmetrical cyclic loading with about the same cyclic
shear stress, but they behave differently and show that
the response to symmetrical cyclic loading is differ-
ent in DSS and triaxial tests. In the DSS tests, the
shear strain develops relatively symmetrically, apart
from the first quarter cycle, which is a virgin loading.
The remaining loading is unloading and reloading. In
the triaxial test, the shear strain development is non-
symmetrical with an average shear strain of about the
same magnitude as the cyclic shear strain. This is due
to the strength anisotropy under triaxial loading, with
an extension strength that is smaller than the compres-
sion strength. The triaxial test also develops large shear
strain at a lower number of cycles than the DSS test,
even if the cyclic shear stress is about the same in the
two tests.

The third test in Figure 6.5 has a shear stress with
equal average and cyclic components. The result is
a shear strain development where the average and
permanent shear strains dominate and increase with
number of cycles. The small cyclic shear strain does
not increase significantly with number of cycles. The
maximum shear stress is greater than in the second test,
but the strain development is significantly smaller for
a given number of cycles.

Figure 6.6 shows that the cyclic behavior is not gov-
erned by the maximum shear stress alone and that
the strain development under cyclic loading cannot
be explained by creep. The three tests in Figure 6.6
have the same maximum shear stress, but different
average and cyclic shear stress components. The test
with 7, =0 fails after 10 cycles, whereas the tests
with 7, =0.5- T and ta=0.85- 7, have devel-
oped only small shear strains after 2500 cycles, and the
test with the highest 7, has the smallest shear strains.

Figure 6.7 shows three examples of triaxial tests
on very dense Dogger Bank sand. The tests are all
consolidated with a vertical consolidation stress of
o0, =200 kPa and aratio of horizontal to vertical effec-
tive stress of Ky = 0.45, corresponding to an initial
shear stress of tp =55kPa. The first test is cycled
around 79. In the two other tests, the average shear
stress is increased to 140kPa in the second test and
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(OCR =4) under various cyclic loading conditions.

Stress-strain behavior of Drammen Clay

reduced to —140 kPa in the third test before applying
cyclic loading. The average stress changes are done
by changing the vertical normal stress under drained
conditions. A cyclic shear stress of 7., =200 kPa was
applied under undrained conditions in all three tests.
The failure envelope from a monotonic test, defined by
a friction angle of ¢, =43.4°, is included as reference
in the effective stress path plots.

As discussed in connection with Figure 6.2, the pore
pressure generated during cyclic loading causes the
effective stress path to approach the failure envelope.
The cyclic shear stress of 200 kPa gives a high degree
of mobilization, and all three tests reach the failure
envelope in the first quarter of the first cycle, but
without developing large shear strains. As discussed
in the Section 6.2, this is possible because the dilation
that tends to occur in dense sand when it is sheared
is prevented when the conditions are undrained and
water cannot flow in or out of the soil element. The
tendency for volumetric expansion then gives a nega-
tive pore pressure and a corresponding effective stress
increase. As cycling continues the stress path repeat-
edly reaches and follows the failure envelope during
a large part of each cycle. The soil structure is grad-
ually broken down, and as cycling continues, larger
strains are required to mobilize negative pore pres-
sure. The shear strain increase with number of cycles
is normally quite slow in very dense sand. A loose to
medium dense sand that does not dilate under mono-
tonic loading will fail more suddenly once the failure
envelope is approached.

The shear strain development and failure mode in
the three tests in Figure 6.7 is significantly different,
even if the cyclic shear stress is the same. The first
test with a somewhat higher shear stress in compres-
sion than in extension develops essentially cyclic shear
strain and small average and permanent shear strains.
A high pore pressure is generated, and when the shear
stress passes through zero, the effective stresses are
essentially zero after less than 25 cycles. The sand is
then in an essentially liquefied state, and when the
shear stress is increased, the shear strain increases sig-
nificantly for small additional shear stress. Due to the
dilative behavior of the dense sand, however, the shear
strain increase slows down and the stiffness increases

T (kPa)

Triaxial
. - ~..C 7\
\/ \5/ Time
Test | T, Ta Tey Result
" Yy
A 50 0 50 Failure (y=15%)
10 cycles
75=0.8%, y,,=0.3%
2 P y
B . S 2 2500 cycles
7p=0.03%, v,,=0.02%
42. 7.
¢ %0 5 5 2500 cycles

Figure 6.6. Results from cyclic triaxial tests on Drammen
clay with the same maximum shear stress.

significantly after some shear strain has occurred. The
shear strain required to arrest the shear strain increases
with number of cycles and can become large if cycling
is continued.

The test with an increase in average shear stress
(7o = 140 kPa) experiences a gradual increase in the
average compressive strain with number of cycles
while the cyclic shear strain remains essentially con-
stant. Failure will result from large average and
permanent compression shear strains if cycling is con-
tinued. The test with a decrease in average shear stress
(7o = —140kPa) will behave in a similar manner, but
the average and permanent shear strains will be to
the extension side and somewhat larger than on the
compression side.

The effective stress paths of all three cyclic tests in
Figure 6.7 agreed well with the failure envelope for
the monotonic test.

The examples in Figures 6.5 to 6.7 illustrate that
cyclic behavior depends on both average and cyclic
shear stresses, and that the behavior is different in tri-
axial and DSS tests. The behavior will also depend
on soil type, plasticity (for clay) and density (sand),
overconsolidation ratio and whether the average shear
stress is drained or undrained. Section 7 describes how
this complex behavior can be systemized in the form
of contour diagrams.

6.4  Strength limitation due to drainage within a
cycle and cavitation

6.4.1 Drainage within a cycle

The cyclic data presented in this paper assumes that the
soil is water saturated and undrained within a cycle.
Static and cyclic undrained shear strengths are defined
and discussed later.

Undrained conditions can be violated near drainage
boundaries or for cases with short drainage path for
high permeability soils like clean sand. In contractive
soils, like soft clay or silt, drainage may be beneficial,
but dilative soils, like dense sand, may reduce or lose
its ability to develop negative pore pressure. If negative
pore pressure cannot be relied upon, the shear strength
will be governed by the effective stresses and depend
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Figure 6.7. Stress-strain behavior in triaxial tests on clean Dogger Bank Sand with relative density of D; ~95% and water
content of w~22.5% under different average shear stress (Blaker & Andersen 2015).

on the stress path defined by the total normal stresses.
The shear strengths for some triaxial and DSS total
stress paths are presented in Figure 6.8.

When evaluating drainage during a single cycle, one
should keep in mind that the dilatancy is a function of
shear strain and that the volumetric strain and the ten-
dency for negative pore pressure within a cycle become
non-linear functions of time. Pore pressure drainage
solution that start with an initial pore pressure that dis-
sipates with time can therefore overestimate the effect
of drainage and be conservative for this purpose in
dense sand.

6.4.2 Cavitation

Air can come out of solution in the pore water in a
water saturated soil if the pore water pressure becomes
negative with a magnitude equal to the atmospheric
pressure. This has been demonstrated in triaxial lab-
oratory tests on sand (e.g. McManus & Davis 1997)
and observed in centrifuge model tests on dense sand
(e.g. Andersen et al. 1994).

The soil does not lose its strength when the pore
water in sand cavitates, but the soil behavior will
change from undrained to drained. The effective stress
path transforms from undrained to drained, and the
sand fails at the drained failure envelope defined
by the peak drained friction angle instead of at the
failure envelope defined by the undrained effective
stress friction angle. The behavior can change back
to undrained if the stress changes direction in a man-
ner that induces compression in the sand. The air that
has come out of the water may then go into solution
again, accompanied by some volumetric strain.

Cavitation has not been an issue in deep water foun-
dation design since the water depth provides a high
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Figure 6.8. Shear strength for triaxial and DSS total stress
paths with and without dilatancy (i.e. undrained and drained).
¢’ is the effective stress friction angle and o is the slope of
the failure line for DSS loading.

backpressure. In shallower water, like most wind farm
sites, the backpressure is smaller and cavitation can be
an issue that needs consideration in cases with tension
loads or in dense dilatant sands.



7 CYCLIC CONTOUR DIAGRAM CONCEPT

Section 6 shows that the cyclic strength and deforma-
tion characteristics depend on both average and cyclic
shear stresses, and that the behavioris different in triax-
ial and DSS tests. It was therefore found convenient to
present the cyclic behavior in contour diagrams where
the cyclic parameters are given as functions of aver-
age and cyclic shear stresses and number of cycles and
in separate diagrams for DSS and triaxial tests (e.g.
Andersen et al. 1988; Andersen & Lauritzsen 1988).
Contour diagrams have formed the basis for practi-
cal foundation design of offshore structures for many
years and are therefore not a new concept (e.g. Ander-
sen 1991, Andersen & Hoeg 1991, Andersen et al.
1994). Since the contour diagrams represent a compi-
lation of directly measured data without modification,
they can also be used to develop other soil models and
to provide data to such models. New models should be
verified by showing that they can reproduce the con-
tour diagrams and the various stress conditions that
these diagrams cover.

The contour diagram concept is summarized in
this section as background for the correlations in
later sections and to be able to address aspects that
are of importance when establishing cyclic contour
diagrams.

The contour diagrams consist of a set of diagrams
illustrated in the following by using normally consoli-
dated Drammen Clay as an example. Drammen Clay is
amarine clay with a plasticity index of about 27%. The
shear stresses are normalized to the undrained static
shear strength, s25S for DSS tests and s¢ for triaxial
tests, measured in strain-controlled tests with a rate of
shear strain of 3—4.5%/hour. For sand and silt it is more
common to normalize to the vertical effective normal
stress, as discussed later.

In the Drammen Clay examples, the change in aver-
age shear stress, At,, is applied undrained and allowed
to act for about 1 to 2hrs before cyclic loading is
applied. The intersection of contours with the hori-
zontal axis depends on the rate of the monotonic test
and the duration of 7,. The cyclic loads are applied
with a period of 10 s. The effect of applying At, under
drained conditions and the effect of load period are
discussed later.

7.1

The diagram in Figure 7.1 presents the number of
cycles to failure in DSS tests as a function of 7, and 7.
The diagram is based on a number of stress-controlled
tests, each with a different combination of constant t,
and 7.y. Each point in Figure 7.1a represents one test.
The numbers written beside each point represent the
number of cycles to failure and the failure mode, i.e.
the combination of y, and y.y at failure, for that test.
Failure is defined as when either y; or y,y reaches 15%.
By interpolation and extrapolation of the test results,
curves defining the combinations of 7, and 7, that
cause failure after different number of cycles can be
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Figure 7.1.
of cycles to failure as a function of average and cyclic shear
stresses. DSS tests on normally consolidated Drammen Clay.
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Figure 7.2. Contour diagram with number of cycles to fail-
ure as a function of average and cyclic shear stresses. Triaxial
tests on normally consolidated Drammen Clay.

drawn, as shown in Figure 7.1b. The intersection of
the curves with the horizontal axis is defined by the
static shear strength. The failure mode (i.e. y, and y¢y
at failure) is defined by the thinner dotted curves.

The behavior is different in triaxial and DSS tests.
Separate diagrams are therefore presented for DSS and
triaxial tests. Diagrams for triaxial tests, as shown in
Figure 7.2 can be established in the same way as for
DSS tests.

The diagram in Figure 7.1 shows that in DSS tests
the failure mode will be large y, for small to moderate
7, values, and large y, for t, values approaching the
undrained static shear strength. In the triaxial tests,
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Figure 7.3. Cyclic DSS shear strength. Normally consoli-
dated Drammen Clay.

Figure 7.2 shows that the failure mode will be large
compression y, for 7, approaching the static triax-
ial compression strength, large extension y, for t,
approaching the static triaxial extension strength, and
large y.y for small and moderate values of z,.

The contours are valid for stress-controlled tests
with constant shear stresses. Real cyclic load histories
will have shear stresses that vary from one cycle to the
next. Ways to transform irregular cyclic load histories
into equivalent number of cycles with constant shear
stress are presented in Section 8.

7.2 Cyclic shear strength

The cyclic shear strength, try, is the peak shear
stress that can be mobilized during cyclic loading (e.g.
Andersen & Lauritzsen 1988); i.e.:

Tfey = (Ta + 'Ccy)f

where (7, + Tcy)r is the sum of the average and cyclic
shear stresses at failure, as also illustrated in the time
history sketches included in Figures 7.3 and 7.4.

The cyclic shear strength can be determined from
the diagrams in Figures 7.1 and 7.2. The result is pre-
sented in Figures 7.3 and 7.4, which show that the
cyclic shear strength depends on t,, the cyclic load
history (i.e. number of cycles), and the type of test
(i.e. the stress path). For triaxial tests there is a differ-
ence between the cyclic shear strengths in compression
and extension, since compression failure occurs when
the shear strain is positive, whereas extension failure
occurs when the shear strain is negative.

As indicated by the thin dotted curves in Figures
7.3 and 7.4, cyclic failure can occur either as large
cyclic shear strains, large average shear strains, or as
a combination of the two, depending on z,.

The diagrams in Figures 7.3 and 7.4 show that the
cyclic shear strength can be greater than the static shear
strength. The reason is that the cyclic load is applied
much faster that the monotonic load and that there is
a rate effect, as illustrated in Figure 7.5.
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Figure 7.5. Monotonic undrained shear strength as a func-
tion of time to failure (based on Lunne & Andersen 2007).

7.3 Shear strains as functions of average and cyclic
shear stresses for constant number of cycles

The average and cyclic shear strains are plotted and
interpreted in the same type of diagrams as the number
of cycles to failure. This is illustrated in Figure 7.6
where the upper figure shows the measured y, and



Yey in DSS tests with various combinations of 7, and
7.y after 10 cycles and the corresponding contours in
the middle. The intersection of the y,-contours with
the horizontal axis is defined by the monotonic test
and the strain measured after application of Az, in the
cyclic tests. Contours for different values of number of
cycles can be established in the same way. Diagrams
for DSS and triaxial tests after 10 and 100 cycles are
presented in Figures 7.6 and 7.7.

The contours can be used to establish stress strain
curves for stress paths defined by given combinations
of 7, and 7.y by reading out and plotting corresponding
values of shear stresses and strains at the intersections
between the stress paths and the contours in the contour
diagrams, as illustrated in principle in Figure 12.34.
Examples are presented in Section 13.6.

7.4  Permanent shear strain

As mentioned in Section 6.2, the permanent shear
strain has often been assumed to be the same as the
average shear strain. This can be a good approxima-
tion when there is no shear stress reversal (i.e. when
Tey < |Tal). The difference is greater when the cyclic
shear strain is predominant, but the difference between
the permanent and the average shear strains will be less
than the cyclic shear strain, i.e. y, < ya & Yoy

The relationship between permanent and average
shear strains can be expressed as yp=yy +X- ey,
where x is a parameter that varies between +1 and —1
and depends on the ratio between average and cyclic
shear strains and whether the loading is DSS, triax-
ial compression or triaxial extension. X = (Yp — ¥a)/Vey
is given as a function of y,/ycy for normally consoli-
dated Drammen clay and sands with relative density
of D, =80% to 100% in Figure 7.8.

The data in Figure 7.8 show that in the DSS tests,
¥p is typically —0.25 - ¥y to —0.5- ¥y when y, =0,
within 30% of y, when 1 < y,/y.y <2, and essentially
equal to y, for ya/yey >4.

In the triaxial tests, the difference between y, and
ya Will depend on the load direction, and the data in
Figure 7.8 assumes that the cycle starts with loading
in compression when y, >0 and in extension when
¥a < 0. This can give a discontinuity in the curves for
triaxial tests at y,/ycy =0 in Figure 7.8. For triaxial
compression tests on clay, the relation between y;, and
. is the same as in the DSS tests. For triaxial com-
pression tests on sand, y, is essentially the same as y,
when y,/yey > 1, but differs from y, when y,/y.y < 1.
The data show a more scattered picture for the tri-
axial extension tests, and the tentative curves on the
extension side are more uncertain.

7.5 Shear strains as functions of cyclic shear stress
and number of cycles for constant average
shear stress

The development of cyclic shear strain with number of
cycles can be plotted as a function of cyclic shear stress
for a given average shear stress as shown in Figure 7.9.
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Figure 7.6. Construction of contour diagrams with average
and cyclic shear strains after 10 cycles as functions of average
and cyclic shear stresses (upper and middle diagrams), and
diagram for N = 100 (lower diagram). DSS tests on normally
consolidated Drammen Clay.

The contours in Figure 7.9 are valid for 7, =0 and
based on the data from the laboratory tests with 7, =0
shown in the figure. Each horizontal line represents
one cyclic test. The contours are consistent with the
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contours in Figures 7.6 and 7.7, i.e. the data for the
contours in a section at N= 10 in Figure 7.9 are the
same as the data in a section at t, =0 in the diagram
for N =10 in Figure 7.7. The relationship between the
various diagrams in Figures 7.1, 7.7 and 7.9 is also
illustrated in the 3D plot in Figure 7.10.

The equivalent to the type of diagram for DSS tests
in Figure 7.9 is shown for triaxial tests in Figure 7.11.
Note that the triaxial diagrams are shown for 7, =0
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Figure 7.9. Cyclic shear strain as a function of cyclic shear
stress and number of cycles in DSS tests with 7, =0 on
normally consolidated Drammen Clay.
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Figure 7.10. 3D representation of cyclic and average shear
strains as functions of average and cyclic shear stresses and
number of cycles. Normally consolidated Drammen Clay.

and not for 7, = 7. For 7, = 0 in the triaxial tests there
will be development of both cyclic and average shear
strains, and both are shown in Figure 7.11.

7.6  Pore pressure

Pore pressure contour diagrams can be established in
the same way as for shear strain. Normally only the
permanent pore pressure component is needed. Exam-
ples of permanent pore pressure contour diagrams are
presented in Figures 7.12 and 7.13. The pore pressure
in the triaxial diagram is corrected for the change in
total octahedral normal stress, Ao, to make it inde-
pendent of whether the average shear stress is applied
by increasing or decreasing the normal stress.

The failure envelopes in the diagrams are defined
by the shear stresses that give large shear strains, as
established in diagrams like those in Figures 7.1, 7.2,
7.6and 7.7.

7.7  Damping

The stress-strain curves in Figures 6.4, 6.5 and 6.7
show that there is hysteretic damping within a cycle.
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The damping should be plotted in contour diagrams
like the other cyclic parameters, but this has not be
done so far. Some further discussion of damping is
given in Section 15.

7.8 Important parameters

The contour diagram examples presented earlier in this
section are valid for normally consolidated clays with
10's stress controlled undrained cyclic loading where
AT, is also applied undrained, and the shear stresses
are normalized to the undrained static shear strength.

The cyclic response, and thus the contour diagrams,
will depend on a number of factors, including:

Relative density or water content

Grain size distribution

Plasticity index

Overconsolidation ratio, OCR

Sample preparation

Consolidation time

Load period

Preshearing

Strain-controlled vs. stress-controlled cycling
Drained vs. undrained application of Az,
Drainage within a cycle or cavitation

The influence of these factors on static and cyclic
behavior is discussed in later sections by means of
examples and correlations. Table 7.1 presents grain
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Figure 7.12. Permanent pore pressure as a function of cyclic
and average shear stresses for 10 cycles in DSS (upper
diagram) and triaxial (lower diagram) tests with 7, =0 on
normally consolidated Drammen Clay.

Table 7.1. Grain size characteristics (in mm) of sands and
silts used in examples.

<0.002 <0.06 <2 method
Soil (%) (%) (%) D10 D60  Prep.
Baskarp 0 3 100 0.075 0.15 Undercomp
Dogger 0 2 100 0.09 0.17  Undercomp
Bank A
Dogger 2 20 100 0.017 0.16 Undercomp
Bank B
Sand 1 0 1 100 0.094 0.2  Undercomp
Sand 3 0 1 100 0.15 0.22  Pluviation
Sand26 0 0 100 0.15 0.21  Undercomp
Sand 31 7.5 30 100 0.016 0.074 Intact
Sand 34 0 0 100 0.34 0.6 Pluviation
Sand 52 3 11 100 0.049  0.197 Undercomp
Sand 54 15 45 100 <0.002 0.06 Intact
Toyoura 0 0 100 0.13 0.2 Pluviation
Clayey 10 45 100 0.002 0.07 Intact
silt
Drammen 45-55 100 <0.002 Intact

clay

size data for soils that are used as examples. The con-
tours of strains and pore pressures for triaxial loading
on Sand 3 are based on interpretation of triaxial tests
performed by Dr. Kim Parsberg Jakobsen in connec-
tion with his Ph.D. research at Aalborg University,
under supervision of Prof. Lars Bo Ibsen.

The cyclic response will also depend on the con-
solidation stresses, even after normalization to the
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and triaxial (lower diagram) tests with 7, =0 on normally
consolidated Drammen Clay.

consolidation stress. This is also the case for the
undrained static behavior. Both static and cyclic behav-
ior is therefore in the subsequent sections normalized
to a reference stress, defined as

Gref'=pa*(Cvc'/pa)’, Where

Pa is the atmospheric pressure (=100 kPa)
o, is the vertical effective consolidation stress
n is an empirical exponent determined by curve fitting
to minimize the effect of consolidation stress.

The curve fitting, presented later, gave the following
values:

n=0.1to 0.9 for undrained static strength of sand and
silt

n= 0.9 for undrained static strength of clay

n=0.9 for cyclic shear strength of sand and silt

However, the cyclic strength of clay can best be
normalized to the static shear strength, as in the Dram-
men clay examples in the previous sections. This
normalization has the advantage of being much less
influenced by overconsolidation ratio, OCR, than nor-
malization to effective stress (e.g. Andersen et al. 1988,
Andersen & Lauritzsen 1988).

For sand and silt, normalization of cyclic strength
is best done to the reference stress, because n is dif-
ferent for static and cyclic strengths, and because the
undrained shear strength is often less well defined,
especially for dense, dilatant sand and silt.

The reference stress is, as shown above, determined
using the vertical effective consolidation stresses; i.e.
the vertical effective stresses at the start of mono-
tonic or cyclic loading. An alternative could have
been normalization to the octahedral effective con-
solidation stress, but this would require assumptions
about the horizontal stress in the DSS test, which is
not known.

Another alternative normalization might be normal-
ization to the current effective stress; i.e. updating the
effective stress for the change in pore pressure due to
cyclic loading, but this is considered as an additional
interpretation outside the scope of this paper.

7.9 Testing strategy

Plotting in contour diagrams permits interpolation
between test results and reduces the number of tests
required to establish a full picture of cyclic soil behav-
ior. The number of tests required to establish the con-
tour diagrams in a practical project depends on whether
a complete set of diagrams is needed. For instance,
one may need only DSS diagrams if the critical design
situation is horizontal sliding at skirt tip level. The
ambition level can also depend on the project stage
(feasibility vs. detailed design) and the consequence
of uncertainty in the cyclic soil parameters.

The strategy is illustrated for failure envelope con-
tours in Figure 7.14, but the considerations are valid
for all the different contour diagrams in Section 7.

The first step in a testing strategy would normally be
to identify a set of contours for a soil similar to the one
to be investigated and that covers the relevant param-
eters for the actual conditions. Contours for a number
of different soils are presented later. Correlations that
can be used to establish the contour diagrams are also
presented in the following sections:

10.
11.
12.
13.
14.

Static strength correlations
Monotonic stress-strain characteristics
Cyclic strength correlations

Cyclic stress-strain characteristics
Pore pressure

One should then perform a set of monotonic triax-
ial compression, triaxial extension and DSS tests and
a limited number of cyclic tests to see if the project
specific soil data fit with these existing reference con-
tours. The monotonic tests will define the intersections
with the horizontal axis, and define the normalization
parameter for clays. Three cyclic triaxial and three DSS
tests numbered from 1 to 3 and distributed as shown in
Figure 7.14 will tell whether the match with the exist-
ing contours is acceptable. If a reasonable match is
not found, further cyclic testing needs to be performed
until reliable contours can be defined. If the reference
contour set needs to be significantly modified, a total
of 5 triaxial and 5 DSS cyclic tests, as indicated in Fig-
ure 7.14, is probably a minimum. More tests may be
needed if a new contour set must be established. Tests
with both high and low cyclic shear stresses and differ-
ent combinations of average and cyclic shear stresses
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Figure 7.14. Strategy to establish cyclic contour diagrams.

should be included. If a complete set of both triax-
ial and DSS contours is not required, however, the
testing can be limited to the contours that are impor-
tant for design. The samples for both monotonic and
cyclic tests must be from the same soil unit and as
close to each other as possible to avoid scatter. Labo-
ratory testing to establish the cyclic contour diagrams
is discussed in more detail by Andersen et al. (2013).

8 CYCLIC SHEAR STRENGTH AND
DEFORMATION PROPERTIES
FOR A DESIGN STORM

8.1

The contour diagrams are valid for stress-controlled
loading with a constant cyclic shear stress. The cyclic
design event normally consists of a load history where
the cyclic load varies from one cycle to the next. In
order to use contour diagrams as in Section 7, this
irregular load history needs to be translated into a num-
ber of parcels with different constant cyclic loads. This
section will describe how this can be achieved. In some
cases there is also an average component from environ-
mental loads in addition to the weight of the structure.
The cyclic load history can also be from more than one
source and with different frequencies, like simultane-
ous waves and wind for offshore wind turbines, and
cases where the structure is set in motion at the natural
frequency by the external forcing frequency.

It is impractical to use irregular load histories both
in design calculations and in the laboratory. Finite
element codes have been developed that can fol-
low irregular time histories, as briefly summarized
by Jardine et al. (2012) and Andersen et al. (2013).

Design storm composition and cycle counting
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Figure 8.1. Transformation of cyclic load history to parcels.

However, such procedures become difficult for long
duration load histories both for technical and practical
reasons, as small errors within a cycle can accumu-
late and computational time and cost become high. In
the laboratory it would increase the complexity and
costs significantly. In practical design the irregular
cyclic load history is therefore normally transformed
into parcels of constant cyclic loads, as exemplified in
Figure 8.1.

The parcels in Figure 8.1 are arranged in ascend-
ing order. Applying the loads in this order and with
the maximum load at the end will cause maximum
cyclic degradation prior to the maximum load and be
conservative for capacity and maximum cyclic dis-
placement. For soil stiffness in dynamic and fatigue
analyses, however, a different order can be more criti-
cal. The stiffness for the smaller loads can be lower if
they come after the maximum load than if they come
before.

In fatigue analysis of structures the transformation
into parcels has often been performed by the “rain
flow” method (Matsuishi & Endo 1968, ASTM E1049-
85). In the rain flow method, all peaks are identified
and counted. However, the method allows amplitudes
to be determined from local maxima and minima
belonging to different cycles, and this can overesti-
mate the amplitudes. An alternative method proposed
by Noren-Cosgriff et al. (2015) transforms the irregu-
lar cyclic history into single frequency amplitudes with
separation of average and cyclic components based
on adjacent local maxima and minima. The method
requires operator input and is more sensitive to opera-
tor judgement. Comparisons have shown that the two
methods may give significant differences in cyclic
shear strength.

The discretization in Figure 8.1 shows the composi-
tion of the cyclic load component. As one can see from
the other sections, the cyclic shear strength and defor-
mation characteristics depend strongly on the average
load and how the average load varies with time. Infor-
mation about the variation in average load is therefore
crucial.

8.2 Equivalent number of cycles N,

In practical design, the effect of cyclic loading can
be taken into account by determining the equivalent
number of cycles of the maximum load, Neg, that will
give the same cyclic degradation as the actual irregular



cyclic load history. When Neq is known, the contour
diagrams can be used directly.

The determination of Neq can be done by the pore
pressure accumulation procedure or the strain accumu-
lation procedure. As mentioned in Section 6.2, the pore
pressure accumulation procedure is the preferred pro-
cedure in cases where there can be drainage during the
cyclic load history, whereas the strain accumulation
procedure may be more suited for clay.

8.2.1 Pore pressure accumulation procedure.
Undrained conditions

The pore pressure accumulation procedure assumes
that the pore pressure at the start of a load cycle is
equal to the pore pressure at the end of the previous
cycle (e.g. Andersen 1981, Andersen et al. 1994, Jostad
et al. 1997).

The simplified load history in Figure 8.1 is used
as an example. In the table in Figure 8.2 the loads
are scaled to shear stresses, assuming that the shear
stresses are proportional to the loads. Different scal-
ing factors are used, with maximum normalized cyclic
shear stresses of Tcymax/oy, =0.10, 0.15, 0.20 and
0.25. The pore pressure accumulation is performed in
a pore pressure contour diagram established from lab-
oratory tests as explained in Section 7. The detailed
accumulation is shown in Figure 8.2 (middle) for
the history with ey max/07, =0.15, with the loads in
ascending order. The first parcel of 582 cycles with
/0, = 0.042 starts at Point A and ends at Point B after
582 cycles. The contours show that the permanent pore
pressure in Point B is u,/07 = 0.02. In the next par-
cel t/0],=0.057, and since the soil remembers the
pore pressure from the first parcel, it follows the con-
tour for up/oy, =0.02 up to t/o},, = 0.057, marked as
Point C, where N=10. It means that the effect of
the first parcel is equivalent to applying 10 cycles at
t/o,, =0.057. The 339 cycles in the second parcel is
thus counted from Point C and the second parcels ends
at 349 cycles in Point D. This procedure is repeated
for all the parcels, and ends at N =21 in the last par-
cel when t/0], =0.15. These 21 cycles represent the
number of cycles of the maximum shear stress that will
be equivalent to applying the actual load history; i.e.
Neg =21.

The accumulation is repeated for the histories scaled
t0 Tey,max/0y, = 0.10 and 0.20. It can be seen that Neg
can vary with the scaling factor. A locus has been
drawn between the end points for the different scal-
ing factors. This locus is copied to the strain contour
diagram in the lower part of Figure 8.2. The intersec-
tion between this locus and the failure envelope defines
Negq at failure to be 25 and the cyclic shear strength to
be 7¢ oy/0,, = 0.19 in this case, representing a DSS test
with symmetrical loading, i.e. 7, =0.

The intersection between the locus and the different
cyclic shear strain contours can be used to establish
the relationship between cyclic shear stress and cyclic
shear strain, as indicated in the lower part of Figure
8.2. The curve in Figure 8.2 represents the relationship
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Figure 8.2. Pore pressure accumulation for undrained con-
ditions and determination of cyclic shear strain.

Upper: Table with cyclic load composition.

Middle: Pore pressure accumulation. Undrained conditions.
Lower: Transfer of locus to shear strain contour diagram and
determination of stress-strain relationship.

between cyclic shear stress and cyclic shear strain for
the maximum load in the cyclic load history, and can
be used as input to calculate the cyclic displacement
during the maximum cyclic load.



The results can be used in a more general way by
assuming that the Ny determined for DSS tests with
7, =0 is valid for all stress paths. With this assump-
tion one can determine the cyclic shear strength for all
stress paths and average shear stresses from diagrams
of the types in Figures 7.3 and 7.4. The relation-
ships between shear stresses and shear strains can be
determined from diagrams of the types shown in Fig-
ures 7.9 and 7.11. More accurate determination of
N¢q for 7, >0 can be done by also performing the
accumulation in contour diagrams for 7, # 0.

The assumption that the pore pressure at the start of
a cycle is the same as the pore pressure at the end of
the previous cycle may not be valid in all cases, such
as in dense dilatant sand. The sand will tend to dilate
when the cyclic shear stress is increased from 7y, to
Tey,b (Figure 8.3), introducing a negative change in the
pore pressure, Au,. When the shear stresses before
and after the change in cyclic shear stress are on the
failure envelope, the change in pore pressure can be
expressed as (Jostad et al. 1997):

Aup = (1-Teyb/Tey.a) (0'a-Ta/tanat’)

The same correction should be made when the cyclic
shear stress is decreased, i.e. Teyp < Tey,a. AUp will then
become positive.

If 7y (OF Teyp) is not on the failure envelope, the
stress path should be extrapolated to intersect the fail-
ure envelope and 7.y, (or Tcyp) should be replaced by
7.y at the intersection.

The correction in Figure 8.3 assumes that the slope
of the unloading part of the effective stress paths of the
first cycle with 7y = ¢y, and the last cycle with 7., =
Tey,a are parallel and constant. The slope will change
during a cycle, and the validity of the correction will
depend on 7, and how much the slope of the stress path
changes when it crosses the t, line and returns. More
detailed corrections including the effect of changes in
slope of stress path are presented in Jostad et al. (2015).

Some effect of change in cyclic shear stress may
also occur if neither 7y, nor 7.y reaches the failure
envelope. It should therefore be considered whether a
correction in the pore pressure should be introduced
also when the cyclic shear stress is below the failure
envelope.

An alternative to the correction proposed above
would be to use a correction similar to what is done in
the cyclic strain accumulation procedure described in
Section 8.2.3, where Ay,y is determined based on y.y
Vs 7¢y for N = 1. The use of the pore pressure for N =1
to determine the correction could also be an alternative
to the Au,-correction described above.

8.2.2  Pore pressure accumulation procedure.
Effect of drainage.

The effect of drainage during the cyclic load his-
tory can be considered by determining the amount
of drainage that occurs simultaneously with the pore
pressure generation during each parcel, as illustrated
in Figure 8.4 (Andersen et al. 1994). The pore pres-
sure will be zero at the start of the storm (Point A).

22

T Au, =(1-‘rcy_b/‘rcy_a)(cs'a-ta/tana')
o
; Alp
Cycle N :1:
Assumed )
parallell
[
)
(e}
T

Figure 8.3. Change in u, when cyclic shear stress is
increased from 7.y, to Tcyp Upper: Principle. Lower: Stress
paths from DSS test on dense sand with 7, =0.

If the conditions are undrained, the pore pressure will
increase to Point B during the first parcel and to Point
D during the second parcel. If the conditions are not
fully undrained, drainage will occur continuously dur-
ing the storm. The pore pressure will then follow curve
AC rather than AB during the first parcel. In the sec-
ond parcel the soil will start in Point C and go to Point
E if the conditions were undrained. The pore pressure
that is generated during the second parcel will dissi-
pate and take the pore pressure to curve CF. However,
the pore pressure that remained after the first parcel
(Point C) will also continue to dissipate, and the dissi-
pation of this component will reduce the pore pressure
further from Point F to Point G.

The pore pressure dissipation can be determined
most rigorously in finite element consolidation anal-
yses, but simplified analyses can be performed by
means of simple diagrams, like the ones in Figures 8.6
and 8.7. Separate diagrams are given for pore pressure
generated by a constant rate, C, and for dissipation
with time for an initial pore pressure, uy. Two bound-
ary conditions are considered: one-dimensional flow
and radial flow in a disk.

The example in Figure 8.5 illustrates how the pore
pressure can be determined when drainage occurs.
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Figure 8.5. Example of pore pressure accumulation for
partly drained conditions.

The example considers the same cyclic shear stress
history as in the undrained case in Figure 8.2a, but
shows the detailed accumulation for rcy!max/af,c =0.20.
In the first parcel, the soil ends up at Point B where
N =582 when there is no drainage. Interpolation
between the contours shows that uy/o7, = 0.025 at this
point. The drainage that takes place during this par-
cel can be determined as explained in connection with
Figure 8.4. The drainage reduces the pore pressure to
up/oy,, = 0.025 (Point C). Following the uy/o7,, = 0.025
contour to the next stress level and adding the 339
cycles at this stress level brings the soil to Point E
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Figure 8.6. Dissipation of pore pressure in circular disk with
radial drainage. Left: Pore pressure generated at constant rate
(based on Heiberg 1973), Right: Initial pore pressure u=ug
in entire volume at t = 0 (based on Madshus & Harvik 1988).

T=(k-M/(y,a%))t u=p-(y,a%/(k-m))-C
C: rate of pore pressure generation

ug: initial pore pressure

before drainage and back to Point G after drainage.
This procedure is repeated for all the parcels, and ends
up with an equivalent number of cycles of Ngq =4.
Repetition with the parcels for the other scaling fac-
tors gives the locus of end points indicated in Figure
8.5. The equivalent number of cycles at failure is 4,
compared to the 25 for undrained conditions.

If performing simplified dissipation analyses with
the dissipation diagrams in Figures 8.6 and 8.7 one
needs to exercise caution in cases with layering. If
there are layers with different pore pressure generation
and dissipation characteristics, pore pressure redistri-
bution may occur between the layers. For sand, for
instance, a looser layer will generate more pore pres-
sure than a dense layer, and water from the looser
layer can flow into the denser sand, increasing the
pore water pressure in the denser sand. In some cases,
this can reduce the shear strength of the denser sand
considerably.

The dissipation analysis approach described above
assumes fully undrained conditions within a cycle and
that the pore pressure is generated with a constant
rate within each parcel. The assumption of a constant
rate may not be accurate in cases with small num-
ber of cycles in a parcel and significant pore pressure
variation within a cycle. The procedure also becomes
uncertain when the dilatancy in the first cycle is so
strong that the pore pressure at the end of the cycle is
negative, such as for high cyclic shear stresses in the
lower pore pressure contour diagrams in Figure 14.1.
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Figure 8.7. Dissipation of pore pressure under one-
dimensional conditions. Left: Pore pressure generated at
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8.2.3 Cyclic strain accumulation procedure

The cyclic shear strain accumulation procedure (e.g.
Andersen 1976) uses the cyclic shear strain as a mem-
ory to quantify the effect of cyclic loading. This
procedure corrects for the change in cyclic shear strain
that will occur when the cyclic shear stress is changed.
This is illustrated by the stress-strain curves in Fig-
ure 8.8, which show that there will be an immediate
increase in the cyclic shear strain of Ay, ; if the cyclic
shear stress is increased from r?y to r?y. Based on
empirical data from cyclic laboratory tests run with
varying cyclic shear stresses it has, as an approxi-
mation been assumed that Ay, ; is independent of
the cyclic shear stress history and that Ay,y; can be
determined from the curve for cycle number one.
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Figure 8.9. Principle for cyclic shear strain accumulation.

The behavior under varying cyclic shear stress is
determined in a cyclic shear strain contour diagram as
shown in Figure 8.9. The curve on the left is the rela-
tionship between cyclic shear stress and cyclic shear
strain for the first load cycle (N = 1). This curve can
be established from a vertical section at N=1 in the
contour diagram.

In the example in Figure 8.9 the soil element is
first subjected to 100 cycles with r@ =36kPa, tak-
ing the soil from point A to point B where the cyclic
shear strain contours show that the cyclic shear strain
is Yoy =0.75%. 7.y is then increased from 36kPa to
41kPa. The soil remembers the y.y =0.75% it has
experienced and follows the y., =0.75% contour to
7.y =41 kPa (Point C). However, when the cyclic shear
stress is increased, the cyclic shear strain will increase
by Ay, as explained above, where Ay, ; is deter-
mined as the difference in cyclic shear strain for
7.y =41 and 36kPa from the curve for N=1. The
increase in cyclic shear strain due to the change in
cyclic shear stress is approximately 0.1% and takes
the soil to y.y = 0.85% at Point D where N = 35. This
is the condition when cycling starts at rg/ =41kPa.
The cyclic load history to this point is thus equiva-
lent to 35 cycles at chy =41kPa. When 40 cycles are

applied at rfy =41kPa, the soil goes from N =35 to
N =75 (Point E). In this manner the development of
Yey during any cyclic load history can be predicted. The
cyclic strain accumulation procedure cannot consider
the effects of drainage.

The cyclic shear strain accumulation procedure can
be applied in the same manner as the pore pres-
sure accumulation procedure in order to scale a given
load history to different maximum shear stresses and
produce a locus of end points. This locus defines
the equivalent number of cycles and can be used to
determine cyclic shear strength and deformation char-
acteristics, as explained in connection with the pore
pressure accumulation procedure.

The cyclic shear strain accumulation procedure has
been found to give good prediction of the behavior
of laboratory tests with varying cyclic shear stresses
when the cyclic shear stresses are in ascending order.
The agreement has been somewhat less satisfac-
tory when the cyclic shear stresses are reduced. An
improvement may be achieved by using a stiffer Ay ;
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Figure 8.10. Results from strain-controlled cyclic tests plot-
ted in diagram with strain contours from stress-controlled
cyclic tests. DSS tests with 7, =0 on Drammen Clay with
OCR =4 (Andersen et al. 1980).

when the cyclic shear stresses are reduced, correspond-
ing to the initial shear modulus or following a Masing
rule.

8.2.4 Stress vs. strain controlled cyclic loading

Stress-controlled testing is considered the best repre-
sentation for cyclic events that are defined in terms
of forces, such as for wave and wind loading, as shear
stresses and forces can be directly correlated. In strain-
controlled tests, neither the average nor the cyclic shear
stresses can be controlled. The contour diagrams pre-
sented in Section 7 are all based on stress-controlled
tests. In connection with earthquake loading, however,
strain controlled testing has been more common.

It is important to be aware of the significant dif-
ference between stress and strain controlled cyclic
tests. The difference is illustrated in Figure 8.10, where
the results from two strain-controlled tests are plotted
together with strain contours established from stress-
controlled cyclic tests. The strain-controlled tests are
run with a specified constant cyclic shear strain,
and the cyclic shear stress required to maintain the
specified cyclic shear strain is measured.

The strain-controlled test with a cyclic shear strain
of yey =1.3% starts at the contour for y., =1.3% at
N =1, but the cyclic shear stress drops much faster
than the strain contour from the stress-controlled test.
The reason is that after a given number of cycles,
N, the strain-controlled test has experienced N cycles
with y.y = 1.3%, whereas the stress-controlled test that
exhibits y., = 1.3% in cycle N has had smaller cyclic
strains in all the previous cycles, and therefore a less
severe cyclic load history.

The strain-controlled test with a cyclic shear strain
of only y.y =0.35% suffers less cyclic degradation
than the test with y.y = 1.3% and is closer to the strain
contour from the stress-controlled tests.

The strain-controlled tests have been predicted by
the strain accumulation procedure described in Sec-
tion 8.2.3. The predicted behavior is compared to the
measured behavior in Figure 8.10, showing that the
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Figure 8.11. Strain-controlled undrained cyclic DSS test on

po-consolidated Onsgy Clay with 10 cycles of y.y = 15%.

strain-controlled tests can be well predicted by the
strain accumulation procedure. Details of how this
can be done are presented in Andersen et al. (1978).
This agreement gives confidence in the ability of the
strain-accumulation procedure to predict the behav-
ior in zones with high stress concentrations where the
conditions may be closer to strain controlled.

The strain controlled tests in Figure 8.10 show that
cyclic loading has the potential to degrade the soil
more than one may believe based on strain contours
from stress-controlled tests. However, the number of
cycles to reach cyclic failure under stress-controlled
conditions would be very high below a cyclic shear
stress of 10 kPa. This asymptote is likely to correspond
to the remolded strength. One example illustrating
this further is given in Figure 8.11, which presents
the result of a strain-controlled DSS test on pj-
consolidated Onsgy Clay subjected to symmetrical
cyclic loading at a cyclic shear strain of y., = 15%.
The 1st quarter of cycles 1 and 10 are run with the
conventional rate of loading for monotonic tests. The
rest of the test is run with 10 times faster strain rate
to speed up the testing time. A high pore pressure is
generated in the first quarter cycle and soon a pore
pressure equal to the consolidation stress is developed,
corresponding to zero effective stress when the shear
stress passes through zero. This is an important find-
ing in connection with set-up calculations for skirted
anchors and foundations (Andersen & Jostad 2002 &
2004). The shear stress required to give 15% shear
strain drops with number of cycles, as seen from Fig-
ures 8.11 and 8.12. It seems that the shear stress will
continue to decrease after 10 cycles and that it will
asymptotically approach the remolded shear strength.
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The remolded shear strength in Figure 8.12 is deter-
mined as the shear strength in the 1st quarter cycle
divided by the sensitivity from fall cone tests.

9 SAMPLE PREPARATION AND
LABORATORY TESTING

The contour diagrams are established from monotonic
and cyclic laboratory tests, and as for all laboratory
testing it is important that the samples are represen-
tative for the in situ conditions. This requires careful
soil sampling, sample preparation and consolidation.

9.1 Sample preparation

9.1.1 Clay

Sample disturbance and consolidation procedures are
important for the quality of laboratory tests on clay.
Consolidation of clay samples and possible ways to
correct the static shear strength of clays for sample
disturbance are discussed by Lunne et al. (2006), Berre
et al. (2007) and Lunne et al. (2012).

Lunne et al. (2006) and Lunne & Andersen (2007)
show that the static triaxial strength is more influenced
by sample disturbance than static triaxial extension
and DSS strengths, and this causes the anisotropy to
decrease with increasing sample disturbance, as shown
in Table 9.1.

The change in void ratio, Ae/ey, has been used by
Lunne et al. (2006) as a measure of sample distur-
bance. Ae is the change in void ratio for consolidation
to the in situ effective stresses, and e, is the void
ratio at start of consolidation. The shear strength as
a function of Ae/ey is presented for soft, close to nor-
mally consolidated Luva clay in Figure 9.1. Luva clay
has a plasticity index around I, =35%. The strength
depends on the depth, and curves for different depths
are drawn based on the individual data points. Data
from Onsgy clay which has approximately the same
plasticity is included to help draw the curves. There
is scatter in the data, but the curves still indicate that
the compression strength increases and the extension
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Table 9.1.  Anisotropy ratios as functions of sample quality
(based on Lunne & Andersen 2007).

Sample Block 54/95 mm Offshore
type samples diam. onshore samples
SE/SESS 1.45 1.35 1.25
SE/SESS 0.61 0.68 0.78
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Figure 9.1. Compression (upper) and extension (lower)

shear strengths as functions of Ae/ey (based on Lunne et al.
2012).

strength decreases with decreasing Ae/ey. This trend
is explained by the compression strength being gov-
erned by the soil structure, which is broken down by
sample disturbance, whereas the extension strength is
more governed by the water content, which is reduced
by sample disturbance when the soil is reconsoli-
dated to the in situ stresses. Calculating the anisotropy
ratio from these curves gives values close to those in
Table 9.1.

The anisotropy ratio is important for the construc-
tion of cyclic contour diagrams, since the left side
intersection with the horizontal axis in the triaxial
contours is defined by the anisotropy ratio s£/sC. The
contour diagrams therefore depend on the sample qual-
ity, and it is important that one is aware of this when
denormalizing the diagrams. One will overestimate the
static and the cyclic shear strengths on the extension
side if denormalizing is done by multiplying by a static



compression strength of higher quality than used to
establish the diagram.

9.1.2 Sand and silt

It is difficult to obtain high quality samples of sand
and silt that are representative of the in situ conditions.
In cases where “intact” samples are very disturbed, the
specimens are normally prepared by reconstituting the
soil, but this may give samples that are not fully repre-
sentative of the in situ conditions. Several authors have
shown that the cyclic shear strength of sand and silt
depends on the sample preparation method (e.g. Silver
et al. 1976, Mulilis et al. 1977a, Vaid et al. 1999) and
that reconstituted samples can give lower strength than
“Intact” samples (e.g. Mulilis et al. 1977a, Hoeg et al.
2000). Andersen (2009) discusses this and, based on
comparison with strength of samples taken by in situ
frozen sampling technique, recommends to reconsti-
tute sand samples by wet tamping or water deposition,
unless the in situ soil has been deposited under dry
conditions. If the silt content is high, however, recon-
stitution can be difficult, especially if the fines include
clay. Use of “intact” samples may then be possible and
preferable, even if such specimens will be disturbed.
Whether the disturbance may give too high or too low
cyclic strength will depend on the relative density. In
particular, one should be aware that disturbed samples
of silt and silty clay may experience a reduction in
water content during reconsolidation that transforms
the soil from contractive to dilative (e.g. Lunne et al.
2006, Berre et al. 2007). This can result in a significant
overestimate of the shear strength.

The samples should be presheared if the soil is
subjected to cyclic loading accompanied by drainage
prior to and/or during the main design event. Intact
samples, however, should not be presheared for cyclic
loading that has occurred prior to sampling, as such
preshearing is already reflected in their structure.

Preshearing involves cyclic loading accompanied
by drainage during or after cyclic loading. The
preshearing is normally applied after the specimen
has been consolidated to the specified consolidation
stresses, before starting the monotonic or cyclic load-
ing. This is also the practice in cases with partial
drainage during the cyclic event, even if the soil behav-
ior may then change continuously during the cyclic
event. The shear stress and number of cycles for pres-
hearing should be determined with this behavior in
mind. For large offshore gravity platforms on dense
sand, preshearing has typically been estimated to 400
cycles at . /07, = 0.04, as this level of loading is esti-
mated to occur during the build-up period of the design
storm or during previous smaller storms. In earth-
quake areas, the soil may have experienced smaller
earthquakes during its history.

Modest preshearing will increase the cyclic shear
strength and may also reduce the effect of the sample
preparation method, but the effect on sample prepara-
tion method has not been systematically studied. Pres-
hearing effects are discussed further in Section 12.6.

27

When reconstituting sand, it is necessary to decide
what density the samples should be reconstituted to.
The target density can be determined based on the esti-
mated in situ relative density, D;, or the in situ water
content, w. Both are, however, difficult to estimate with
high confidence in situ.

The in situ D, is normally determined based on
CPT-correlations, but there are uncertainties with these
correlations, such as effect of sand type, fines con-
tent and preconsolidation (e.g. Kort et al. 2015). The
boundary conditions and use of dry sand in the calibra-
tion chambers also add uncertainty. Based on existing
CPT-correlations, the in situ D is significantly higher
than 100% at several offshore sites. It is uncertain
whether this is due to deficiency in the correlations
or may be related to preshearing, ageing or other long
term effects to the soil structure in situ that are not cap-
tured in conventional laboratory tests or in calibration
chambers.

The in situ water content can be overestimated in
dense sand and underestimated in loose sand due to
volume changes in connection with the sampling pro-
cess and loss of water before the water content can be
measured.

In the laboratory, the water content is well defined
and would be the preferred reference parameter. The
relative density requires determination of maximum
and minimum dry densities. These values are also
uncertain as different standards recommend differ-
ent procedures that can give significant differences,
especially for the maximum density (e.g. Blaker et al.
2015). Most of the correlations for sand and silt in
the following sections are given as functions of both
relative density and water content after consolidation.

9.2 Effect of consolidation time

It has long been recognized that clay strength increases
with time due to secondary compression in addi-
tion to consolidation. This also leads to an apparent
preconsolidation stress (e.g. Bjerrum 1967).

The effect of secondary compression has not
received the same attention for sand and silt, but a long
term effect of consolidation time can also be seen for
sand and silt samples, even for clean sand. One exam-
ple of secondary compression during rest periods in
oedometer tests on a very dense clean sand is shown
in Figure 16.1.

Examples of effect of time on cyclic shear strength
are summarized in Figure 9.2. Tatsuoka et al. 1986a
found that the cyclic strength in isotropically consoli-
dated triaxial tests on air pluviated Toyoura sand with
no fines increased by 15-20% after 68 days, for rel-
ative densities of both 50 and 80%. Tatsuoka et al.
(1988) found that the cyclic shear strength of isotrop-
ically consolidated triaxial tests on water-vibrated
Sengenyama Sand with 2.4% fines and D, =80%
increased by about 25% after 64 hours and 40% after
68 days. Mulilis et al. (1977b) found that the cyclic
strength of isotropically consolidated triaxial tests on
air pluviated Monterey No. 0 sand with no fines
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Figure 9.2. Increase in cyclic shear strength as a function

of consolidation time.

at D, =50% was essentially the same after 20 min-
utes and one day consolidation, whereas it increased
by 12% and 26% after 10 and 100 days consolida-
tion time, respectively. The volume change was small,
however. The cyclic strength in DSS tests at NGI
on air pluviated Oosterschelde Sand with no fines
and D, = 62%, however, gave the same cyclic shear
strength after 16 hours and 4 days consolidation.

Mitchell (2004) summarizes research on the effect
of time on the initial shear modulus, G,.x. He refers
to the formula Gmaxt = Gt 1000 - (1 + Ng - log(t/ti000))
(Anderson & Stokoe 1978), expressing the shear mod-
ulus with time as a function of the shear modulus
at a reference time of 1000 minutes and a coeffi-
cient Ng. Mesri et al. (1990) report that N for sands
varies between 0.01 and 0.03 and increases as the
soil becomes finer. Jamiolkowski & Manassero (1995)
give values of 0.01 to 0.03 for silica sands, 0.039 for
sand with 50% mica and 0.05-0.12 for carbonate sand.
Ng of 0.01 and 0.03 gives an increase in G,y of
between 2 and 6% after 100 days. This increase in
Gax With time confirms the effect of time on sand
behavior, but the increase in Gy, is smaller than the
data for cyclic shear strength in Figure 9.2.

For conventional projects it may be impractical to
reproduce the long term effect in the laboratory, but
the final consolidation stress should act overnight. The
effect of longer consolidation time must be evaluated
by judgement, including the experience referenced
above. The examples above are for reconstituted sam-
ples with no preshearing. One should be aware that
the effect is likely to be less on intact samples and
on samples with preshearing. One should also keep in
mind that samples can lose this ageing effect if they
are consolidated above their apparent preconsolidation
pressure.

9.3  Load period

The results presented in this paper are from tests with
10 s load period, unless specifically stated. 10 s is typ-
ical for wave loading. For other types of loading, the
load period can go from less than 1s to much longer
than 10 s, as mentioned in Section 3.
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Figure 9.3. Ratio between number of cycles to failure with
1, 100 and 1000 s load period and number of cycles to fail-
ure with 10 s load period for given cyclic and average shear
stresses. Various clays.

The effect of load period on number of cycles to
failure for clay is summarized in Figure 9.3. The figure
contains triaxial and DSS data from clay with plasticity
indeces in the range I, = 33 to 90%, including triaxial
tests on Onspgy clay with I, =33% (Wichtman et al.
2013), triaxial tests on Wenzhou clay with I, =36%
(Li et al. 2011) and DSS tests on a quick clay with
I, = 11% and a sensitivity of S; > 75. The figure shows
the ratio between number of cycles to failure for a
given load period, T, and number of cycles to failure
for T =10s, N¢ 1/N¢ 1=105. There is scatter in the data,
but the ratio decreases with increasing load period. For
instance, the number of cycles to failure for a 1s period
will be about 8 times the number of cycles to failure
for 10 s, and the number of cycles to failure fora 100 s
period will be 0.03 to 0.8 times the number of cycles
to failure for 10s, i.e. 1.5 to 30 10s cycles will be
equivalent to one 100 s cycle. The effect of load period
is smaller for symmetrical cyclic loading (t, = 0) than
for |7,| > 0, and there is no clear difference between
DSS and triaxial tests. Although it is not shown in
the figure, no clear effect of plasticity was found for the
plasticity range covered. This is in agreement with the
findings for static shear strength (Lunne & Andersen
2007).

Cyclic tests on sand seem to indicate no significant
effect of load period in triaxial and DSS tests in the
range 0.25 to 60 s (Lee & Vernese 1978) and in triaxial
tests in the range 1 to 20 s (Tatsuoka et al. 1986a).

No systematic data has been found for silt, but
it seems reasonable to expect an effect somewhere
between that for clay and sand, depending on the grain
size distribution.

10 STATIC STRENGTH CORRELATIONS

As mentioned in Sections 5.2 and 7.9, monotonic
test data is required to construct the cyclic contour
diagrams in order to define the intersections of the
contours with the horizontal axis. Monotonic data also
provide a useful reference for the cyclic soil parame-
ters, and the static shear strength is used to normalize
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Figure 10.1. Static shear strength in DSS tests on nor-

mally consolidated sand and silt (<10% clay content) as a
function of relative density after consolidation. Upper: Data
points indicate fines content. Lower: Data points indicate clay
content.

the cyclic parameters for clays. Monotonic parame-
ters can also be needed if the cyclic load history or the
drainage conditions are such that there is little pore
pressure generation prior to or during the maximum
wave.

This section first presents correlations for the
undrained static strength of normally consolidated
soils, starting with silt and sand and followed by clays.
Thereafter, correlations for the effect of overconsoli-
dation are presented. Drained strength parameters for
silt and sand are given in the last subsection.

10.1 Static DSS strength of NC sand and silt

The undrained static shear strength of normally con-
solidated sand and silt is presented as a function of
relative density in Figure 10.1 and as a function of
water content in Figure 10.2. The relative density and
the water content are the values after consolidation.
The use of relative density or water content as the cor-
relation parameter is discussed in Section 9.1.2. One
should be cautious about using Figure 10.1 when the
fines content exceeds 15%.
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Figure 10.2. Static shear strength in DSS tests on nor-
mally consolidated sand and silt (<10% clay content) as a
function of water content after consolidation. Upper: Data
points indicate fines content. Lower: Data points indicate clay
content.

The tests have been run on normally consolidated
samples that are either “intact” or prepared by moist
reconstitution. In cases with “intact” samples, the
specimens are loaded so far above the in situ stresses
that they experience volumetric strains that break down
any in situ preconsolidation effect. The data contains
soils with clay content less than 10%.

The shear strength, t¢, has been defined as the peak
shear stress for cases with strain softening. The shear
stress at a large shear strain is given where no clear
peak is observed. Large shear strain has generally been
defined as a shear strain of 15%, but some of the tests
with very high density dilated strongly and did not
reach 15% shear strain. The shear strength was in these
cases defined as the shear stress at a shear strain of 5
or 7.5%. These shear strengths are all very high, and
the deviation from the general failure criterion is not
believed to be of practical consequence.

The shear strength will depend on the vertical effec-
tive consolidation stress, oy, but the ratio 7¢/o7, will
increase with decreasing o). The shear strength in
Figures 10.1 and 10.2 is therefore normalized to a ref-
erence stress o, = Pa - (04./pa)", as defined in Section
7.8. Different values of n were evaluated. The best fit



with the data was found when varying n between 0.1
and 0.9 as indicated in Figures 10.1 and 10.2. The data
include tests with vertical consolidation stress in the
range of o), =5 to 800kPa, but most of the data are
in the range of o), = 150 to 400 kPa. The figures are
thus less reliable outside this range.

The number above each data point is the fines
content (upper diagrams) and the clay content (lower
diagrams). The fines content varies from 0% (clean
sand) to 50%. The clay content varies from 0% to 9%.

The data in Figures 10.1a and 10.2a show that the
undrained static shear strength decreases with increas-
ing fines content. Estimated curves for fines content
less than 5% and fines content of 20% and 35%
are included in the figures. This effect of fines con-
tent is in agreement with the effect of fines content
reported by Yang et al. (2005) and Papadopoulou &
Tika (2008). They found that the cyclic shear strength
in isotropically consolidated triaxial tests at constant
water content and consolidation stress decreased when
the fines content increased from 0% to about 35%.
When the fines content increased beyond about 35%,
the strength increased again. The curve for 35%
fines content is thus expected to represent a lower
limit.

Half of the samples were not presheared. The other
half were presheared with 250 to 400 cycles at a cyclic
shear stress of 7cy/0y, =0.04 to 0.15. The curves are
valid for tests with moderate preshearing with 400
cycles at a cyclic shear stress of 7¢y/07, = 0.04 or less.

Hight & Leroueil (2003) presented data indicating
that silt will have increased tendency for dilation with
increasing sand content and decreasing clay content.
For the tests included in this study, there is some corre-
lation between silt and clay content, and it can be seen
from Figure 10.1b and 10.2b that the curves for <5%,
20% and 35% fines content would be consistent with
curves with clay content of about 0, 3 and 9%.

One data point for soil with 20% fines content
gives a higher normalized strength than the rest of the
data when plotted against relative density. This may
be related to uncertainty in the determination of the
relative density for soil with higher fines content. The
data for this soil agrees better with the rest of the data
when plotted versus water content.

Figure 10.3 shows results from tests with fines
content higher than 35% plotted together with the rec-
ommended curves in Figure 10.2. Figure 10.3b shows
that the clay content is higher than 10% for these
tests. The shear strength for these soils is generally
higher than that for 35% fines and is relatively inde-
pendent of water content. The shear strength of soils
with fines content greater than 35% should rather be
determined based on the plasticity index, as discussed
in Section 10.3.

10.2  Static shear strength anisotropy, sand and silt

The undrained shear strength of triaxial compression
and extension tests are plotted together with the DSS
shear strength in Figure 10.4a, as functions of both
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relative density and water content. There are more
data relating to water content than to relative density,
because relative density was not measured on the soil
with higher fines content. When looking at the dia-
grams one should compare the results of tests with
similar fines content. Some of the very dense sands
could not be brought to 15% shear strain due to limi-
tations in the equipment, and for very dense sands the
shear strength has been taken as the shear strength at
5% shear strain.

The plots show that the triaxial compression
strength is significantly higher than the DSS strength
for tests with the same fines content. The ratio between
triaxial compression and DSS strengths varies, but is
typically about 5, which is much higher than for clays.

There are fewer data for triaxial extension strength,
but the values seem to be about the same as, or slightly
higher than, the DSS strength. This conclusion seems
more consistent for water content than for relative
density.

The triaxial data in the diagrams are for relatively
high relative densities and low water contents, and
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the anisotropy ratios may decrease with decreasing
relative density and increasing water content.

Sets of DSS, triaxial compression and triaxial exten-
sion tests are available for Baskarp sand, Dogger Bank
sand and Sand 3. The anisotropy ratios for these
soils types are given in Table 10.1 and plotted in
Figure 10.4b. Results for Sand 3 are more uncertain
than the others, as the DSS and triaxial tests are not at
exactly the same density, and interpolation of strengths
was necessary. Sample preparation was also different
for Sand 3, with moist tamping of DSS and pluviation
of triaxial samples. In order to have comparable data,
the shear strengths were taken as the shear stress at 5%
shear strain, apart from the lower density Sand 3 where
a failure shear strain of 10% was used. The anisotropy
ratios for these sands confirm the anisotropy ratios
estimated from Figure 10.4 with the ratio for com-
pression and DSS varying between 2 and 7, and for
extension and DSS between 0.5 and 1.5. The average
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Figure 10.4b. Undrained static shear strength anisotropy.
Sand and silty sand.

Table 10.1. Undrained static shear strength anisotropy.
Sand, silty sand and Drammen clay.

Dr w o
Sand % % % DSS C E C/DSS E/DSS
Baskarp1) 95 198 5 16 11 24 69 1.5
No fines
Dogger 100 223 5 35 =10 29 =285 0.83
Bank 2)
No fines
Dogger 78 244 5 175 9 25 5.1 1.4
Bank 2)
No fines
Dogger 80 243 5 27 12 325 444 1.2
Bank 2)
OCR=4
No fines
Dogger 100 17.7 5 32 10.8 33 338 1.03
Bank 2)
20% silt
Dogger 80 20 5 19 65 14 342 0.74
Bank 2)
20% silt
Sand 3 91 208 5 145 28 15519 1.1
Sand 3 65 255 10 1.35 2.87 0.68 2.1 0.5
Clayeysilt - 21.5 15 0.34 046 022 14 0.7
10%<0.002
45%<0.06
Clayeysilt — 245 15 0.57 0.77 0.40 138  0.67
OCR~6
10%<0.002
45%<0.06
Drammen - — 15 0.22 0.33 0.16 1.5 0.72
clay

1) Andersen & Berre (1999); 2) Blaker & Andersen (2015)

ratios for Baskarp sand (D, =95%) and the Dogger
Bank sand with no fines (D; =100% and 78%) are
>5 between compression and DSS and 1.2 between
extension and DSS. The lower ratios were found for
Sand 3. One should keep in mind that the ratios
for Sand 3 may be less representative, as mentioned
above.

Strength anisotropy of clay is discussed in Section
9.1.1, but data for a clayey silt and Drammen clay are
included in Table 10.1 in order to link the anisotropy
ratios for sand and silt to anisotropy ratios for clay.
The data show that the anisotropy ratios are lower for
clayey soils and that the DSS strength becomes closer
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mally consolidated clay (>10% clay content) as a function
of consolidation stress.

to the average strength than it is for sand and silt. The
data from cyclic tests in Figure 12.19 also indicate that
the strength anisotropy decreases with increasing fines
content.

10.3  Static DSS strength of NC clay

The undrained static DSS shear strength of normally
consolidated clays from 81 tests on clays from 10 dif-
ferent locations with plasticity index varying from 3%
to 77% is plotted as a function of consolidation stress
in Figure 10.5. Normally consolidated specimens were
produced by consolidating the specimens above the in
situ preconsolidation stress.

The plots indicate that the normalized undrained
DSS shear strength tends to decrease with increas-
ing consolidation stress and increasing plasticity. The
curve fitted for a plasticity index of I, = 25% assumes
that the shear strength ratio t¢/oy, is inversely pro-
portional to o}s, where n=0.9. The exponent n=0.9
indicates a smaller effect of o} than for sand and silt,
where n=0.5 was found to give the best fit with the
data.

Quiros et al. (2000) also plotted the static shear
strength from normally consolidated DSS tests as a
function of consolidation stress. Their data included
172 tests on clays with plasticity index between
I, = 14% and 101%. Their average curve corresponds
to an exponent of n=0.9, as the curve in Figure 10.5.
They did not find a clear effect of I, however, and their
average curve was about 12% lower than the curve for
I, =25% in Figure 10.5.

The data in Figure 10.5 are replotted in Figure 10.6,
presenting the shear strength normalized to the ref-
erence stress, o,.; =Py - (07./pa)" With n=0.9, as a
function of the plasticity index, I,,. The plot shows that
the normalized static shear strength increases some-
what with increasing plasticity index for a plasticity
index above I, =20 to 22%. For a plasticity index
below I, =20 to 22%, however, the normalized shear
strength increases significantly with decreasing plas-
ticity index. The increase in normalized strength with
decreasing plasticity has some similarity with the DSS
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Figure 10.6. Static shear strength in DSS tests on nor-
mally consolidated clay (>10% clay content) as a function
of plasticity index.

failure envelope inclination (Figure 10.11), the initial
shear modulus (Figure 11.5) and reloading constrained
modulus (Figure 16.4).

At low plasticity indexes (e.g. I, <15%), one
should also consider the correlations for sand and silt
(Figures 10.1 and 10.2).

10.4  Static shear strength anisotropy, clay

The shear strength anisotropy for clays depends on the
degree of sample disturbance. Anisotropy factors are
presented and discussed in Section 9.1.1.

10.5 Effect of OCR on static strength

The shear strength will depend on whether the soil has
experienced higher effective stresses than the present
ones. Ladd & Foot (1974) expressed the effect of
preconsolidation in the equation

Su/Gvc':(Su/Gvc')NC -OCR™

where this expression is valid for clay where the pre-
consolidation is due to a previous overburden. The
effect of overconsolidation ratio on the undrained tri-
axial compression, DSS and extension static shear
strengths of Drammen Clay presented in Andersen
(2004) is reasonably consistent with (s,/o7, )ne = 0.33,
0.21 and 0.16 and m =0.79, 0.83 and 0.88 for triaxial
compression, DSS and triaxial extension, respectively.

Figure 10.7 shows the ratio between shear strength
of overconsolidated and normally consolidated soils as
a function of OCR for 4 different soils. Drammen clay
is included with the label “plastic clay”. The effect of
OCR on the static shear strength differs considerably
for the four soils. The effect of OCR is significantly
smaller for the very dense sand than for plastic clay.
The reason is believed to be that very dense sand tends
to dilate even when it is in a normally consolidated
state, and the undrained shear strength is governed by
the increased effective stresses induced by the negative
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shear induced pore pressure, rather than by the ini-
tial effective stresses. Plastic clays will be contractive
in their normally consolidated state, becoming dila-
tive as the overconsolidation increases. Soils that are
contractive in their normally consolidated state, like
most clays, loose sands and loose silts will thus be
more influenced by OCR than dense sand and silt that
are dilatant already in the normally consolidated state.
Intermediate soils with dilatant behavior between clay
and dense sand plot in between. The dilatant behav-
ior of sand and silt, and thus the effect of OCR, also
depends on the effective stresses in the normally con-
solidated state. The effect of consolidation stress is less
pronounced for clays.

Figure 10.7 is valid for the case where the variation
in OCR 1is generated by varying the preconsolidation
stress, whilst keeping the consolidation stress the
same. Because of the non-linearity in s,/o}, =f(c],),
the effect of OCR on s,/ will be different if OCR is
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Figure 10.9. Friction angles for Dogger Bank sand for sand

with no fines and with 20% fines as a function of D; (upper)
and w (lower).

generated by keeping the preconsolidation stress con-
stant, whilst varying the consolidation stress. To go
from a constant consolidation stress to a constant pre-
consolidation stress, the vertical axis in Figure 10.7
shall be multiplied with OCR"~!, where n=0.5 for
sand and 0.9 for clay, as determined for static shear
strength in Sections 10.1 and 10.3, respectively.

For Drammen clay the anisotropy ratio s/sPSS
decreases from 1.57 to 1.44 and sE/sD5S increases from
0.76 to 0.85 as OCR increases from 1 to 10. The data
in Table 10.1 also show that the effect of OCR on
anisotropy ratios is small for the clayey silt and the
Dogger Bank sand with D, ~80%. However, these data
sets are too limited to draw firm general conclusions
about the effect of OCR on the anisotropy ratio.

The overconsolidation ratio is in this paper defined
as OCR =p,/o,,., and assumes that the soil is unloaded
from a vertical preconsolidation stress, p;, to its
present vertical effective stress, o.. In some situa-
tions, however, the soil may undergo an unload/reload
history where the soil has been unloaded from p; to
a vertical effective stress, o7, before it is reloaded to
o, =0, + Ao, This is the case for a gravity platform
installed on an overconsolidated clay with a preconsol-
idation stress, p. The vertical effective in situ stress
is then o7, before installation, and increases by Aoy,
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Figure 10.10. Slope of failure line, ¢/, in effective stress
path for drained and undrained monotonic DSS tests as a
function of D, (upper) and w (lower).

with time due to consolidation under the weight of the
platform, to o, =0, + Ady,.

The upper diagram in Figure 10.8 shows the
undrained DSS shear strength of Drammen clay as a
function of the vertical effective stress history. The
unloading curve is consistent with the data in Figure
10.8. The reloading curve shows that the shear strength
at a given o/, will be influenced if the clay has been at
a lower effective stress previously. The shear strength
will be lower if o, < ~200kPa, corresponding to
OCR~2, and somewhat higherifo;, > ~200kPa. The
data is used to make a more general estimate about the
effect of lower previous stress history in the lower part
of Figure 10.8.

10.6  Slope of failure envelope in effective stress
path plots

Triaxial friction angles for sand as a function of rela-
tive density and consolidation stress can be found in
Andersen & Schjetne (2013). Both peak and constant
volume drained friction angles (¢, and ¢, ), undrained
effective stress friction angle, ¢, and dilatancy angle,
Y, are given. The data are predominantly for quartz
sand with no or very little fines content. The effect of
fines has been investigated in triaxial tests on Dogger
Bank sand in the Schmertman Research Laboratory
at NGI by S. Quinteros in connection with his Mas-
ter Thesis at the University of British Colombia. The
tests were run on clean sand and on sand where 20%
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Figure 10.11. «’-value in undrained monotonic DSS tests as
a function of fines content, clay content and plasticity index.

fines were added. The results are plotted in Figure 10.9
which also includes results from Blaker & Andersen
(2015). The majority of the tests were run undrained,
but some drained tests are also included. The tests were
prepared by moist tamping and consolidated to a ver-
tical effective stress of o}, =200kPa and K{, =0.45.
Some tests were overconsolidated to an OCR =4 and
run at o, =200kPa and K{, = 1. The friction angles
for Dogger Bank sand confirm that the peak drained
friction angle is greater than the undrained effective
stress friction angle, but values generally plot above
the data in Andersen & Schjetne (2013). Since the dia-
grams in Andersen & Schjetne (2013) are based on a
much larger data base with different sands, it is recom-
mended to use that reference to select friction angles
for design. Nonetheless, the data in Figure 10.9 reveal
interesting results about the effect of fines. There is
essentially no effect of fines when comparing friction



angles as a function of relative density, but a clear
effect when comparing results as a function of water
content.

Data for the slope of the failure envelope, o,
in DSS tests (Figure 6.8) are plotted as a func-
tion of relative density and water content for both
drained and undrained conditions in Figure 10.10. The
data for drained conditions contain sand with fines
content between 0 and 20%. The vertical consolida-
tion stress ranges from 5.4 to 250kPa. The data for
undrained conditions contain sand, silt and clay with
consolidation stress ranging from 30 to 1300 kPa.

For drained conditions, &’ depends strongly on the
vertical consolidation stress, increasing with increas-
ing relative density and decreasing with increasing
water content. There is also a tendency for & to
decrease with increasing fines content. The curves are
estimates for 0 to 10% fines content.

For undrained conditions, ¢’ increases slightly with
relative density, but is essentially independent of water
content. Undrained o’ was determined at relatively
high effective stresses where the soil dilates and was
found to be essentially independent of the vertical
consolidation stress.

The «'-value for undrained conditions is also plot-
ted as a function of fines content, clay content and
plasticity index in Figure 10.11. The plots show that
the undrained o' is essentially constant for fines con-
tent below 70% and clay content below 30%. Above
these limits, o’ deceases linearly with increasing fines
and clay content. o deceases linearly with increasing
plasticity index. There are different number of data
points in the three diagrams in Figure 10.11, because
fines content, clay content and plasticity index were
not available for all the points.

11 MONOTONIC STRESS-STRAIN
CHARACTERISTICS
11.1  Normally consolidated sand and silt

The comparison of the stress-strain curves for very
dense Baskarp sand presented in Figure 11.1 gives
an impression of the difference between drained and
undrained stress strain behavior and the stress-strain
anisotropy of very dense sand. The samples were con-
solidated with K¢ =0.45, giving 19=0.5-07,- (1 —
Ko) =0.275 - o/,.. The tests were run by increasing the
vertical stress in compression and increasing the hor-
izontal stress in extension. The drained stress strain
behavior will be different if the drained tests are run
by decreasing the normal stresses (see Figure 6.8).

The plot for the triaxial tests is in terms of vertical
strain. The shear strain will be 1.5 times the vertical
strain in the undrained case. In the drained tests the
vertical strain is influenced by the volumetric strains
due to change in octahedral stress and dilatancy. Vol-
umetric strains can be calculated with the constrained
moduli in Section 16 and the dilatancy parameters in
Andersen & Schjetne (2013).
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Figure 11.1. Stress-strain relations for drained and

undrained monotonic triaxial compression and extension
tests (upper) and DSS tests (lower) on very dense normally
consolidated Baskarp sand.

The curves in Figure 11.1 show that the stress-strain
behavior is highly non-linear and highly anisotropic.
The drained and undrained stress-strain curves are sim-
ilar until the effective stress paths approach the failure
envelope. Then the undrained tests dilate and excessive
shear strains do not develop within shear stresses of
practical interest. The extension test does exhibit soft
behavior just after the shear stress is reversed, but the
stiffness increases again as the shear strain increases.
The drained extension test is temporarily stiffer than
the undrained test, but this would not have been the
case if the test had been run by decreasing the verti-
cal stress, which can be the case in some prototype
situations.

Figure 11.2 shows the additional shear stress, T —
79, applied after consolidation in the undrained tests.
The shear stress is normalized to the reference stress,
o/.¢» and an anisotropy factor f. The anisotropy factors
that give the best fit of triaxial compression and exten-
sion curves with the DSS curve are f = 0.33 for triaxial
compression and 0.85 for triaxial extension. The figure
shows that the use of the anisotropy factors bring the
curves closer together, but there is still some difference
between the three curves, and the anisotropy also varies
with shear strain. The anisotropy factors indicate that
the shear stiffnesess for compression and extension
are generally higher than for DSS. The stress-strain
anisotropy may be smaller for looser soils.

The stress-strain behavior will be less dilatant for
lower relative density and increasing fines content (e.g.
Blaker & Andersen 2015).
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Figure 11.2. Normalised stress-strain relationships for
undrained monotonic triaxial and DSS tests. Very dense nor-
mally consolidated Baskarp sand (based on Andersen et al.
1994).

An estimate of stress-strain behavior in DSS tests
on sand with different relative densities is presented
in Figure 11.3. The estimate is based on interpolation
and extrapolation of data from various sands and silts
in NGI’s data base. This involves considerable uncer-
tainty, and the curves should be used for guidance
only.

The curves are given for different values of
(t¢/0}¢)N=10Ta = 0 and can be related to relative den-
sity and water content through the diagrams for static
shear strength in Figures 10.1 and 10.2. The expo-
nent in the reference stress used for normalization is
consistent with the values established in Section 10.1,
ie.n=0.11t00.9.

11.2  Normally consolidated clay

The stress-strain behavior of clay is also highly
anisotropic and non-linear, as seen for normally con-
solidated Drammen Clay in Figure 11.4. In contrast to
the very dense sand (Figure 11.1), however, the nor-
mally consolidated clay exhibits a definite failure and
strain softening, especially in compression. The stress-
strain behavior is sensitive to sample disturbance, as
shown in Lunne et al. (2006).

11.3  Effect of OCR on stress-strain
characteristics

The effect of overconsolidation ratio on the stress strain
relationship of clay is illustrated in Figure 11.4. It
can be seen that the shear strain at a given degree
of shear strength mobilization, t/s,, increases with
increasing OCR, meaning that the normalized secant
modulus, G/s,, decreases with increasing OCR for
a given degree of strength mobilization. The effect
of OCR is less significant for very dense sand. The
effect of OCR on shear modulus is further illustrated
in Figure 13.24 and discussed in Section 13.7, both for
monotonic and cyclic loading.
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undrained monotonic tests on Drammen Clay with different
overconsolidation ratios (based on Andersen et al. 1988).
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Figure 11.5. Initial shear modulus normalized by sDSS

(upper) and oy (lower) as a function of plasticity index, I,
and overconsolidation ratio, OCR.

11.4  Initial shear modulus, G,y

The initial shear modulus from shear wave velocity
measurements on a number of clay samples with dif-
ferent plasticity and overconsolidation ratio is plotted
as a function of plasticity index and overconsolidation
ratio in Figure 11.5. The initial shear modulus is nor-
malized by the undrained DSS strength in the upper
diagram and by the reference stress, oy, in the lower
diagram. The same exponent, n=0.9, as for static
strength of clay is applied. There is scatter in the data,
but still a clear trend for normalized values to decrease
with increasing plasticity index. Giax/sPSS decreases
and Gmax/a;ef increases with increasing OCR. Best
estimate values can be expressed by

Gimax/su”58 = (30+300/(Ip/100+0.03))-OCR% and
Gmax/Gret'= (30+75/(I/100+0.03))- OCR??

The equations should be used with care outside the
range of plasticity index that they are drawn for in
the diagrams. One should also consider the scatter
indicated in the diagrams when using the expressions.
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The data in Figure 11.5 and the expressions above
are valid for tests where overconsolidation is generated
by unloading the vertical effective stress. The effec-
tive stress can also be reduced due to pore pressure,
up, generated by cyclic loading, giving an equivalent
overconsolidation defined as

OCReq=0VCV/(O'Vc"uP).

Gmax measured in cyclic tests where the pore pres-
sure is recorded, show that Gy, is lower in a cyclic
test than in a test where the vertical stress is reduced
by unloading, probably due to some disturbance to the
soil structure due to the cyclic strains. Based on Gy«
measurements during and after undrained cyclic DSS
tests on soft clays with I, =16% and 45% and the
quick clay in Section 16, it was found that the fol-
lowing expression would apply for these clays when
the overconsolidation is caused by pore pressure from
cyclic loading:

Gmar/Gret'= (30+75/(Ip/100+0.03)) OCReg

This expression can be applied to calculate the ini-
tial shear modulus during a cycle, like in the model
proposed by Kaynia & Andersen (2015) in Section
18.5. The reduction in Gy, due to cyclic loading is
in line with the recommendation in Section 16 that
the constrained reloading modulus to calculate volu-
metric strains due to dissipation of cyclically induced
pore pressure should be reduced to 2/3 of the reloading
measured in a conventional oedometer.

12 CYCLIC STRENGTH CORRELATIONS

12.1  Cyclic DSS shear strength of normally
consolidated sand and silt
12.1.1  Symmetrical cyclic loading (t, = 0) and

N=10

The cyclic shear strength of sand and silt for 10 load
cycles is presented as a function of relative density
in Figure 12.1 and as a function of water content in
Figure 12.2. The relative density and water content
values are the values after consolidation. The number
above each data point shows the fines content (upper
diagrams) and the clay content (lower diagrams). The
fines content varies from 0% (clean sand) to 81%. The
clay content varies from 0% to 10%. More data points
are available versus water content than versus relative
density, because relative density is not defined for the
soils with the highest fines content.

The shear strength has been normalized to the refer-
ence stress, o/,; = Pa - (0,./pa)", as defined in Section
7.8. An empirical exponent of n=0.9 was found to
give the best fit for the cyclic shear strength, as com-
pared to n=0.5 for the static shear strength (Section
10.1). This difference in exponent value means that
the effect of o, on the normalized shear strength is
less for cyclic than for static shear strength. The data
include tests with consolidation stress in the range of



o0/, =40to 710 kPa, but most data are within o, = 100
to 250 kPa. The curves are thus most representative for
the range of o, = 100 to 250 kPa.

The tests have been run on “intact” samples and on
samples prepared by moist reconstitution. The sam-
ples are normally consolidated. In cases with “intact”
samples, the specimens are loaded so far above the in
situ stresses that the volumetric strains should break
down any in situ preconsolidation effect.

The cyclic loading has been stress controlled with
symmetrical cyclic loading and 10 s load period. Six of
the samples were not presheared. The other 28 samples
were presheared with 200 to 400 cycles ata cyclic shear
stress of 7oy/07,, = 0.04 t0 0.1. The curves are valid for
tests with moderate preshearing with 400 cycles at a
cyclic shear stress of 7y/07,, = 0.04 or less.

The cyclic shear strength has been defined as the
cyclic shear stress at a large cyclic shear strain, gener-
ally 15%. However, some of the tests with very high
density did notreach 15% shear strainin 10 cycles even
when a high cyclic shear stress was applied. The shear
strength was in these cases defined as the shear stress
at a shear strain of 5 or 7.5%. These shear strengths
were all very high, and the deviation from the gen-
eral failure criterion is not believed to be of practical
consequence.

The data in Figures 12.1 and 12.2 show the same
tendencies as the static shear strength, with cyclic
shear strength decreasing with increasing fines con
tent. Estimated curves for fines content less than 5%
and fines content of 20% and 35% are included in the
figures. The curve for 35% fines content in Figure 12.1
is uncertain because relative density determination is
questionable for such high fines content, and the lack
of data on relative density for tests with fines content
above 23%. This curve is therefore estimated from the
correlation with water content (Figure 12.2) and the
data for static shear strengths. As for the static shear
strength in Section 10.1, the curve for 35% fines con-
tent is expected to represent a lower limit, with the
cyclic shear strength increasing again when the fines
content increases above 35%. One data point for soil
with 20% fines content gives a higher strength than
the rest of the data. This is the same soil that showed
a tendency for high static strength, and may be related
to uncertainty in the relative density determination for
soil with high fines content, as mentioned in Section
10.1. The data for this soil agree better with the rest of
the data when plotted versus water content.

The cyclic shear strength curves are compared to the
static shear strength curves in Figure 12.3. Figure 12.4
shows the ratio between the cyclic shear strength after
10 cycles and the static shear strength. The compar-
isons are valid for o}, = 100 kPa. The comparison will
vary with consolidation stresses because the exponent
n in o}, is different for cyclic and static strengths.

The comparison shows that the cyclic shear strength
for 10 cycles is smaller than the static shear strength.
The ratio of cyclic to static strength decreases with
decreasing fines content, increasing relative density
and decreasing water content. The reason is that the
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Figure 12.1. Cyclic shear strength for 10 cycles with sym-

metrical cyclic loading in DSS tests on normally consoli-
dated sand and silt as a function of relative density after
consolidation. Upper: Fines content. Lower: clay content.

static shear strength relies more than the cyclic strength
on dilation with decreasing fines content, increasing
relative density and decreasing water content.

12.1.2  Effect of number of cycles
The cyclic shear strength diagrams in the preceding
sections are for 10 load cycles. The cyclic shear stress
to failure for other numbers of cycles can be deter-
mined by means of Figure 12.5. Normally consolidated
Drammen clay is included as reference.

The greatest effect of number of cycles occurs for
the strongest soils.

12.1.3  Non-symmetrical cyclic loading (v, > 0)

The cyclic shear stress at failure and the cyclic shear
strength will depend on the average shear stress, 7,, as
explained in Section 7. Figures 12.6 to 12.10 present
five examples of combinations of average and cyclic
shear stresses that cause failure in DSS tests on sand
or silty sand after different number of cycles N =1,
10, 100 and 1000). Four of the examples are for clean
sand. Grain size characteristics for the different soils
are presented in Table 7.1. The upper diagrams are for
the case when Art, is applied under drained condi-
tions and the lower diagrams are for undrained Av,. It
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Figure 12.2. Cyclic shear strength for 10 cycles with sym-
metrical cyclic loading in DSS tests on normally consolidated
sand and silt as a function of water content after consolidation.
Upper: Fines content. Lower: clay content.

was generally difficult to bring the very dense samples
to 15% shear strain during undrained cyclic loading,
and the “failure contours” are presented for 3% shear
strain for the Baskarp sand and 5% shear strain for the
Dogger Bank sand. The fifth example is a medium
dense sand where At, is applied undrained, and the
failure strain is 15%.

The contour plots for drained and undrained At,
have the same intersection points at the vertical axis.
For the dense sands, the contours for undrained At,
show considerably higher cyclic strength than the con-
tours for drained At, when 7, is large enough for the
failure mode to result from large average shear strain.
This is due to shear-induced dilatancy under undrained
conditions. The dense Dogger Bank and Baskarp sands
generally show similar behavior, apart from the con-
tours at high t,, where the Dogger Bank sand shows
higher cyclic strength than Baskarp sand. The differ-
ence is partly due to the difference in shear strain used
to define failure. The Baskarp contours would proba-
bly look even more like the Dogger Bank contours if
they had been drawn for 5% shear strain. Another rea-
son is that Baskarp sand was the first very dense sand
to be tested under these shear stress conditions. There
was also limited Baskarp test data in the region with
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Figure 12.3. Cyclic shear strength for 10 cycles with sym-
metrical cyclic loading compared to static shear strength
as a function of relative density (upper) and water content
(lower). DSS tests. Normally consolidated sand & silt. Valid
for o), = 100 kPa.

high ,. The Baskarp contours were therefore drawn
on the conservative side. The Dogger Bank sand is
therefore the most representative for very dense sand
in the region with high t,.

The fifth example (Figure 12.10), which is for a
lower density sand, does not show the same increase
in cyclic shear strength with undrained Az, as the
very dense sand, and the shear strength is considerably
lower than for the dense sands.

A collection of N =10 failure contours for sands
and silts with different densities is presented in Fig-
ures 12.11 and 12.12, for undrained and drained At,,
respectively. Grain size characteristics for the different
soils are presented in Table 7.1. The intersection with
the horizontal axis for drained Az, can be determined
by the drained shear strength defined in Figure 6.8
and the failure line angles in Figure 10.10. Normally
consolidated Drammen clay is included for reference
in the diagram for undrained At,. A failure strain of
15% is used for the lower density soils (D, < 80%).
As discussed earlier, it is difficult to bring very dense
soils to 15%, and a failure strain of 5% is used for
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the very dense soils. For the very dense Baskarp sand
a lower failure strain criterion of 3% is used. Figure
12.13 shows the effect of failure strain criterion of 5%
versus 15% for two sands with 59% and 86% relative
density. The effect of failure strain criterion increases
with increasing relative density.

Comparison of Figures 12.11 and 12.12 confirms
that there can be a significant effect of whether the
average shear stress is applied drained or undrained.
This is further illustrated for some examples in Fig-
ure 12.14. The effect of drained vs. undrained Art, is
small when cyclic shear strain is the governing fail-
ure mode, but the difference can become significant
when the average strain becomes governing. The effect
increases with increasing density, and for high rela-
tive densities the cyclic strength (¢ ¢y = (Ta + Tcy)r)
for undrained At, can be significantly larger than for
drained At,. For lower relative densities, however, the
cyclic strength can be lowest for undrained At,. The
effect increases with increasing shear strain, as can be
seen from the upper diagram in Figure 12.14, where
the comparison is made for failure strains of 5% and
15% for one of the sands.

Based on interpolation and extrapolation of the data
in Figures 12.6 to 12.14 and other data on different
sands and silts in NGI’s data base, failure contour
diagrams for sand and silt of different densities are
sketched in Figures 12.15 and 12.16 for undrained
and drained Art,, respectively. The construction of the
diagrams involves considerable uncertainty, and the
contours should be used with caution.
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Figure 12.5. Cyclic shear stress at failure as a function of
number of cycles in DSS tests with 7, =0 on normally con-
solidated sand and silt. o}, =85-710kPa. Upper: .y t/o7,
vs. Nr. Lower: Normalized to 7.y ¢ for N =10 (Adapted from
Andersen 2009).

The diagrams are given for different values of
(Tey,i/0pe¢)N=10 for T, =0 and can be related to rela-
tive density and water content through the diagrams
for cyclic shear strength in Figures 12.1 and 12.2.

The exponents in the reference stress used for nor-
malization are consistent with the values established
in Sections 12.1.1 and 10.1; i.e. n=0.9 for 7.y on the
vertical axis and n=0.1 to 0.9 for undrained 7, on
the horizontal axis in Fig 12.15. n=0.9 is used for
the drained 7, on the horizontal axis in Figure 12.16.
This gives an intersection of the failure curves with
the horizontal axis in Figure 12.16 which is reason-
ably consistent with the drained static shear strength
based on the angle of the drained failure envelope, o',
in Figure 10.10.

Cyclic strain contours for the same conditions are
presented in Figure 13.1, pore pressure contours in
Figure 14.1, and average and cyclic shear strain
contours in Figures 13.2 to 13.11.

12.2  Cyclic triaxial shear strength of normally
consolidated sand and silt

12.2.1 Cyclingatt,=t9pand N=10

Figures 12.17 and 12.18 compare the cyclic shear
stress, Tey r, at failure for 10 cycles in anisotropically
consolidated triaxial tests with 7, =1y to DSS tests
with 7, =0. 7y is the shear stress during consolida-
tion. Seven of the samples were prepared dry. The rest
were intact samples or prepared wet. Preshearing was
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Figure 12.6. No. of cycles to “failure” (y=3%) as a
function of average and cyclic shear stresses. DSS tests. Nor-
mally consolidated very dense Baskarp sand (Andersen &
Berre 1999). Upper: Drained Avt,. Lower: Undrained Ar,.
0/, =250kPa. Preshearing: 400 cycles at z.,/0},, =0.1.

not applied for the two dry samples with the lowest
strength and for two of the wet samples with 30% fines
content. The third soil with 30% fines was presheared
with 400 cycles of 7.y/07,, = 0.1. This soil had a cyclic
shear stress at failure between the other two. The rest
of the samples were presheared with 200 to 400 cycles
at a cyclic shear stress in the range 7,/0}, =0.05
to 0.08.

One of the soils with 20% fines content gives a
higher strength than the rest of the data when plot-
ted as a function of relative density. This is the same
soil that exhibits DSS and triaxial static strengths and
DSS cyclic strength on the high side compared to the
rest of the data. As speculated previously, this may be
related to uncertainty in the relative density since the
agreement is better when plotted as a function of water
content.

Several of the cyclic triaxial tests were performed on
soil that was also used for cyclic DSS testing, and the
ratio between cyclic shear stresses at failure in these
triaxial and DSS tests is plotted in Figure 12.19. The
ratio varies between 1 and 3 with an average of 1.78
and a standard deviation of 0.55. There is some ten-
dency for reduction in the ratio with increasing fines
content, but no clear relation to other parameters such
as relative density.

The plots in Figures 12.17 and 12.18 present best
estimate curves for triaxial cyclic shear stress that
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Figure 12.7. Cycles to “failure” (y =5%) as a function
of average and cyclic shear stresses. DSS tests. Normally
consolidated very dense (D; ~105%) Dogger Bank sand.
No fines. (Blaker & Andersen 2015). Upper: Drained At,.
Lower: Undrained At,. o), =200kPa. Preshearing: 400
cycles at 7.y/0y, = 0.06.

cause failure after 10 cycles. These curves are estab-
lished by multiplying the DSS curves by 1.78 for fines
content of <5% and 20% and by 1.5 for 35% fines
content.

One should keep in mind that the cyclic failure
stress in the triaxial tests in Figures 12.17 and 12.18
is the cyclic stress component when 7, = 7. To estab-
lish the cyclic shear strength, the initial shear stress,
79, shall be added for compression and subtracted for
extension. This is discussed further in Section 12.5.

12.2.2  Effect of number of cycles

The cyclic shear strength diagrams in the preced-
ing sections are for 10 load cycles. The cyclic shear
stress to failure for other numbers of cycles can
be determined by means of Figure 12.20. Normally
consolidated Drammen Clay is included as areference.

12.2.3  Average shear stress different from initial
shear stress (T, # Tp)

Five examples of combinations of average and cyclic

shear stresses that cause failure in triaxial tests on

clean sand after different numbers of cycles are pre-

sented in Figures 12.21 to 12.25. The upper diagrams

are for undrained At,, and the lower diagrams are
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Figure 12.8. No. of cycles to “failure” (y=5%) as a

function of average and cyclic shear stresses. DSS tests. Nor-
mally consolidated medium dense (D, ~ 77%) Dogger Bank
sand. No fines. (Blaker & Andersen 2015). Upper: Drained
At,.Lower: Undrained At,. o], =200 kPa. Preshearing: 400
cycles at t.y/o},, = 0.06.

for drained Art,. As discussed earlier, it was diffi-
cult to bring the very dense samples to 15% shear
strain during undrained cyclic loading, and the “fail-
ure contours” are presented for <3% shear strain for
the Baskarp sand, 5% shear strain for the dense Sand
3 (D, ~ 89%) and Dogger Bank sand, and 10% shear
strain for the medium dense Sand 3 (D, ~ 62%). The
shear strain was set to 1.5 times the vertical strain,
which is an approximation for y, in the drained case,
as also discussed in Section 13.4.

The contours for drained and undrained A7, exhibit
significant differences, as also seen for the DSS tests
in Section 12.1.3. The contours have the same inter-
sections at the vertical section at 7, =1j, but the
intersection at the horizontal axis depends strongly
on whether Art, is applied drained or undrained. The
intersections with the horizontal axes are defined by
the static compression and extension shear strengths.
For drained conditions, the drained shear strengths
depend on whether the tests are sheared to failure by
increasing or decreasing the normal stresses. The dif-
ferent drained stress paths and the corresponding shear
strengths are illustrated in Figure 6.8.

The Baskarp sand shows relatively less gain in
strength with increasing A, than the other sands. This
is because the Baskarp contours were drawn on the
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Figure 12.9. No. of cycles to “failure” (y = 5%) as a func-
tion of average and cyclic shear stresses. DSS tests. Overcon-
solidated (OCR=4) medium dense (D, ~ 77%) Dogger Bank
sand. No fines. (Blaker & Andersen 2015). Upper: Drained
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Figure 12.10. No. of cycles to failure (y = 15%) as a func-
tion of average and cyclic shear stresses. DSS tests. Normally
consolidated silty sand with w ~ 24% (Sand 31). Undrained
At,. o], ~ 360 kPa. No preshearing.

conservative (i.e. low) side, as discussed in section
12.1.3.

Average and cyclic shear strain contours for
Baskarp sand and Sand 3 are presented in Figures
13.12 to 13.21, and pore pressure contours in Figure
14.2 to 14.10.
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Figure 12.12. Average and cyclic shear stresses that give
failure in 10 cycles in DSS tests on different normally
consolidated sands and silts. Az, applied drained.

A collection of N =10 failure contours for sands
and silts with different densities is presented in Fig-
ures 12.26 and 12.27. Grain size characteristics for
the different soils are presented in Table 7.1.
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Figure 12.13. Effect of failure criterion on shear stresses
that give failure in 10 cycles in DSS tests on normally con-
solidated sands with 59% and 86% relative density. Upper:
Drained At,. Lower: Undrained At,.

Figure 12.26 shows contours for sands where
the change in average shear stress, At,, is applied
undrained. The upper figure shows data for high den-
sity soils (D, > 80%) and the lower figure shows data
from tests with lower density. The data for sand with
D, = 65% is included in both plots for reference. Nor-
mally consolidated Drammen clay is included in the
lower density diagram for comparison with clays. A
failure strain of 15% is used for the lower density soils,
apart from the soil with D, = 65%, where 10% is used.
As discussed earlier, it is difficult to bring very dense
soils to 15% shear strain, and a failure strain of 5%
is used for the very dense soils. For Baskarp sand a
failure criterion of 2% shear strain is used.

Figure 12.27 shows contours of average and cyclic
shear stresses that cause failure after 10 cycles in
triaxial tests on different sands and silts when the
average shear stress, At,, is applied drained. Az, is
applied drained by increasing o/, in compression and
decreasing o, in extension in all the soils apart from
Baskarp sand where At, was applied by increasing oy,
in extension. On the extension side it can be seen that
the Baskarp contours indicate a significantly stronger
behavior than the other soils, demonstrating the impor-
tance of whether the drained average shear stress is
applied by increasing or decreasing the normal stress,
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Figure 12.14. Effect of drained vs. undrained At, on shear
stresses giving failure in 10 cycles. DSS tests. NC sands.
Different relative density. Upper: Low density. Lower: High
density.

in line with the effective stress paths indicated in Figure
6.8. The compression side only includes cases where
the normal stresses are increased, but a similar dif-
ference would occur on the compression side for a
reduction in the normal stress. The intersection with
the horizontal axis for drained A7, can be determined
by the drained shear strengths defined in Figure 6.8.

The effect of whether the drained average shear
stress is applied by increasing or decreasing the normal
stress could possibly be reduced or eliminated by nor-
malizing to the current effective stress, rather than the
consolidation stress. This would involve updating the
effective stress for the change in pore pressure due to
cyclic loading, and is considered as a further interpre-
tation outside the scope of this paper, as also mentioned
in Section 7.8. Pore pressures required to perform this
interpretation are given in Section 14.

Comparison of Figures 12.26 and 12.27 confirms
the significant effect of whether the average shear
stress is applied drained or undrained. The difference
will depend on density, failure mode and whether Az,
isapplied by increasing or decreasing the normal stress
when Ar, it is applied drained. When Art, is applied
undrained, the sand will generally be stronger for dense
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Figure 12.15. Combination of average and cyclic shear
stresses that cause failure as a function of number of cycles.
DSS tests on normally consolidated sand with <5% fines
with different (zcy,¢/07, ¢ JN=10 for 7, = 0. 7, applied undrained.
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Figure 12.16. Combination of average and cyclic shear
stresses that cause failure as a function of number of cycles.
DSS tests on normally consolidated sand and silt with
different (zcy,¢/07¢ )N=10 for 7, =0. 7, applied drained.
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Figure 12.17. Cyclic shear stress to failure in 10 cycles.
Anisotropically consolidated triaxial tests with 7, =1 as
a function of relative density compared to DSS tests with
7, =0. Normally consolidated sand and silt.
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Figure 12.18. Cyclic shear stress to failure in 10 cycles.
Anisotropically consolidated triaxial tests with 7, =19 as a
function of water content compared to DSS tests with 7, =0.
Normally consolidated sand and silt.
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Figure 12.19. Ratio between cyclic shear stresses that give
failure in 10 cycles for triaxial tests with t, = o and DSS
tests with 7, = 0 as a function of fines content.
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Figure 12.20. Cyclic shear stress at failure as a function
of number of cycles in anisotropically consolidated triaxial
tests with 7o = 0.21t0 0.3 - oy, on normally consolidated sand
and silt. o), = 100-710kPa. Upper: 7y t/0, vs. Nr. Lower:
Normalized to 7ey ¢ for N=10 (Adapted from Andersen
2009).

dilatant sand and weaker for loose contractive sand. On
the extension side, however, the strength may be high-
est when Art, is applied drained also for dense sand
when Ar, is applied by increasing the normal stresses.

Figure 12.28 shows the effect of a failure strain cri-
terion of 5% versus 10% for a sand with 65% relative
density. The effect of failure strain criterion is most
important when Az, is applied undrained, and espe-
cially at large average shear strain in compression.
There is also an effect of the failure strain criterion
when the failure mode is large cyclic strains, but less
significant than when the failure mode is large aver-
age shear strain. The effect of failure strain criterion
increases with increasing relative density. For very
high densities it can be essentially impossible to bring
the tests to 15% shear strain.

12.3  Cyclic DSS shear strength of normally
consolidated clay

12.3.1  Symmetrical cyclic loading (7, = 0) and
N=10

Figure 12.29 shows the cyclic shear strength, nor-
malized to o}, for 10 symmetrical stress controlled
10s load cycles in DSS tests on normally consoli-
dated clays as a function of consolidation stress. The
curve for static shear strength of clay with plastic-
ity index I, =25% is included for comparison (from

Figure 10.5). The correlation of the normalized cyclic

46

[ 1735
+ Label: y,/ 72
r YelVey 0/2.5}
1.5 N=t gy 25 NN
i ;‘f/ TTONY
e vl I\ 1/0.5
6 4L A0y b - X
< ' N p 1/0.1
ST
r -3/0.5,/ | 251 s X
0.5 %/
ok
-1.5 -1 -0.5 0 0.5 1 1.5
1,/0,0
2r :
F Label: y,/y,, .3,_\-3/%3 -
15} Bt 4 ARG T
! r \ 10 \ o I~1—
o -3105 /N V8 N \ 3
o) 1' \ 25, -
= [ \ |
O 8/0.2 \&»/m
H > N /
0.5 [ 'un_q/ //
0 L %
-2 -1.5 -1 -0.5 0 0.5 1
/o,

Figure 12.21. Number of cycles to y < 3% as a function of
average and cyclic shear stresses. Triaxial tests on very dense
Baskarp sand (Dr ~ 96%, w =20%). o/, =250 kPa. Precy-
cling: 400 cycles of 7.y/0, =0.1 (Andersen & Berre 1999).
Upper: Undrained Az, Lower: Drained At,, applied by
increasing o, in compression and increasing oy, in extension.

shear strength with plasticity index is less clear than for
the static shear strength, but there is an effect of con-
solidation stress on 7/, and an exponent of n=10.9
seems to give the best fit, i.e. the same as for the
static strength of clays and the cyclic strength of sand
and silt.

The cyclic shear strength for 10 load cycles is nor-
malized with respect to the reference stress and plotted
as a function of the plasticity index in Figure 12.30.
The cyclic shear strength increases with increasing
plasticity index for a plasticity above I, =22%, as for
the static shear strength. There is also a tendency for
the cyclic shear strength to increase with decreasing
plasticity index below I, =22%, also in line with the
static shear strength. There are, however, four tests that
show a lower cyclic shear strength for I, =7 to 12
%. At a lower plasticity indeces (e.g. below 15%) one
should therefore also consider the cyclic shear strength
correlations for sand and silt (Figures 12.1 and 12.2).

The ratio between cyclic and static shear strengths
is plotted as a function of the plasticity index in Figure
12.31 for tests where there are pairs of static and cyclic
tests on the same soil. The ratio decreases with decreas-
ing plasticity index. Curve fitting gives the following
best fit curve:

(They / su)PSS = 0.41-1,0224
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Figure 12.22. Number of cycles to y = 5% as a function of
average and cyclic shear stresses. Triaxial tests on Sand 3.
D; ~91%. w =21%. o,  =250kPa. Precycling: 400 cycles
of 7ey/0, = 0.1. Upper: Undrained At, Lower: Drained At,,
applied by increasing oy, in compression and decreasing oy
in extension.

12.3.2  Effect of number of cycles

The cyclic shear strength diagrams in Section 12.3.1
are for 10 load cycles. The cyclic shear strength for
other number of cycles can be estimated by the curve
for Drammen clay in Figure 12.5.

12.3.3  Non-symmetrical cyclic loading (v, > 0)

A failure contour diagram for normally consolidated
Drammen clay where A, is applied undrained was
shown in Figure 7.1. The shear stresses are normalized
to the undrained static shear strength. Similar dia-
grams for overconsolidated Drammen clay are given
in Andersen (2004) and are not reproduced herein.

A collection of N =10 failure contours for clays
with different plasticity are presented in Figure 12.32.
There is a tendency for the normalized cyclic shear
strength to increase with increasing plasticity.

Situations with drained A, are generally less rel-
evant for clays than for sand and silt. Nevertheless,
drained A, can be important for slope stability under
cyclic loading and is further discussed in Section 17.

12.4  Cyclic triaxial shear strength of NC clay

12.4.1 Average shear stress different from initial
shear stress (t, # t9) and N=10

Figure 7.2 shows a failure contour diagram for nor-

mally consolidated Drammen clay where Az, is
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Figure 12.23. Number of cycles to shear strain of 5% as a
function of average and cyclic shear stresses. Triaxial tests
on Sand 3. D; ~ 65%. w =26%. o, =250 kPa. Precycling:
400 cycles of 7.y/0y, =0.1. Upper: Undrained At, Lower:
Drained Art,, applied by increasing oy in compression and

decreasing oy in extension.

applied undrained. The shear stresses are normalized
to the undrained static compression shear strength.
Similar diagrams for overconsolidated Drammen clay
are given in Andersen (2004) and are not reproduced
herein.

A collection of N =10 failure contours for clays
with different plasticity are presented in Figure 12.33.
There is a tendency for the normalized cyclic shear
strength to increase with increasing plasticity. One
should be aware, however, that these clays are from
tests on offshore samples that are inherently more dis-
turbed than Drammen clay, which was preconsolidated
in the laboratory. As discussed in Section 9.1.1, sample
disturbance can cause a greater reduction in compres-
sion strength than in extension strength. Since the data
are normalized to the static compression strength, this
can be part of the reason why the offshore clays plot
higher than Drammen clay and for their higher ratio
between extension and compression strengths. When
using diagrams like the one in Figure 12.33, one should
therefore denormalize with the compression strength
from a test with the same quality as used to establish
the curves in the diagram.

12.4.2  Effect of number of cycles

The cyclic shear strength in Figure 12.33 is for 10
cycles. The cyclic shear strength for other number of
cycles can be estimated by the curve for Drammen clay
in Figure 12.20.
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Figure 12.24. Number of cycles to failure as a function of
average and cyclic shear stresses. Triaxial tests on normally
consolidated very dense (D; ~ 97%, w = 23%) Dogger Bank
sand with no fines (Blaker & Andersen 2015). o, =200 kPa.
Preshearing: 400 cycles at z.,/0}, = 0.06. Upper: Undrained
At,. Lower: Drained Art,, applied by increasing o, in
compression and decreasing oy in extension.

12.5  Cyclic shear strength anisotropy

The difference in cyclic shear strength between triax-
ial and DSS for the case with A7, =0 (i.e. T, =79 in
triaxial tests and 7, =0 in DSS tests) was discussed
in Section 12.2.1. However, the cyclic shear strength
anisotropy will depend on the ratio between the cyclic
shear stress and the change in average shear stress,
Tey/ AT,

One simplification that could be made to estimate
the shear strength anisotropy is to assume that the
ratio t.y/ AT, is proportional to the ratio between cyclic
and average loads. This will give the paths indicated
by the full line in the DSS diagram and the dotted
lines in the triaxial diagram in Figure 12.34. However,
inspection of the shear strain combinations where the
paths intersect the failure envelope will often show
that the average and cyclic shear strains at failure
are very different and that there will not be strain
compatibility along a failure surface that involves
compression, DSS and extension type elements. In
order to achieve strain compatibility, both average and
cyclic shear stresses need to be redistributed, and the
stress paths will look more like the dotted curves in
Figure 12.34. Andersen & Lauritzsen (1988) proposed
a limiting equilibrium approach where this redistribu-
tion is accounted for. The method is briefly described
in Section 18.1. More recently, a finite element code
(UDCAM) has been developed where the stress path is
calculated in each integration point based on the stress
strain characteristics defined by contour diagrams of
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Figure 12.25. Number of cycles to failure as a function of
average and cyclic shear stresses. Triaxial tests on normally
consolidated dense (D, ~ 80%, w = 24%) Dogger Bank sand
with no fines (Blaker & Andersen 2015). o/ . = 200 kPa. Pres-
hearing: 400 cycles at 7y/0;,, = 0.06. Upper Undrained At,,
Lower: Drained At,, applied by increasing o, in compression
and decreasing oy in extension.

the type presented in Figure 12.34 (Jostad et al., 2014)
for different number of cycles, i.e. a diagram of the
type presented in Figure 7.10. Another finite element
code (PDCAM) also accounts for the pore pressure
redistribution and dissipation during the cyclic load
history (Jostad et al. 2015).

One way to make a rough estimate of cyclic strength
anisotropy that may be reasonably realistic is to deter-
mine the strain combination for the stress path consid-
ered to be governing (e.g. DSS), and to determine the
strength for the two other stress paths (e.g. compres-
sion and extension) for the strain combination at failure
in DSS. Table 12.1 presents anisotropy ratios for the
case with a change in average load, AP,, equal to cyclic
load (AP, =P.) for normally consolidated dense
sand, silty sand and clay, assuming DSS to be the gov-
erning stress path with At,/zcy = AP,/P.y. Strength
anisotropy ratios for undrained monotonic loading are
also included, as presented for sands and silty sands in
Section 10.2, and for clays in Section 9.1.1.

The strength anisotropy ratio depends on whether
AT, is applied drained or undrained. In the case of
drained At, the anisotropy ratio also depends on
whether At, is applied by increasing or decreasing
the normal stress in the triaxial test. The different cases
are identified by U (undrained), by D (4+¢”) when A1,
is applied drained by increasing the normal stress, and
by D (—o’) when Art, is applied drained by decreasing
the normal stress. The data for sand in Table 12.1 are
for a shear strain of 5%, apart from the Baskarp sand
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Figure 12.26. Average and cyclic shear stresses that give
failure in 10 cycles in triaxial tests on different sands and
silts. At, applied undrained. Upper: High density. Lower:
Lower density.

where the shear strain is 3%. The reference cyclic DSS
strength is with undrained or drained At,, depending
on which At,-conditions are considered.

The data in Table 12.1 indicate that for dense sand and
silty sand:

— The average of the triaxial compression and exten-
sion strengths is higher than the DSS strength,
except when drained Art, is applied by reducing
the normal stress.

— The compression strength is typically more than
twice the DSS strength, both for static and cyclic
loading. The exception is when drained Art, is
applied by reducing the normal stress, although the
anisotropy ratio still remains greater than 1.

— The extension strength is typically equal to or
greater than the DSS strength for undrained static
and cyclic loading, but there is significant variation
around the average in some cases. The extension
strength can be lower than the DSS strength, but
the data are uncertain in this case.
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Figure 12.27. Average and cyclic shear stresses that give
failure in 10 cycles in triaxial tests on different sands and
silts. Az, applied drained by increasing oy, in compression
and decreasing oy, in extension in all tests apart from Baskarp
sand where o7, was applied by increasing A7, in extension.
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Figure 12.28. Effect of failure criterion on shear stresses
that give failure in 10 cycles in triaxial tests on sands with
D; =65% and w=26%, Upper: Undrained At,. Lower:
Drained A7,.
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Figure 12.29. Cyclic shear strength for 10 cycles with sym-
metrical stress controlled cyclic loading in DSS tests on
normally consolidated clay (>10% clay content) as a function
of consolidation stress.
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Figure 12.30. Cyclic shear strength for 10 cycles with sym-
metrical cyclic loading in DSS tests on normally consolidated
clay (>10% clay content) as a function of plasticity index.
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Figure 12.31. Ratio between cyclic and static shear
strengths for 10 cycles with symmetrical cyclic loading in
DSS tests on normally consolidated clay (>10% clay content)
as a function of plasticity index.
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Figure 12.32. Combinations of average and cyclic shear
stresses that cause failure in 10 cycles in DSS tests on different
normally consolidated clays (based on Andersen 2004).
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Figure 12.33. Combinations of average and cyclic shear
stresses that cause failure in 10 cycles in triaxial tests on
different normally consolidated clays (based on Andersen
2004).

— The extension strength is typically lower than the
DSS strength in cases where the average shear
stress, At,, is applied drained by reducing the nor-
mal stresses and higher than the DSS strength in
cases where A7, is applied drained by increasing
the normal stresses. However, there are no data for
increasing normal stress for relative densities below
D, =80%.

There are insufficient data to draw conclusions
regarding the effect of OCR, but one set of data
with clean sand at D; ~80% (Dogger Bank with
no fines and D; ~78%) seems to indicate that the
ratio between extension and DSS increases with
increasing OCR.

The data in Table 12.1 indicate that for clay:

The anisotropy ratios are generally smaller than for
sand, and the average of triaxial compression and
extension strengths is close to the DSS strength.
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Figure 12.34. Example of stress paths in contour diagrams
assuming 1) the ratio 7.,/At, is the same for DSS, compres-
sion and extension (full line in DSS, dotted curves in triaxial),
and 2) that strain combination at failure in triaxial is same as
in DSS (full curves). Example assumes .,/At, = 1:1.

— Anisotropy increases with increasing sample qual-
ity (higher triaxial compression to DSS ratio and
lower triaxial extension to DSS ratio).

— The anisotropy ratios for static loading are about
the same for OCR of 1 and 4 (Drammen clay). For
cyclic loading, the anisotropy ratio for Drammen
clay is apparently independent of OCR for com-
pression, but for extension it increases to 0.7 for
OCR =4 and to 0.85 for OCR =40.

It may be reasonable to assume that the anisotropy
ratios for loose sand and silt will be similar to clay, and
that the anisotropy ratios for medium dense sand and
silt will be between those for dense and loose sand.

The anisotropy ratios did not show any systematic
variation with number of cycles.

Strength anisotropy ratios as presented above,
especially those for sand and silty sand, can have sig-
nificant influence on the failure mechanism and the
capacity of a foundation, and should be given attention
in design.

12.6  Effect of preshearing

Soils are often subjected to preshearing, i.e. small
cyclic shear stresses accompanied by drainage, in the
field prior to the main design event. Preshearing will
influence the undrained cyclic shear strength of a soil
and should be considered for the laboratory tests, as
discussed in Section 9.1.2, in cases where preshearing
is expected to occur or have occurred in situ.
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Table 12.1. Anisotropy ratios for normally consolidated
dense sand, silty sand and clay for conditions in Fig. 12.34.
Static and cyclic loading and different drainage conditions.
(Numbers are average values with max. and min. values in
brackets).

Triaxial comp/DSS Triaxial ext/DSS
Drainage Sand Clay Sand Clay
-Static-
U ~58 1.259/1.45° ~1—~1.1* 0.61°0.78°
-Cyclic At, =1,y in DSS and strain compatibility-
U 2.0 1.35¢ 1.34 0.6
(1.6-2.3) (0.6°-2.0)
D 2.5 - 1.5 -
(+0") (2.0-3.5) (1.07-1.8)
D 1.5 - 0.6 -
(—0") (1.1-1.8) (0.4-0.75)

U: undrained; D: drained

(+o'): At, applied by increasing o, or o),

(-0’): Az, applied by decreasing o, or o),

a) Section 10.2; b) High quality specimens (Table 9.1); ¢)
Offshore samples (Table 9.1); d) Drammen clay; e) Values
<1 are for sand where DSS data is uncertain; f) Uncertain
data

Figure 12.35 shows how the undrained cyclic shear
strength for 10 load cycles depends on the degree of
preshearing, defined by normalized cyclic shear stress,
Tey/oy,., and number of cycles during preshearing. The
figure contains DSS, shaking table and triaxial tests
subjected to various degrees of preshearing. Grain size
characteristics for the different soils are presented in
Table 7.1.

In DSS tests, the preshearing may:

— improve the seating between the sand and the
horizontal end plates

— level out stress concentrations from the consolida-
tion

— increase the horizontal effective stress

— change the soil structure

The volume reduction is generally small during
preshearing, and the increase in density is alone by far
not enough to explain the increased cyclic resistance.
One might expect preshearing to have less effect in
triaxial tests than in DSS tests, since seating and stress
concentrations are likely to be less important and the
horizontal stress is kept constant in triaxial tests.

The data in Figure 12.35 show that:

— the cyclic shear stress at failure increases with
increasing preshearing, i.e. both with increasing
cyclic shear stress and increasing number of cycles
during preshearing

— preshearing has an important effect for both low and
high relative density. No clear trend is observed as
a function of D;.

— the data does not show clear differences between
triaxial and DSS tests, but there are less data with
preshearing in triaxial than in DSS tests.
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Figure 12.35. Effect of preshearing on undrained cyclic
shear stress at failure in triaxial and DSS tests on sand and
silty sand.

— preshearing with 400 cycles at tcy/0;,, = 0.04 may
give a cyclic shear strength increase between about
5 and 25% compared to no preshearing.

The effect of preshearing may be the opposite of
what is presented above if the preshearing causes large
shear strains that may break down the structure, e.g.
Oda et al. (2001) and Wijewickreme & Sanin (2005).

Most of the data in Figure 12.35 are for normally
consolidated soil. Preshearing may give less posi-
tive effects on overconsolidated soil. Cyclic tests on
Drammen clay show that preshearing with 100 cycles
at a cyclic shear stress of half the static shear strength
gives an increased resistance to subsequent undrained
cyclic loading in normally consolidated clay (Figure
12.36), but a reduced resistance in clay with an over-
consolidation ratio of 4 (Figure 12.37). The data in
Figures 12.36 and 12.37 show that the pore pres-
sure and the cyclic shear strain decrease after each
series of undrained cyclic loading and drainage in
the normally consolidated clay, but increases in the
overconsolidated clay.
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Figure 12.36. Permanent pore pressure and cyclic shear
strain during consecutive series of undrained cyclic load-
ing with drainage between the series. DSS tests on normally
consolidated Drammen clay (based on Andersen 1988).
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Figure 12.37. Pore pressure and cyclic shear strain during
consecutive series of undrained cyclic loading with drainage
between the series. DSS tests on overconsolidated Drammen
clay (OCR =4) (based on Andersen 1988).

The effect of preshearing is further illustrated in
Figure 12.38, which shows the effect of preshearing
on the static and cyclic shear strengths in DSS tests on
Drammen clay with OCR of 1, 4 and 10. Most of
the tests had a moderate preshearing with 10 times
100 undrained cycles with drainage after each series
of 100 cycles at 7.y/s, =0.12 to 0.175. The results
show that the preshearing increased the strengths for
clay with OCR=1 and decreased the strengths for clay
with OCR = 10. Stronger preshearing tended to give
more effect, as shown in Figure 12.38. The preshearing
and the cyclic strength tests were run with symmet-
rical cyclic loading, i.e. 7, =0. The cyclic strengths
were determined from tests that failed after about 200
cycles.

An overconsolidated clay may thus become less
capable to withstand the design storm and may get
areduced stiffness if it is subjected to previous storms
and time for drainage before the main design event.
Similar effects of overconsolidation may also exist for
cohesionless soil, but no data have been available for
overconsolidated sand.

The negative effect of preshearing in overconsoli-
dated clay should therefore be considered, especially
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Figure 12.38. Effect of preshearing with drainage on static
and cyclic undrained DSS shear strengths of Drammen clay.

for design of monopiles and driven piles, as the weak-
ening may reduce both stiffness and capacity. The
effect will be less severe for gravity structures, as they
are normally designed without drawing on the effective
stress increase from consolidation under the platform
weight. The weakening due to preshearing will there-
fore be counteracted by the effective stress increase
from the platform weight with time.

12.7  Effect of OCR

The cyclic shear strength diagrams in the preceding
sections are for normally consolidated soil. However,
the in situ soil can be overconsolidated due to removal
of previous overburden, variation in platform weight,
or preloading by temporary weight or underpressure.
The soil can also have an apparent overconsolidation
due to long term secondary consolidation, as demon-
strated for clays by Bjerrum (1967). Similar effects
with creep leading to an apparent preconsolidation are
also observed in sand, as illustrated in the oedome-
ter test in Figure 16.1. If additional normal effective
stresses that exceed the preconsolidation stress are
added, like for instance due to the weight of a platform,
the soil will become normally consolidated again. The
time to generate a new apparent preconsolidation due
to secondary consolidation will then be limited, but
may still be important. Overconsolidation will increase
the horizontal effective normal stress, increase the rel-
ative density and possibly change the soil structure.
These changes will tend to increase both static and
cyclic soil strength. The effect of OCR on static shear
strength was discussed in Section 10.5.

The effect of overconsolidation on the cyclic shear
stress at failure, 7.y ¢, is compiled in the upper diagram
in Figure 12.39 for the four soils that were considered
for static shear strength (Figure 10.7). The cyclic data
consist of DSS data with 7, =0, apart from one CAU
case. An empirical equation from Ishihara & Takatsu
(1979) based on cyclic torsional tests on loose sand
is also included. The equation is applied by assuming
Ky 0of 0.5, 0.7, 1.0 and 1.35 for OCR =1, 2, 4 and 8,
respectively. The results show that:

— The cyclic shear strength follows the same trend as
the static shear strength, with effect of OCR being
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Figure 12.39. Undrained cyclic shear strength as a function
of OCR. Upper: DSS (z, = 0) and CAU triaxial tests; Lower:
CIU triaxial tests.

significantly smaller for soils that dilate than for
soils that contract under monotonic loading in the
normally consolidated state. There is a tendency,
however, for the difference between contractive and
dilative soils to be somewhat smaller for cyclic than
for static strength.

— The empirical equation confirms the data for con-
tractive soils.

Additional DSS data are included (with different
symbols) in addition to the data for the four soils
considered for static shear strength. These data have
dilative behavior between the plastic clay and the very
dense sand, and plot between these soils, as expected.

As for the static strength in Figure 10.7, the dia-
gram in Figure 12.39 is valid for the condition where
the variation in OCR is generated by varying the pre-
consolidation stress, whilst keeping the consolidation
stress the same. To go from a constant consolidation
stress to a constant preconsolidation stress, the vertical
axis in Figure 12.39 shall be multiplied with OCR" !
For cyclic shear strengths, n=0.9 is used for both
sand and clay, as determined in Sections 12.1 and 12.3,
respectively.

Data for cyclic CIU triaxial tests are presented in the
lower diagram in Figure 12.39. The empirical equation
from Ishihara & Takatsu (1979) is also included, this
time assuming Ky = 1.0 for all OCRs to match the CIU
triaxial conditions. Both the test data and the empirical
equations indicate that the effect of OCR is smaller for
CIU triaxial tests than for DSS tests.

Examples showing the effect of OCR on cyclic
shear strength for 7, > 0 are presented in Figure 12.40.
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Figure 12.40. Effectof OCR oncyclic shear strength in DSS
tests on clean sand with D; ~ 80%. N = 10. Upper: Drained
ATt,. Lower: Undrained At,.

In the case with drained Art,, the intersection with
the horizontal axis is governed by the drained shear
strength, and there is no effect of OCR when failure
is due to large average shear strains. For undrained
At,, however, the cyclic shear strength increases with
increasing OCR when failure is due to large average
shear strain. This is due to the dilatancy that occurs
when the soil is subjected to average shear strains
under undrained conditions.

12.8  Gravel

Coarser grained soils will in practice be less suscepti-
ble to pore pressure generation and reduction in shear
strength due to cyclic loading than finer soils, since
their higher permeability allows more drainage. How-
ever, case records of earthquake liquefaction failures
show that not only sand and silt but also gravelly soils
can liquefy, no matter how coarse they may be and
whether they are well graded or not (e.g. Kokusho
et al. 2004). Even gravelly soils are therefore sus-
ceptible to strength degradation or liquefaction if the
drainage conditions are poor, for instance beneath
large structures or if the coarse layer is confined by
less permeable soil.

Various studies with triaxial testing on coarse
grained soils with different coefficients of unifor-
mity, C, =Dgo/Dj9, reported in the literature are
inconclusive with respect to effect of C, on cyclic
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Figure 12.41. Undrained cyclic shear stress to cause cyclic
failure after 20 cycles in triaxial tests on river sand/gravel
(RS) and decomposed weathered granite (DGS) with vari-
ous relative densities as a function of uniformity coefficient,
C, =Dg0/Dj (based on Kokusho et al. 2004).

strength. They seem to indicate that the undrained
cyclic strength is either not influenced or increases
with increasing C,. As shown in Figure 12.41,
Kokusho et al. (2004) found that the cyclic shear
strength (defined as y., =3.75%) was barely influ-
enced by C, in the range 1.44 to 13.1 for a given
relative density. Siddiqi (1984) found for Lake Val-
ley Gravel and Oroville Gravel that removal of gravel
particles did not change the cyclic strength. In contra-
diction to Kokusho et al. (2004) and Siddiqi (1984),
Evans & Zhow (1995) show that the resistance to
cyclic loading increases with increasing gravel con-
tent (up to 60% gravel content) after correcting for
membrane compliance. Previous literature (Wong et
al. 1975, Tanaka et al. 1987) with cyclic triaxial test-
ing, reports that gravelly soils are more resistant to
cyclic loading than sand. This may, however, be due to
membrane compliance, which was not corrected for in
these studies.

Kokusho et al. (2004) found that the post cyclic
undrained static strength was more than 8 times larger
for well graded than for poorly graded material with
the same relative density. This was explained by differ-
ences in dilatancy, with undrained cyclic stress-strain
behavior of poorly graded gravel being less dilative at
large displacements than well graded gravel.

Laboratory testing on gravelly soils has mainly
been done in the traxial apparatus on samples that
have been isotropically consolidated. Available test
results are mainly for well graded soils, representing in
situ materials. This also presents fewer problems with
membrane compliance in the laboratory. There is lit-
tle data about cyclic strength from DSS tests on more
uniform gravel.

Laboratory tests on coarse grained soils can be dif-
ficult to perform in standard laboratory equipment due
to the content of large grain sizes. Based on the results
above, however, it seems that undrained cyclic tests
can be performed with a modified grain size distribu-
tion where the larger grains are removed. The relative
density, angularity and mineralogy should be the same
as for the gravel.
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Figure 12.42. Static DSS shear strength of pj-consolidated
non-cemented carbonate soils as a function of water content.

Carbonate soil
po-consolidated cyclic strength
14 n,=0.6
x Labels: Fines content
1.0 T
(V3
e A\ X Cyclic silty sand/sand
08} % & o Cyclic sandy silt
© SN e Cyclic silt/clay
? \ e Cyclic mean
< 06
2
E K
o 0.4
=
3
K
02
0.0 . 1 | 1 .
20 40 60 80

Watr (%)

Figure 12.43. Cyclic shear strength of pj-consolidated
non-cemented carbonate soils in DSS tests with 7, =0 as
a function of water content.

12.9  Carbonate soils (non-cemented)

This paper concentrates on non-carbonate soils. Car-
bonate soils may, due to their origin, behave dif-
ferently and require special attention. This section
attempts a rough estimate of the DSS shear strength
of non-cemented carbonate soils in terms of the con-
tour diagram concept. The interpretation is limited to
undrained shear strength of soils consolidated to the
in situ vertical effective overburden stress, p;. The
deposits have not carried a higher overburden previ-
ously, but may have some apparent overconsolidation
due to creep and some light cementation.

The static shear strength is presented as a function of
water content after consolidation in Figure 12.42. The
cyclic shear strength for 10 cycles with symmetrical
cyclic loading is presented in Figure 12.43. The shear
strengths are normalized to the reference stress, o7,
with an exponent n = 0.8 for static strength andn = 0.6
for cyclic strength. These exponents were found to
give least dependence on consolidation stress. Soils
with a range of grain size distributions are included.
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Figure 12.44. Cyclic shear strength of pj-consolidated
non-cemented carbonate soils in DSS tests with 7, =0 as
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Figure 12.45. Approximate cyclic shear stress to failure in
DSS tests on pj-consolidated non-cemented carbonate soils
as a function of z,.

The data for water content less than about 45% relates
mainly to sand, mud for water content above about
52%, and silt in between. There is significant scat-
ter in the data, but still a clear trend. The scatter is
greatest for coarser grained soil. The exponent n = 0.6
for cyclic strength, is lower than for non-carbonate
soils (n = 0.9), indicating that the cyclic shear strength
of carbonate soils depends more on the consolidation
stress than non-carbonate soils.

The cyclic shear strengths for different numbers of
cycles are shown in Figure 12.44. The trend is similar
to the trend for non-carbonate sands and silts in Fig-
ure 12.5 and somewhat more affected by number of
cycles than Drammen clay. There is no clear difference
between the different soil types.

The approximate effect of average shear stress
7, > 0 can be estimated from the diagram in Figure
12.45. The shape of the curve is uncertain and may be
conservative for muds.

The diagrams are established based on literature
(Finnie et al. 1999) and NGI’s experience with car-
bonate soils from consulting projects. A large part
of the data are reinterpreted from simple shear tests
performed at UWA.



13 CYCLIC STRESS STRAIN
CHARACTERISTICS

13.1  Cyclic shear strain as a function of N in DSS

tests on normally consolidated sand and silt.

Figure 13.1 presents contours of cyclic shear strain as
a function of cyclic shear stress and number of cycles
in DSS tests with 7, =0 on normally consolidated
sand and silt. The contours are based on interpola-
tion and extrapolation of data from various sands and
silts in NGI’s data base. This involves considerable
uncertainty, and the contours should be regarded as
estimates.

The diagrams are given for different values of
(Tey,£/07e¢)N=10 for 7, =0 and can be related to rela-
tive density and water content through the diagrams
for cyclic shear strength in Figures 12.1 and 12.2. The
exponent in the reference stress used for normaliza-
tion is consistent with the values established in Section
12.1.1, i.e. n=0.9. Contours for the same conditions
are presented for cyclic shear strength in Figures 12.15
and 12.16, for average and cyclic shear strain con-
tours in Figures 13.2 to 13.11 and for pore pressure in
Figure 14.1.

13.2  Shear strains in DSS tests on normally
consolidated sand and silt.

Figures 13.2 to 13.11 present contours of average
and cyclic shear strains as functions of average and
cyclic shear stresses for normally consolidated sand
andsiltfor N =1, 10 and 100. These contours are based
on interpolation and extrapolation of data from vari-
ous sands and silts in NGI’s data base. This involves
considerable uncertainty, and the contours should be
regarded as estimates. Figures 13.2 to 13.6 are valid
for undrained t,. Figures 13.7 to 13.11 are valid for
drained t,.

The exponents in the reference stress used for nor-
malization are consistent with the values established
in Sections 12.1.1 and 10.1; i.e. n=0.9 for 7., on the
vertical axis and n=0.1 to 0.9 for undrained 7, on the
horizontal axis (Figures 13.2 to 13.6). n=0.9 is used
for drained 7, on the horizontal axis in Figures 13.7
to 13.11, giving an intersection of the failure curves
with the horizontal axis, reasonably consistent with
the drained static shear strength based on the drained
failure envelope angles, o/, in Figure 10.10.

The diagrams are given for different values of
(Tcy,f/o'l{ef)N:]() for t, =0 and can be related to rela-
tive density and water content through the diagrams
for cyclic shear strength in Figures 12.1 and 12.2.

Cyclic strain contours for the same conditions are
presented in Figure 13.1, pore pressure contours in
Figure 14.1, and cyclic shear strength contours in
Figures 12.15 and 12.16.

13.3  Shear strains as functions of N in triaxial tests
on normally consolidated sand and silt.

Figures 13.12 to 13.14 present examples of aver-
age and cyclic shear strain contour diagrams from
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Figure 13.1. Cyclic strain contours for DSS tests with
7, = 0 on normally consolidated sand and silt with different
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triaxial tests on 3 normally consolidated clean sands
with average shear stress 7, = 7y. The density varies
from D; =65% to ~100%. The results show that the
sand dilates less and becomes softer with decreasing
density.
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Figure 13.2. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles for
sand with <5% fines with (tcy /0 IN=10 = 0.19. 7, applied
undrained.

Shear strain values (both average and cyclic) are:
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Figure 13.3. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles for
sand with <5% fines with (tcy /0. N=10 = 0.25. 7, applied
undrained.
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Shear strain values (both average and cyclic) are:
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Figure 13.4. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles for
sand and silt with (t¢y /07 )N=10 = 0.6. 7, applied undrained.
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Figure 13.5. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles for
sand and silt with (tcy /07, )N=10 = 1.0. 7, applied undrained.
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Figure 13.6. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles for
sand and silt with (zey /07, )N=10 = 1.8. 7, applied undrained.

Shear strain values (both average and cyclic) are:
0.0,0.1,0.25,0.5,1, 5 and 15%

T
(tcvl/cvc")N=lD= 0.19
- = -Cyclic shear strain
——Average shear strain
Tcy/ Gref'
(n=0.9)

N=1

(Tey i/ Gref Ine10= 0.19
| = ==Cyclic shear strain
——Average shear strain

Tey/ Grev'o'l
(n=0.9)

N=10

(Teyi/OrefIn-10= 0.19
- = = Cyclic shear strain
—— Average shear strain
Tey/Oref' 4 N=100
(n=0.9)

o ) I
0 0,2 04 06 08
To/Oref (n=0.9)

Figure 13.7. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles
for sand and silt with (zcy.f/07IN=10=0.19. 7, applied
drained.
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Figure 13.8. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles for
sand and silt with (zcy,¢/07; )N=10 = 0.25. 7, applied drained.
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Figure 13.9. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles for
sand and silt with (zcy /0, )N=10 = 0.6. 7, applied drained.



Shear strain values (both average and cyclic) are:
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Figure 13.10. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles for
sand and silt with (tey ¢/07.¢ IN=10 = 1.0. 7, applied drained.
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Figure 13.11. Average and cyclic shear strains as functions
of average and cyclic shear stresses and number of cycles for
sand and silt with (tey /07 IN=10 = 1.8. 7, applied drained.
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Figure 13.15. Average and cyclic shear strains as functions
ofaverage and cyclic shear stresses in triaxial tests on Baskarp
Sand. D, ~96%. w=20%. o, =250kPa. Precycling: 400
cycles of tey/o), =0.1. At, applied drained by increasing
vertical stress in compression and increasing the horizontal
stress in extension. Upper: N= 1. Middle: N=10. Lower:
N=25.
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Figure 13.16. Average and cyclic shear strains as functions
ofaverage and cyclic shear stresses in triaxial tests on Baskarp
Sand. D; ~96%. w=20%. o/, =250kPa. Precycling: 400
cycles of 7oy/oy, =0.1. At, applied drained by increasing
the vertical stress in compression and decreasing the vertical
stress in extension. Estimated extension side. Upper: N=1.
Lower: N=10.

Cyclic shear strength contours for the same sands
are presented in Figures 12.21 to 12.25, additional
average and cyclic strain contours in Figures 13.15
to 13.21, and pore pressure contours in Figures 14.2
to 14.10.

13.4  Shear strains in triaxial tests on normally
consolidated sand and silt.

Figures 13.15to 13.21 present average and cyclic shear
strains as functions of average and cyclic shear stresses
for different values of N for three normally consoli-
dated clean sands. The density varies from D, = 65%
to ~100%. Grain size characteristics for the differ-
ent soils are presented in Table 7.1. Separate diagrams
are presented for undrained and drained application of
AT,. As for the number of cycles to failure in Section
12.2.3, the shear strains depend strongly on whether
Art, is applied undrained and drained, and whether
Art, is applied drained by increasing or decreasing the
normal stress.

The shear strain in the triaxial tests is assumed to be
1.5 times the vertical strain. This is an approximation
for y, in the drained tests, which will also experi-
ence volumetric strains due to change in octahedral
stress and dilatancy. Volumetric strains can be calcu-
lated with the constrained moduli in Section 16 and the
dilatancy parameters in Andersen & Schjetne (2013).

Figures 13.12 to 13.14 present average and cyclic
shear strain contours as functions of N, and Figures
14.2 to 14.10 present pore pressure contours for the
same sands.
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Figure 13.17. Average and cyclic shear strains as functions
ofaverage and cyclic shear stresses in triaxial tests on Baskarp
Sand with D, ~96% and w=20%. o}, =250kPa. Precy-
cling: 400 cycles of t.y/0), =0.1. At, applied undrained.
Upper: N = 1. Middle: N = 10. Lower: N =25.

13.5 Shear strains in cyclic tests on clay.

Shear strain contours for normally consolidated
Drammen clay were presented for both DSS and tri-
axial tests in Section 7.3, as functions of number of
cycles in Figures 7.9 and 7.11 and as functions of
average and cyclic shear stresses in Figures 7.6 and
7.7. Shear strain contours for overconsolidated Dram-
men clay (OCR =4 and 40) can be found in Andersen
(2004).

13.6  Cyclic stress strain anisotropy

In Sections 11.1 and 11.2 it was shown that the mono-
tonic stress-strain behavior of both sand, silt and clay
is highly anisotropic and non-linear. The same is
true for cyclic stress-strain behavior. The relationships
between average shear stress and strain and between
cyclic shear stress and strain after 10 cycles are shown
for very dense Baskarp sand in Figure 13.22 and
for Drammen clay in Figure 13.23. The stress-strain
behavior depends on the ratio between average and
cyclic shear stresses. The curves in Figures 13.22 and
13.23 were based on the assumption of 7.,/A7, = 1:1
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Figure 13.18. Average and cyclic shear strains as functions
of average and cyclic shear stresses in triaxial tests on Sand 3.
D; ~91%. w=21%. 0|, =250kPa. Precycling: 400 cycles
of tey/oy,=0.1. At, applied drained by increasing verti-
cal stress in compression and decreasing vertical stress in
extension. Upper: N = 1. Middle: N =10. Lower: N = 100.

in the DSS test and estimated triaxial stress paths end-
ing at the same shear strain combinations as in the DSS
test, as illustrated in Figure 12.34. This is the same
assumption as used for cyclic strength anisotropy in
Section 12.5 (Table 12.1). The stress-strain curves in
Figures 13.22 and 13.23 were established by plotting
corresponding values of shear stresses and strains at
the intersections between the stress paths and the con-
tours in the contour diagrams. It is in the triaxial tests
assumed that the shear strain is 1.5 times the vertical
strain. This is an approximation for y, in the triaxial
tests with drained At,, as discussed in Section 13.4.

Similar relationships can be established between
average shear stress and permanent shear strain, based
on permanent shear strain contour diagrams (see
discussion in Section 6.2).

For Baskarp sand in Figure 13.22 the average
shear stress is applied drained by increasing the verti-
cal stress in compression and increasing the horizontal
stress in extension. The estimated behavior for apply-
ing the average shear stress by decreasing the vertical
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Figure 13.19. Average and cyclic shear strains as functions
of'average and cyclic shear stresses in triaxial tests on Sand 3.
D; ~91%. w =21%. 0}, = 250 kPa. Precycling: 400 cycles of
Teylo),, =0.1. At, applied undrained. Upper: N = 1. Middle:
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stress in extension is also shown. This latter situa-
tion can be important in many cases, such as for the
windward leg of multi-legged structures. The data in
Figure 13.22 show that the cyclic stress-strain behav-
ior is highly non-linear and anisotropic. The cyclic
stress-strain relationship for DSS loading is lower than
both triaxial compression and extension, even when
the average shear stress in extension is applied by
decreasing the vertical stress. This means that analyses
based on DSS tests may overestimate the cyclic dis-
placements and underestimate soil spring stiffnesses of
structures on very dense sand. The difference in cyclic
stiffness between triaxial and DSS tests will decrease
with decreasing relative density.

Drammen clay also exhibits strong anisotropy
and non-linearity, but the DSS curves plot between
compression and extension. For clays it may there-
fore be more acceptable to perform stiffness and
displacement analyses based on DSS data alone. This
assumption was applied with reasonable success for
the interpretation of the Brent B cyclic displacement
analyses described in Section 19.

13.7  Effect of OCR

The effect of overconsolidation on the stress strain
behavior in monotonic tests was discussed in Section
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Figure 13.20. Average and cyclic shear strains as functions
of average and cyclic shear stresses in triaxial tests on Sand 3.
D, ~65%. w=26%. o,, =250kPa. Precycling: 400 cycles
of ty/o,=0.1. At, applied drained by increasing verti-
cal stress in compression and decreasing vertical stress in
extension. Upper: N = 1. Middle: N =10. Lower: N = 100.

11.3. Figure 13.24 presents the reduction in shear mod-
ulus for both monotonic and two-way cyclic undrained
DSS tests in a different manner. The plot shows the
ratio between secant shear moduli of overconsolidated
and normally consolidated soils as a function of the
degree of shear strength mobilization, 7/z;. The cyclic
data are given for N = 10, but the normalized results
were not sensitive to N. The monotonic data are nor-
malized by the undrained static shear strength, and
the cyclic data are normalized by the cyclic shear
strength for N = 10. The plot includes Drammen clay
with OCR =4, 10, 25, 40 and 50, a clay till with
OCR =3, a clayey silt with OCR~6 and a very dense
sand with OCR =4. These are the same soils that
were plotted to show the effect of OCR on static shear
strength in Figure 10.7, and cover soils with different
dilation response in the normally consolidated state
(Section 10.5).
The plot shows that the effect of OCR:

— is relatively constant with degree of shear strength
mobilization, t/t¢, for a given soil and a given OCR
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Average and cyclic shear strains as func-
tions of average and cyclic shear stresses in triaxial tests on
Sand 3. D; ~ 65%. w =26%. o, = 250 kPa. Precycling: 400
cycles of 7oy /0y, = 0.1. AT, applied undrained. Upper: N=1.
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Figure 13.24. Secant shear modulus for overconsolidated
relative to normally consolidated soils as a function of degree

of shear

strength mobilization. Undrained monotonic and

two-way cyclic DSS tests.

— is reasonably similar for cyclic and monotonic
loading

— increases with increasing overconsolidation ratio

The ratio between secant modulus of overconsoli-
dated and normally consolidated soils is smaller than
1 for clays and larger than 1 for very dense sand. The
clay till and the clayey silt are closer to the clay.

The practical consequence of this effect of OCR
is that structures designed with the same safety fac-
tor (degree of strength mobilization) will experience
larger displacements than structures on normally con-
solidated soils for soils that are contractant in their
normally consolidated state. The effect can be the



opposite for structures on soils that are dilative in their
normally consolidated state.

The absolute value of the stiffness will increase
with increasing OCR for given consolidation stress
and strength mobilization, both for clay and sand,
but significantly less than the increase in shear
strength.

14 PORE PRESSURE
14.1 Pore pressure in DSS tests on normally
consolidated sand and silt

Figure 14.1 presents contours of permanent pore pres-
sure as a function of cyclic shear stress and number
of cycles in DSS tests with t, =0 on normally con-
solidated sand and silt. These contours are based on
interpolation and extrapolation of data from various
sands and silts in NGI’s data base. This involves
considerable uncertainty, and the contours should be
regarded as estimates.

The diagrams are given for different values of
(Tey,t/07e¢)N=10 for 7, =0 and can be related to rela-
tive density and water content through the diagrams
for cyclic shear strength in Figures 12.1 and 12.2.
The exponent in the reference stress used for normali-
zation is consistent with the values established in Sec-
tion 12.1.1, i.e. n=0.9. Cyclic shear strain contours
for the same conditions are presented in Figure 13.1,
cyclic shear strength in Figures 12.15 and 12.16, and
average and cyclic shear strain contours in Figures
13.2to 13.11.

14.2  Pore pressure in triaxial tests on normally
consolidated sand and silt

Figures 14.2 to 14.4 present examples of permanent
pore pressure contour diagrams for triaxial tests on 3
clean sands for average shear stress of T, = 7. Figures
14.5 to 14.10 present examples of pore pressure con-
tours as functions of average and cyclic shear stresses.
Grain size characteristics for the different soils are pre-
sented in Table 7.1. The density varies from D, = 65 to
100%. The results show that the sand dilates less and
become softer with decreasing density and increasing
fines content.

Cyclic shear strength contours for the same sands
are presented in Figures 12.21 to 12.25, and aver-
age and cyclic shear strain contours in Figures 13.12
to 13.21.

14.3  Pore pressure in cyclic tests on clay

Permanent pore pressure contours for normally con-
solidated Drammen clay were presented for both DSS
and triaxial tests in Section 7.6, as a function of
number of cycles in Figure 7.13 and as a function
of average and cyclic shear stresses in Figure 7.12.
Pore pressure contours for overconsolidated Drammen
clay (OCR=4 and 40) can be found in Andersen
(2004).
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Figure 14.6. Permanent pore pressure as a function of aver-
age and cyclic shear stresses. Triaxial tests on Baskarp sand.
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Figure 14.8. Permanent pore pressure as a function of
average and cyclic shear stresses. Triaxial tests on Sand 3.
D; ~91%. w =21%. o, =250kPa. Precycling: 400 cycles
of 7oy/0),, =0.1. At, applied undrained. Upper: N = 1. Mid-
dle: N=10. Lower: N =100.
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Figure 14.9. Permanent pore pressure as a function of
average and cyclic shear stresses. Triaxial tests on Sand 3.
D; ~ 65%. w=26%. o,  =250kPa. Precycling: 400 cycles
of 7y/o,,=0.1. At, applied drained by increasing verti-
cal stress in compression and decreasing vertical stress in
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Figure 14.10. Permanent pore pressure as a function of
average and cyclic shear stresses. Triaxial tests on Sand 3.
D; ~ 65%. w =26%. o, =250kPa. Precycling: 400 cycles
of 7oy/o),, =0.1. At, applied undrained. Upper: N = 1. Mid-
dle: N=10. Lower: N =100.
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15 DAMPING

The damping coefficient, D, will also depend on the
average and cyclic shear stresses, number of cycles,
and stress path (i.e. triaxial vs. DSS), and should be
plotted in contour diagrams as the other cyclic soil
parameters. However, cyclic tests have so far not been
used to determine damping to the same extent as
the other parameters. Some available data are plot-
ted as a function of cyclic shear strain in Figure 15.1.
The curves are mainly based on results from stress-
controlled two-way cyclic DSS tests with 10s load
period and resonant column tests on Great Belt Clay
with OCR = 3 (Kleven & Andersen, 1991). The Great
Belt Clay is a low plasticity clay till with I, =13%.
However, tests on normally consolidated offshore
clay with I,=25-30% have given very similar
results.

The curves in Figure 15.1 show that the damp-
ing coefficient depends on the number of cycles. The
Seed & Idriss (1970) curve is shown to be equiva-
lent to a curve for about 25 cycles. The curves are not
checked for various different clays, and should there-
fore be used with caution. As mentioned above, the
damping will also depend on average shear stress and
stress path.

The tests on Great Belt clay seemed to indicate that
the damping ratio may decrease with decreasing load
period.

16 CONSOLIDATION CHARACTERISTICS

The reconsolidation modulus and the permeability
are needed to calculate the dissipation of cyclically-
induced pore pressure, as mentioned in Section 5.3.
The reconsolidation modulus can be determined from
unload/reload sequencies in the oedometer. Experi-
ence for clays is that the reconsolidation modulus after
cyclic loading is about 2/3 of the oedometer reload-
ing modulus (Yashuara & Andersen 1991). Similar
information is not available for sand and silt.
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Correlations for coefficient of permeability can be
found in Andersen & Schjetne (2013). The permeabil-
ity was correlated to water content and clay content
for clay, and with water content and Dy for sand and
silt.
16.1 Constrained modulus formulation, sand
and silt

The constrained modulus is non-linear, and also
depends on the stress history; i.e. virgin loading
versus unloading and reloading (Figure 16.1). The
constrained tangential modulus can be expressed by
the following non-linear formulation (e.g. Andersen &
Schjetne 2013):

Mi = mi-pa-(cv’/pa)™
Mu = ml'pa‘(Gv,max,/pa)nl‘ mu'(Gv’/Gv,max’)nu

M: = ml'pa'(Gv,max’/pa)nl' mr'(Gv’/Gv,max,)m

where:

M, M,, M, are the tangential constrained moduli
for first loading (virgin), unloading and reloading,
respectively.

m;, m,, m, are the constrained modulus numbers
for first loading (virgin), unloading and reloading,
respectively.

ny, ny, n; are the exponents for first loading (virgin),
unloading and reloading, respectively.

— pa is the atmospheric pressure (100 kPa).

oy, is the vertical effective stress.

0, max 18 the maximum vertical effective stress prior
to unloading.

Formulae to calculate the volumetric strains can be
established by integration and are given in Andersen
and Schjetne (2013).

The formulation for virgin loading was proposed
for sand by Janbu (1963), who used an exponent of
n=0.5. A modification to this exponent is proposed
in Section 16.2.

The formulation has been tested for sand and silt.
An example of measured oedometer test data is pre-
sented in Figure 16.1, which includes the results of
curve fitting with the proposed formulation. The test
was run with constant rate of strain and had overnight
rest periods of 16hrs before unloading. Significant
creep occurred during the rest periods even if the fines
content was only 1%. The rest period is not modeled
in the curve fitting, and the unload/reload curve is
shifted to the start of the rest period. It is assumed that
the creep causes an apparent preconsolidation effect
and that the loading curve will join the virgin load-
ing curve at a stress above the previous maximum
stress, as in clay. The example shows that the proposed
formulation is able to give excellent agreement with
measured behavior. The formulas capture differences
in moduli for virgin loading, unloading and reloading
as well as non-linearity within each of these loading
branches.
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Figure 16.2. Modulus number for virgin loading as a
function of fines content and water content.

16.2  Correlations for modulus formulation, sand
and silt

Andersen & Schjetne (2013) presented parameter cor-
relations for sands and silts for the proposed formula.
More data has since become available. Updated and
improved correlations are presented in Figures 16.2
and 16.3. The correlations are valid for exponent val-
ues of nj =0.65, n, =1.05 and n; =0.1. The average
ratio between modulus numbers for unloading and
reloading is 2.87 with a standard deviation of 0.78.

The parameters were determined by curve fitting
to the measured oedometer data. Since the measured
data can be influenced by seating problems and false
deformations at low effective stresses, the curve fit-
ting was generally made for vertical stresses at 10 kPa
and higher. The exponents were fixed to the numbers
specified above in order to make it possible to estab-
lish correlations, but it was still possible to achieve a
good curve fitting. In a few cases, better agreement
with the measured data could have been obtained by
using different exponents.
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loading.

16.3  Constrained modulus for clay

The validity of the formulation in Section 16.1 has
not been properly tested for clays. The formulation
M=m- (o, —p,) proposed by Janbu (1963) is often
used for virgin constrained modulus of clays.

Karlsrud & Hernandez-Martinez (2013) proposed
the following correlations for the parameter m
based on Norwegian clays where w is the water
content in %:
m=410-w%7® upper
m=2319-w 7% average
m=250-w%7% lower

Their plot of p, (in kPa) against m gives:
pr=11.5-m upper
pr=7.5-m average
pr =3.5-m lower

However, consistent combinations of m and p;
should ideally be used. When the stress change gives
a resulting effective stress moderately larger than the
preconsolidation pressure, one may assume p, = 0, and
then Karlsrud & Hernandez-Martinez (2013) propose:
mg =235 - w276 upper
mg =172 - w7 average
mo =120 - w=%7% lower

The reloading secant constrained modulus after
50% unloading, Mgecant 50, is presented in Figure 16.4.
The modulus is measured in oedometer tests where the
sample is first loaded past the preconsolidation pres-
sure, p;, to a vertical stress, oy .., left for about 16
to 24 hours, unloaded by 50% and reloaded to oy .. .
This is done twice in most tests, first at o/

v,max ~2- p::
and then at oy, ;.. ~9-p;. The results show that the
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Figure 16.4. Reloading secant constrained modulus after
50% unloading from maximum past stress.

normalized reloading modulus is essentially indepen-
dent of U(,’max, and that Msecamﬁo/ag,max increases with
decreasing plasticity index. The reloading modulus is
non-linear and will decrease with increasing degree of

unloading.

17 SLOPE STABILITY UNDER CYCLIC
LOADING

17.1  Failure mechanism and stress conditions

Slopes can be subjected to cyclic loading from dif-
ferent sources, like earthquakes, blasting, machine
vibrations and wave pressure under water. The stabil-
ity of slopes can be reduced by cyclic loading, but the
mechanism can be different from that of a foundation
or an anchor, since the strength mobilization in the
soil under the weight can be much higher. A slope that
may be vulnerable to cyclic degradation will normally
have a low safety against failure under its own weight,
whereas a foundation or an anchor will have a high
safety under its weight and other permanent loads that
act longer than the design event. A slope will experi-
ence both permanent and cyclic displacements during
cyclic loading, but the failure mode is likely to be large
permanent displacements due to the significant aver-
age shear stress from the weight. The duration of the
cyclic load may be too short to accelerate the soil mass
during the peak load, especially for cyclic events with
load period of 1s or less. The critical mechanism is
thus likely to be development of large permanent dis-
placements during or after the cyclic event. A delayed
failure can occur some time after the cycling event
due to accelerated creep initiated by the cycling. The
slope will stabilize as the excess pore pressure from
the cyclic loading dissipates.

17.2  Laboratory testing

The loading conditions described above were simu-
lated in two series of DSS tests in order to understand
the mechanism and to recommend a design procedure.
The laboratory tests were performed on high quality
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Figure 17.1.
long slope.

Simplified stress conditions in an infinitely

block samples of a quick clay (29 tests) and a soft
marine clay from Onsgy (6 tests), both normally con-
solidated with an apparent overconsolidation ratio of
about 1.5. Quick clay is not common offshore, but was
tested since the stability of quick clay slopes on land
under different cyclic loading events is relevant, and
because highly sensitive quick clay may demonstrate
mechanisms more clearly than less sensitive clays. The
quick clay has a plasticity index of about 10%, a clay
content of about 38%, a sensitivity of about 100, and
a water content of about 39%. The Onspy clay has a
plasticity index of about 40%, a sensitivity of about 7
and a water content after consolidation of about 67%.
There was some variability in the results due to soil
inhomogeneity, and this shows up in some aspects in
the following. The interpretation is, however, based on
a larger database than given here.

The tests simulated the stress conditions in an
infinitely long slope and were consolidated under a
vertical effective normal stress and a horizontal shear
stress due to the weight of the slope, as illustrated in
Figure 17.1. The shear stress was varied to simulate dif-
ferent slope angles from 9.5° to 16°. The test program
contained (1) monotonic strain-controlled reference
tests with different strain rate and (2) tests with cyclic
loading around the consolidation shear stress followed
by creep and post creep monotonic tests. The cyclic
tests were run to different prescribed permanent shear
strain and then allowed to creep under the consolida-
tion shear stress. The tests were undrained throughout,
apart from one test that was allowed to drain between
the creep phase and the subsequent monotonic phase,
in order to see how much of the initial strength the slope
would regain after the cyclically-induced pore pres-
sure had dissipated. The quick clay test series included
cyclic load periods of 1s (13 tests) and 10s (7 tests).
The Onsgy clay test series was run with 10s period.
The load period influenced the number of cycles to
reach a given shear strain, but the post cyclic creep and
monotonic behavior were not influenced by whether
the shear strain was generated by 1 sor 10 s load period.

17.3  Laboratory test results

The monotonic shear strength was found to increase
with increasing consolidation shear stress as shown in
Figure 17.2. This shear induced strength anisotropy is
compared with the shear strength interpolated between
triaxial compression and extension shear strengths
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Figure 17.2. Shear strength as a function of inclination of
major principal normal stress.

by the expression sy(e') =s$ - (K + (1 —K) - sina’?),
where K=sE/s¢, and « is the inclination of the
major principal normal stress with the horizontal.
The agreement is good for the quick clay, as one
would expect based on Bjerrum (1973), but the mea-
sured DSS strengths are higher than expected from
the interpolation between the triaxial strengths for
Onsgy clay.

Figure 17.3 shows typical results of one mono-
tonic test and two tests with cyclic loading and
subsequent monotonic loading. The two cyclic tests
were cycled to prescribed permanent shear strains of
¥p =2% and 12%, respectively, before being sheared
monotonically. The results show that:

— The strains in the cyclic tests can exceed the mono-
tonic stress-strain curve. This is due to rate effect.
The cyclic tests were run with 10 s load period. The
monotonic test was run with 4.5% shear strain/hr.
The permanent shear strain increases with number
of cycles for the stress conditions of the tests in
Figure 17.3, and failure can develop if cycling is
continued.

The static shear strength is reduced by cyclic
loading. The post cyclic monotonic stress strain
curves rapidly join the virgin monotonic stress
strain curve. (The difference between the mono-
tonic curves at large strain in Figure 17.3 is believed
to be due to soil variability). This implies that
the static shear strength is reduced if the perma-
nent shear strain under cyclic loading approaches
or exceeds the peak strain in virgin monotonic
shearing. It should be mentioned that the reduc-
tion in static shear strength can be more significant
if the cyclic loading generates large cyclic shear
strains. This was seen both in the quick clay and in
tests on the less sensitive Drammen clay (Ander-
sen 1988). For slope stability, however, where the
average shear stress is large, permanent shear strain
will be predominant.

Figure 17.4 shows typical creep test results, where
tests that have been cycled to different permanent shear
strains, ,, at three different consolidation shear stress
levels, T, = 7., before being left to creep at this shear

70

1, =20.8kPa=0.17c,,'
—— DSS4 Monotonic
== DSS8 Cyclic to y,=2%, then monotonic

50

1

= = DSS6 Cyclic to y,=12%, then monotonic

. 40 -
©
o
=3
& 30 g
P
w0
o
®» 20
o]
Q
£
n

10

0 |

0 4 8 12 16 20
Shear strain, y (%)
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Figure 17.4. Shear strain during creep phase in tests that
have first been cycled to different permanent shear strain.
Quick clay with 7, = 7. =0.06, 0.22, and 0.29 - o),_.

stress. The ¥, at end of cycling is defined by the start
of the creep curves. The results show that:

— Cyclic loading influences the creep rate, and the
time to creep failure decreases with increasing y,
at end of cycling and increasing 7,.

Figure 17.5 illustrates the correlation between creep
and monotonic behavior, showing the results of one
monotonic test and 3 tests with various combina-
tions of cyclic loading, creep and post-cyclic mono-
tonic loading. The tests were all consolidated with a
shear stress of 7, =0.22 - ¢,.. The monotonic test was
sheared with a strain rate of 4.5%/hr to a shear strain
of 5.5%, when the rate was temporarily increased to
31%/hr. The 3 other tests were first cycled to a spec-
ified permanent shear strain. One test was cycled to
¥p =2.5%, left to creep to 3.5% and then sheared
monotonically with about 5%/hr. The two other tests
were left to creep after being cycled to y, =3.1 and
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5%, respectively. There is some scatter due to sample
inhomogeneity, but the results indicate that:

— The peak and the post peak part of the stress-strain
curves and the failure envelopes in the effective
stress path plot are rate dependent. Contours can
be drawn to define how the peak, the post peak
stress-strain curve and the failure envelope depend
on the rate of shear strain.

— The creep tests fail at a contour consistent with the
rate of creep in the monotonic tests.

17.4  Strains due to cyclic loading

Contours of average and cyclic shear strains that
develop during cyclic loading are determined based
on the laboratory tests and presented in Figure 17.6
for quick clay and in Figure 17.7 for Onsey clay. The
average shear stress is applied drained, and the axes are
normalized by the shear strength after consolidation
to the relevant shear stress (Figure 17.2). The curves
intersect the horizontal axis at T,/sy rc = Tc/Sy,rc = 0.82
because the reference shear strength is from tests
sheared to failure in about 2 hrs, whereas the consoli-
dation shear stress was allowed to act for significantly
longer in order to reach a stable condition. The con-
tours in Figure 17.6 are valid for 10 s load period. They
can be extrapolated to other load periods by multiply-
ing the numbers on the vertical axis by the factors in
Table 17.1. The tests with 1s load period were also
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Figure 17.6. Average and cyclic shear strains as functions
of average (drained) and cyclic shear stresses after 1 (upper)
and 10 (lower) cycles. Quick clay. 10 s load period.

utilized when drawing the quick clay contours, even if
these tests are not presented herein.

Ideally the diagrams in Figures 17.6 and 17.7 should
present the permanent rather than the average shear
strain. However, inspection of the test results show that
the permanent shear strain is marginally smaller than
the average shear strain when there is no shear stress
reversal (i.e. when 7y < 7,). In cases with shear stress
reversal, the ratio between permanent and average
shear strains will increase with increasing degree of
shear stress reversal. In cases with full reversal (sym-
metrical cyclic loading), the permanent shear strain
will be negative and the average shear strain will be
small. For a slope to be vulnerable to cyclic loading
and subsequent creep, it needs to have a relatively high
degree of average shear stress mobilization, and large
shear stress reversal is not likely to be critical. It is
therefore considered fair to assume that the permanent
shear strain is equal to the average shear strain for this
purpose, where this assumption is on the conservative
side. A discussion on permanent versus average shear
strains is also given in Section 7.4.
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17.5 Time to failure as a function of 'y, and t.

Creep test data, such as in Figure 17.4, was used to
construct the diagrams in Figure 17.8 and 17.9, where
the time to failure after a cyclic loading event is given
as a function of cyclic loading, expressed by y,, and
the slope angle, expressed by t./sy c, for quick clay
and Onsgy clay, respectively. The shear strain in these
diagrams is the shear strain at the end of cyclic loading.
This shear strain can be determined from the dia-
grams in Figures 17.6 and 17.7. The permanent shear
strain during consolidation is included in y, in these
diagrams, and should be subtracted to get the perma-
nent shear strain that develops during cyclic loading.
The shear strain during consolidation is defined by
the average shear strain along the horizontal axis in
Figures 17.6 and 17.7.

Figures 17.8 and 17.9 show that Onsey clay is less
influenced by cyclic loading than the quick clay.

17.6  Strength repair from pore pressure dissipation

To see the effect of a serious cyclic event on the long
term stability of a slope, one monotonic test was run
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Monotonic rate and creep tests.
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Figure 17.8. Time to failure under constant shear stress as
a function of y,. Quick clay.

Monotonic rate and creep tests.
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Figure 17.9. Time to failure under constant shear stress as
a function of y,. Onsey clay.

on a quick clay after it had been allowed to drain after
cyclic loading to y, =3.1% and subsequent creep to
9.8%. The result is compared to a standard monotonic
test in Figure 17.10. The results show that drainage
gives almost full regain of the original static shear
strength (95%). The shear strength without drainage
would have been about 70% of the original shear
strength.

17.7  Design procedure

The diagrams presented above can be used to evaluate
if an infinitely long slope with homogeneous clay is
stable after a cyclic loading event or if the event can
initiate an immediate or a delayed slope failure. The
evaluation can be done as follows:

1) Determine the normalized average and cyclic shear
stresses in the slope and the equivalent number of
cycles, Ngq. The shear stresses shall be normal-
ized to a shear strength determined in a standard
laboratory test without correction for rate effect,
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but accounting for the effect of shear stress dur-
ing consolidation. The average shear stress can be
found as illustrated in Figure 17.1. If the slope is
consolidated under permanent loads in addition to
the soil weight, the average shear stress can be
assumed equal to the inverse of the safety factor
of the slope under the permanent loads, including
the soil weight. The maximum cyclic shear stress
and the corresponding Nq can be determined from
the cyclic load history, as explained in Section 8.
Determine the permanent shear strain due to cyclic
loading from diagrams such as Figure 17.6 or 17.7.
This is done by entering the diagram with the aver-
age and cyclic shear stresses and N4 from Point 1.
The shear strain during consolidation shall be sub-
tracted from the average shear strain. Interpolation
between the diagrams must be done if N¢y differs
from the N-values in the diagrams.

Calculate the time for dissipation of cyclically-
induced pore pressure in order to estimate the
duration of the undrained creep period. The pore
pressure will start to dissipate when the cyclic
event is over, counteracting the degradation due to
creep. The reloading modulus (Section 16) should
be applied in this analysis. Figure 17.10 shows that
most of the original strength is regained when the
pore pressure has dissipated.

Determine time to undrained creep failure by enter-
ing diagrams such as Figure 17.8 or 17.9 with the
average shear stress from Point 1 and the permanent
shear strain from Point 2. One can see from the dia-
grams that a quick clay slope that experiences a
permanent shear strain of 2.5% due to cyclic load-
ing will fail in about 10 days if the average shear
stress is (.64 times the undrained monotonic shear
strength, i.e. if the safety factor for permanent loads
is about 1.6. A slope on a less sensitive clay, like the
Onsey clay, which may be more representative for
offshore clays, is less susceptible to failure due to
cyclic loading and the corresponding safety factor
would be 1.3.
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5) In case the slope is subjected to additional per-
manent loads after the cyclic event and before the
pore pressure has dissipated, determine whether the
reduced strength is sufficient to carry the additional
load. The reduced strength can be found as the shear
stress of the original stress-strain curve at the shear
strain determined in Point 2, in line with the finding
in Figure 17.3. This shear stress should be reduced
by about 5% to account for the strain it requires to
reach the original stress-strain curve. In addition it
is necessary to reduce the shear strength for rate
effects according to Figure 7.5, since standard lab-
oratory test are typically run with a rate of shear
strain of ~4.5%/hr (~2 hrs to failure) and the load
may act for a much longer time.

Important assumptions in this procedure are that:

The slope is infinitely long, meaning that progres-
sive failure is not considered. However, the general
behaviour described herein will also be valid for
progressive mechanisms.

The slope consists of homogeneous clay. If thin
silt layers are present, they may be more critical
to cyclic loading than the clay.

The above diagrams are for normally or lightly over-
consolidated clays. The soil in the lower part of a
slope can be overconsolidated if the slope is gener-
ated by erosion. Overconsolidation may influence
the creep properties, but the effect of OCR has not
been studied.

Johansson et al. (2013) applied the procedure to
study the effect of blasting on the stability of a quick
clay slope. They also report cases where blasting is
believed to be the trigger of slope failures. Some of
these failures were reported to occur some time after
the blasting event.

18 CALCULATION PROCEDURES

The contour diagram concept has been used exten-
sively to define soil behavior in practical foundation
design of gravity structures, suction anchors, piles and
monopiles. Typical calculation procedures are briefly
summarized below.

18.1

The capacity of a foundation under cyclic loading
can be calculated by limit equilibrium, plastic limit
or finite element procedures. Strength anisotropy can
significantly influence the calculated failure mecha-
nism and capacity, especially for dense sand and silt,
and should be accounted for.

Andersen & Lauritzsen (1988) describe how the
data from contour diagrams can be used in limit
equilibrium methods to calculate the capacity under
combined static and cyclic loads. The cyclic shear
strength of the clay is determined from diagrams such
as Figures 7.3 and 7.4. The irregular cyclic load history

Capacity



is represented by an equivalent number of cycles of the
maximum cyclic load, Ny, that can be determined as
described in Section 8. The cyclic shear strength at
a given point on the failure surface (see Figure 6.1)
is interpolated between the strengths from compres-
sion, DSS, and extension tests. The procedure is based
on the assumption that the combination of average and
cyclic shear strains is the same along the potential fail-
ure surface (strain compatibility), and on the condition
that the average shear stresses along the potential fail-
ure surface are in equilibrium with the average loads.
The procedure accounts for the redistribution of aver-
age soil stresses during cyclic loading and determines
whether the failure mode will be large cyclic displace-
ments, large average displacements, or a combination
of the two.

One simplification that could be made to estimate
the shear strength and the shear strength anisotropy is
to assume that the ratio 7.,/At, in the individual ele-
ments is constant and proportional to the ratio between
cyclic and average loads. However, this will not cap-
ture the redistribution of average shear stresses during
the storm. This can be improved by determining the
strain combination for the stress path considered the
most important (e.g. DSS), and deriving the strength
for the two other stress paths (e.g. compression and
extension) for the strain combination at failure in DSS.
The simplified methods are discussed in Section 12.5
and illustrated in Figure 12.34.

More recently, a finite element code (UDCAM,
Jostad et al. 2014) has been developed where the
Tey/ AT,-stress path is calculated in each integration
point based on stress strain characteristics defined by
contour diagrams of the type presented in Figures 7.6
and 7.7. Another finite element code (PDCAM, Jostad
et al. 2015) also accounts for the pore pressure redis-
tribution and dissipation during the cyclic load history.
PDCAM need input in the form of compressibility
and permeability in addition to the cyclic contour
diagrams; see Section 16 for input. These programs
perform the cyclic strain or pore pressure accumula-
tion and dissipation on an element basis, redistributing
both average and cyclic stresses within the foundation
during the load history. The shear stress history, the
cyclic degradation, and thus Ny, can then be differ-
ent from one integration point to the next, enabling
progressive behavior to be captured.

The capacity of piles under vertical cyclic loading
can be calculated by modelling the pile-soil inter-
face with non-linear “t-z”-springs (Karlsrud & Nadim
1990), where t and z represent mobilized skin friction
and vertical displacement, respectively, with cyclic
and average components determined through strain
contour diagrams such as in Figure 7.6.

18.2  Cyclic displacements

Cyclic displacements can be calculated using simpli-
fied finite element analyses with input in the form
of cyclic stress vs cyclic strain curves established as
discussed in Section 13.6 (Andersen & Hoeg 1991).
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Neq can be determined by assuming proportional-
ity between shear stresses and loads as described in
Section 8.

The shear stresses and shear strains become small at
some distance from the structure, but the shear strains
in this region may still contribute to the displace-
ment since they are integrated over a large volume.
The initial part of the stress strain curves is therefore
important. Conventional laboratory tests may not be
accurate at small strains, and should be supplemented
by the initial shear modulus. Correlations for initial
shear modulus are given in Section 11.4.

More refined analyses can also be performed by
the finite element programs UDCAM and PDCAM
described in Section 18.1, where Neq and the shear
stress path are determined on an element basis within
the finite element program.

18.3  Permanent displacements

The calculation of permanent displacements must
include components from both permanent shear strains
during cyclic loading and volumetric strains from
dissipation of cyclically induced pore pressure.

The permanent displacements due to shear strains
can be calculated as described in Section 18.2. In the
simplified analysis, the soil model is then defined in
the form of permanent shear strain vs average shear
stress instead of cyclic components. The relationship
can be determined as discussed in Section 12.5.

The permanent displacements due to volumetric
strains can be determined in a simplistic manner by
first establishing the average and cyclic shear stress
distribution in the soil, for instance from the simpli-
fied finite element analysis described above and in
Section 18.2. The finite element analysis also gives
information about major principal stress direction in
the different elements and whether the DSS or triax-
ial stress paths should be used. When the average and
cyclic shear stresses and the stress path are known,
the permanent pore pressure can be determined from
diagrams such as given in Figure 7.12 and Section 14.
The permanent pore pressure develops under constant
volume and leads to a reduced effective stress, as illus-
trated by path A-B in Figure 18.1. The soil will follow
the reloading path B-C when the pore pressure dissi-
pates, and the volumetric strains can be calculated as
&= Ao’/ M=Aup/M, where M is the reloading mod-
ulus. Reconsolidation characteristics are presented in
Section 16.

More refined analyses with UDCAM and PDCAM,
as described in Section 18.2 will give the permanent
displacements due to shear strains. PDCAM will also
provide the displacements due to volumetric strains.

If the conditions are essentially drained, the volu-
metric strains can, instead of entering pore pressure
contour diagrams and using reconsolidation parame-
ters, be determined by using volumetric strain contour
diagrams. Examples of volumetric strain contour dia-
grams are not included herein, but can be established
from drained cyclic tests.
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during undrained cyclic loading and subsequent drainage.

18.4  Equivalent soil spring stiffnesses and damping

Fully-integrated dynamic analyses require significant
computational power and highly sophisticated soil
models. Dynamic analyses of platforms have therefore
traditionally been performed using equivalent linear
or nonlinear foundation springs to represent the soil.
These equivalent soil springs do not follow the behav-
ior during an individual cycle, but represent the ratio
between amplitudes of load and displacement and can
be calculated with the procedures described for cyclic
displacements (Section 18.2). A method to follow the
behavior during a cycle is proposed in Section 18.5.
For wave loading, two definitions have often been
used for the equivalent stiffness (Andersen 1991):

— Average stiffness, defined as the ratio between stan-
dard deviation of forces and displacements of the
waves in the peak part of the design storm. This
stiffness has often been the basis for dynamic anal-
yses during design of gravity based structures.
Calculated and measured values are presented for
the Brent B Condeep platform in Figure 19.1.
Secant stiffness for the maximum wave in the
design storm, assuming the maximum wave arrives
at the end of the peak part of the design storm. This
stiffness gives the maximum cyclic displacements
under the characteristic wave and will be lower than
the average stiffness defined above. Andersen &
Aas (1980) present calculated maximum displace-
ments as functions of the maximum wave load for
the Brent B Condeep platform.

Equivalent damping can be calculated by finite ele-
ment analyses (e.g. INFIDEL, Hansteen 1991), where
the damping in the integration points is integrated over
the soil volume. The stress-strain input is the same as
for the simplified finite element analysis in Section
18.2, but including additional input about damping
properties (Section 15).

18.5  Foundation springs for individual cycles

Kaynia & Andersen (2015) present a nonlinear soil
spring method where the foundation is represented by
a nonlinear force-deformation (or moment-rotation)
curve, often referred to as a backbone curve, which
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Figure 18.2. Backbone curve to calculate displacement as a
function of load during a cycle (based on Kaynia & Andersen
2015).

can be used for the whole response cycle in a time
domain dynamic analysis. The model accounts for the
degradation from previous cycles and can be used by
applying the Masing rule (Masing 1926) for a cycle at
a given time in the load history.

With reference to Figure 18.2, the backbone curve
is established as follows:

1) Calculate cyclic displacement (amplitude), 8.y, for
the cyclic load (amplitude), F.,, of the given cycle.
This can be done as described in Section 18.2.
Determine initial stiffness. This can be done by
determining u, = f(z¢y/s,) as described in Section
18.3 for the N¢q applied in (1). An equivalent over-
consolidationratio, OCReq = 0y,,./(07-up) is calcu-
lated, and G,y is determined from the expression in
Section 11.4. Gpax =1(7y/sy) can be transformed
to a fictitious stress strain curve that can be used in
a FE model to calculate the initial stiffness, K;,;, of
the backbone curve.

Determine soil damping by integrating the damping
in the soil in a finite element analyses as described
at the end of Section 18.4.

Establish the load-displacement backbone curve
for a given characteristic cyclic load by find-
ing the curve that fulfils the following conditions
when applying the Masing rule: cyclic displace-
ment amplitude from (1), initial stiffness from (2)
and damping from (3). Kaynia & Andersen (2015)
proposed the mathematical expression proposed in
Figure 18.2 that can be used in cases with limited
dilatancy within a cycle. Iteration is required to
shape the backbone curve to fulfil the third require-
ment. The mathematical expression and the use of
the Masing rule may not be straightforward in cases
with significant dilation within the cycle, as for
dense sand in the left part of Figure 6.7.

2)

3)

4)

19 VERIFICATION BY PROTOTYPE
OBSERVATIONS AND MODEL TESTS

The calculation methods using the soil models
described herein, and briefly summarized in Sec-
tion 18, have been verified by prediction and



backcalculation of prototype observations and several
series of model tests, including:

e The Brent B Condeep gravity platform in the North
Sea in 140m water depth during several severe
storms the second winter after platform installation
(Andersen & Aas 1980).

The Troll A Condeep gravity platform with 36 m
long skirts on soft clay in 303m water depth
installed in 1996.

Five 1 glaboratory model tests of an offshore gravity
base structure with monotonic and cyclic loading on
a soft clay (Andersen et al. 1989).

Twelve 1 g laboratory model tests with monotonic
and cyclic loading on an offshore tripod gravity
platform on soft clay (Aas & Andersen 1992).

One monotonic and one cyclic centrifuge test of a
gravity structure similar to the Ekofisk oil storage
tank on very dense sand (Andersen et al. 1994).
Two series of large scale field tests with monotonic
and cyclic loading of offshore suction anchors in
clays. One series was run with a load inclination
of 10° with the vertical to simulate anchors for a
tension leg platform, TLP (Andersen et al. 1993).
The other series was run with a load inclination of
10° with the horizontal to simulate anchors with
more horizontal loading (Keaveny et al. 1994).

The results of the comparison of calculated and
measured displacements, resonant frequencies and
capacities are presented in the references for the vari-
ous model tests above. The calculated displacements,
failure loads, type of failure surface, failure surface
location, and failure mode (large permanent displace-
ments, large cyclic displacements, or a combination)
generally agreed very well with the measurements in
all cases. As examples, some details are given below
for the Troll A platform, the Brent B platform, the cen-
trifuge model tests on very dense sand, and the large
scale anchor field model tests in soft clay.

The soil stiffnesses were during design of the Troll
A platform calculated by the procedure described in
Sections 18.2 and 18.4. Interpretation of the natural
frequencies measured during several storms during
1998 to 2005 indicate that the measured soil stiff-
nesses agree very well with the best estimate design
soil stiffnesses (8 to 13% higher) (Kaynia et al. 2015).

Calculated and measured cyclic displacements of
the Brent B Condeep platform during the second win-
ter after installation in August 1975 are compared
in Figure 19.1. The displacements are in terms of
standard deviations during recording periods of 20
minutes. The probable maximum displacements would
be about 4 times the standard deviation values. The
storms reached a significant wave height of 10.3 m,
corresponding to 2/3 of the design significant wave
height. The design maximum wave height was 27.5 m.
The calculated displacements were 1.06 and 0.71 of the
measured values for rotations and horizontal displace-
ments, respectively. The calculated soil stiffnesses also
agreed well with the measured natural frequencies
(Hansteen 1980).
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The calculated and measured cyclic displacements
of the gravity structure modelled in the centrifuge
tests on very dense sand are shown in Figure 19.2.
The calculations are performed with the simplified
finite element model described in Section 18.2. Sim-
ilar agreement is later obtained with more refined



Table 19.1. Predicted and measured failure loads for the

TLP field model tests.
Test Test Predicted/measured
No type failure load
1 Monotonic 1.00
2 Cyclic 1.05
3 Cyclic 1.06
4 Cyclic 1.01
TLP

4P

£ Soft clay 7
& s, <10 kPa
= l,~28%
w ~ 60-80%
1.83m

Figure 19.3. Geometry and soil characteristics of the TLP
field model tests.

Predicted

Measured

Load, P

10
Rotation (102 radians)

Figure 19.4. Predicted and measured rotations, TLP field
model test.
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Figure 19.5. Predicted and measured cyclic displacements,
TLP field model Tests 2 and 3.

UDCAM analyses (Jostad et al. 2015). The calculated
cyclic horizontal displacements at seabed and at actu-
ator level are in good agreement with the measured
values. Cavitation occurred in part of the foundation
during Storms 3 and 4, but was not modelled in the cal-
culations. This may explain the tendency for somewhat
lower calculated displacements in these storms. The
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Figure 19.6. TLP model after being loaded to failure (Photo:
R. Dyvik, NGI).
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Figure 19.7. Predicted and observed failure surfaces in TLP
field model tests.

calculated cyclic rotations were greater than measured,
but they were small, as they correspond to vertical dis-
placements at the periphery of only about 1/5 of the
horizontal displacements.

The centrifuge tests also showed that significant
negative cyclic pore pressures could be relied upon
in dense sand with essentially no fines. The maximum
negative pore pressures are governed by the cavitation
pressure, which depends on the water depth.

The applied cyclic loads were significantly higher
than the design loads, and the results indicate that
displacements rather than capacity may govern design
in this case.

The model geometry and soil data for the TLP large
scale anchor field tests are summarized in Figure 19.3.
Capacities predicted prior to testing agree very well
with the measured capacities, as can be seen from
Table 19.1. Failure occurred as large permanent dis-
placements, as indicated in Figure 19.4, which shows
that predicted and measured displacements also agreed
very well. Figure 19.5 shows that predicted and mea-
sured cyclic displacements also agreed well, even if



the cyclic displacements are small compared to the
permanent displacements.

The model after it was brought to failure is shown in
Figure 19.6. The predicted and observed failure sur-
faces in Figure 19.7 agree reasonably well, but with
some differences. Back-calculations with the observed
failure surfaces gave insignificant differences in the
calculated capacities. The reason for the difference in
failure surface between Test 4 and the other tests is that
Test 4 was subjected to a greater moment.

20 SUMMARY AND CONCLUDING REMARKS

The contour diagram framework for cyclic soil param-
eters presented herein provides a sound basis for
practical foundation design and has proven to be a use-
ful and practical way to interpret and present cyclic
soil data. This is supported by successful prediction
and backcalculation of observed prototype behavior
and model test results.

In addition to direct application in design, the
framework also provides a basis for developing con-
stitutive cyclic soil models and to check constitutive
soil models for different stress conditions.

Even if one should be cautious about relying on cor-
relations, it is hoped that the correlations herein for
cyclic soil parameters with index parameters will pro-
vide useful guidance for practical projects and help to
optimize the number of site specific cyclic tests. The
same is true for the correlations presented for other
parameters that are required in design of foundations
under cyclic loading, such as initial shear modulus,
static shear strength, friction angle and consolidation
characteristics.

Focus has been given to the foundation design of
structures, but the stability of a slope subjected to
cyclic loading, such as from an earthquake, is also
discussed. A structure and a slope can behave differ-
ently under cyclic loading because of the difference
in safety factor under permanent load. In a slope, the
cyclic loading is more likely to initiate increased rate
ofundrained creep strain, and failure may occur during
or some time after the cyclic event.

The following gives a more detailed summary:

Section 2 presents examples of situations where
cyclic loading is important for the foundation
design.

Section 3 summarizes cyclic load characteristics,
including load period and storm duration, for typical
cases offshore, along the coast and on land.
Section 4 identifies foundation design requirements
where cyclic loading effects are important. This
includes stability, cyclic displacements, soil stiff-
ness and damping for dynamic soil structure cal-
culations and earthquake analyses, permanent dis-
placements due to cyclic loading, and soil reactions.
Section 5 presents the soil parameters that are
needed to address the foundation design require-
ments, grouped into cyclic soil data, monotonic soil
data and consolidation characteristics.
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o Section 6 describes the behavior of soil under cyclic
loading and the laboratory tests that can be per-
formed to determine the soil parameters that are
needed in design. Attention is also drawn to the
effect of drainage within a cycle and cavitation.
Section 7 explains the contour diagram concept and
how the contour diagrams can be constructed, both
for shear strength, shear strains, pore pressure and
damping. The construction requires both monotonic
and cyclic tests.

The cyclic response, and thus the contour dia-
grams, depend on a number of factors, includ-
ing relative density or water content, grain size
distribution, plasticity index, overconsolidation
ratio (OCR), sample preparation, consolidation
time, load period, preshearing, strain-controlled
vs. stress-controlled cycling, drained vs. undrained
application of average shear stress, drainage within
acycle and cavitation. In some cases it can be impor-
tant to distinguish between average and permanent
shear strains.

A strategy for the laboratory testing to establish
the contour diagrams is proposed, utilizing exist-
ing contours from the data base by first identifying
contours for similar soils, and then running a few
tests to check whether the diagrams can be used or
modified for the actual soil. Additional tests will be
required if the first tests do not fit existing contours
well enough.

The normalized shear strength, t¢/07,_, is found to
depend on the consolidation stress, oy,. It is there-
fore proposed to normalize 7¢ to o). = P - (04¢/Pa)",
where p, is the atmospheric pressure (=100 kPa)
and n is an empirical exponent, which is n= 0.5 for
undrained static strength of sand and silt, n=0.9
for undrained static strength of clay, and n = 0.9 for
cyclic shear strength of sand and silt. Based on this,
the shear stresses in the contour diagrams are nor-
malized to the undrained static shear strength for
clay and to o] ¢ for sand and silt.

Section 8 shows how a design storm can be trans-
formed into an equivalent number of the maximum
load in the storm by accumulation procedures with
pore pressure or shear strain as memory. It is shown
that it is important to distinguish between stress-
controlled and strain-controlled cyclic tests, and
that strain-controlled cyclic tests can be predicted
from stress-controlled tests, or vice versa, by the
accumulation procedures.

Section 9 points out that the target in situ rela-
tive density and water content for reconstitution are
both challenging to determine. It is recommended
to prepare sand and silt samples by wet tamping
or water deposition, unless the silt content and the
sample quality is high enough to use “intact” sam-
ples. It is shown that even sand and silt will creep
during consolidation, and the specimens should be
allowed to consolidate at least over night at the max-
imum consolidation stresses. The specimens should
be presheared with representative cyclic shear stress
and number of cycles, if it can be documented that



the foundation will be subjected to preshearing prior
to the main design event. The cyclic soil parame-
ters will depend on the load period. The number of
cycles to failure relative to a 10 s load period can for
clays be 5 times higher or smaller for 1 s and 100,
respectively.

Section 10 presents correlations of undrained static
shear strength of sand and silt with both relative
density and water content. The correlations show
that the static strength depends on the fines con-
tent. Undrained shear strength of clay is given as
a function of plasticity index. The shear strength
anisotropy is more pronounced for sand than for
clay, and increases with increasing relative den-
sity. The undrained shear strength increases with
increasing overconsolidation ratio, but the effect is
significantly smaller for dilatant than for contractant
soils.

The slope of the failure line in effective stress path

plots, o', is correlated to relative density, water con-
tent and consolidation stress for drained DSS tests.
o' for undrained tests is essentially independent of
relative density, water content and consolidation
stress, but decreases with increasing clay content
and plasticity.
Section 11 shows that the stress-strain behavior is
highly non-linear and anisotropic. The anisotropy
is, as for shear strength, more pronounced for sand
than for clay, and increases with increasing relative
density. The stress-strain properties also depend on
the overconsolidation ratio, but more for clay than
for dense sand.

Correlations for the initial shear modulus show

that the initial shear modulus decreases with
increasing overconsolidation ratio when normalized
with the undrained shear strength, and increases
with overconsolidation ratio when normalized with
the reference stress, o;,. The initial shear modulus
increases with decreasing plasticity index in both
cases.
Section 12 presents correlations of undrained cyclic
shear strength of sand and silt with both relative den-
sity, water content and number of cycles. Examples
of DSS and triaxial cyclic strength contour diagrams
are presented for different soils and densities.

The correlations show that the cyclic strength
depends on the fines content. The cyclic shear
strength also depends on the average shear stress.
For dense sand the cyclic shear strength depends
strongly on whether the additional average shear
stress is applied drained or undrained, and for tri-
axial tests whether the drained average shear stress
is applied by increasing or decreasing the normal
stresses. The ratio of cyclic to static shear strength
of clays decreases with decreasing plasticity.

The cyclic shear strength anisotropy is more pro-
nounced for sand than for clay, and increases with
increasing relative density. The cyclic shear strength
increases with increasing overconsolidation ratio,
but the effect is significantly smaller for dilatant
than for contractant soils.
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Moderate preshearing increases the shear strength.
Preshearing causing large shear strains may, how-
ever, break down the structure and reduce the shear
strength. Special attention to negative effects should
be given for overconsolidated soils.

The paper concentrates on non-carbonate soils,
but correlations of cyclic DSS strengths of non-
cemented carbonate soils with water content are
presented in Section 12.9.

Section 13 presents contours of cyclic and average
shear strains as functions of number of cycles, and
as functions of average and cyclic shear stresses, for
sands and silts with different densities. The cyclic
stress-strain behavior is non-linear and anisotropic.
The stress-strain behavior also depends on the over-
consolidation ratio, but more for clay than for
sand.

Section 14 presents contours of permanent pore
pressure as a function of number of cycles, and as
a function of average and cyclic shear stresses, for
sands and silts with different densities.

Section 15 show data that seem to indicate that
that the damping ratio increases with increasing
shear strain and number of cycles, but contours for
damping are not established.

Section 16 proposes expressions for virgin, unload-
ing and reloading constrained moduli, and param-
eters are correlated to fines content and water
content. Reloading moduli for clays are found
to increase significantly with decreasing plasticity
index.

Section 17 shows that the vulnerability of a soft
clay slope to cyclic loading, including earthquakes,
depends on the permanent shear strain that develops
during the cyclic event, and that a failure can occur
due to accelerated creep during or after the cyclic
event.

Section 18 describes commonly used procedures
of different complexity to calculate capacity, cyclic
displacements, permanent displacements, and soil
spring stiffnesses. A procedure to calculate behavior
during a cycle is also described.

Section 19 presents prediction and backcalcula-
tion of several different prototype observations and
model tests that verify the soil models and the
calculations procedures proposed herein.
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