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Chairman’s address
Discours présidentiel

K.AKAI, Kyoto University, Japan

As the construction demand is incrcasing
globaly either duc to increasing population or
rapid pace of industrialization we are running
out of the choicest place for construction. We
are continually faced with poor sites,
unfriendly geology and hosts of other problems.
Choices that are left to us 1s either to abondom

the site, which we may no longer be able to
afford, or to improve our technology to meet
these shortcomings in the nature successfully.

And in this session we endecavoured to do that.

Last few years have seen a hcciic growth 1in
rescarch activities in the field of soft rock
engineering, as evidenced from the publication
of research papers 1In various journals,
periodicals and magazines.

Under these circumstances, the establishment
of ISSMFE Committee on Soft Rocks and Indurated
Soils was proposed by the former President of
ISSMFE, Prof. Bengt B. Broms to succeed the
ISSMFE Technical Committec on Undisturbed
Sampling and Laboratory Testing of Soft Rocks
and Indurated Soils. The Japanese Society of
Soil Mechanics and Foundation Engineering
(JSSMFE) was asked to support the Technical
Committee. The Japanese Socicty accepted his
request and recommended Professor Koichi Akal,
Professor of Kyoto University, as the Chairman,
and Professor Toshihisa Adachi, Professor of
Kyoto University, as the Secretary of the
Technical Committee. The President Broms
accepted the JSSMFE's recommendation and invited
the membership of the Technical Committee.

The President Professor Broms said about
this committee that "Much valuable work had been
carried out by the ISSMFE Technical Committee on
Undisturbed Sampling and Laboratory Testing of
Soft Rocks and Indurated Soils sponsored by the
Australian Geomechnical Society. It was
proposed to organize a discussion session at the
8th Asian Regional Conference 1in Kyoto 1987
where the report or papers based on the rcport
of the Committee would be discussed.
Modifications or rewriting might be required of
the report by a working group within the new
Committee. Difficulties or even failures were

often connected with the construction on
indurated solls and weak rocks such as tunnels,
stability of slopes and deep excavations as

indicated by numerous case hislorics. It would
be valuable to organize a discussion session at
the 12th ICSMFE in Rio de Janciro, Brarzil, in
1989 where e.g. various stablilization mcthods
could be discussed such as bolting, anchors,
soil nailing, shotcrete and drainage.” Then he
proposed the following terms of reference for
the committee:

(1) organize a discussion session at the 1987
Asian Regional Conference in Kyoto, Japan,
concerned with sampling and testing of soft
rocks and indurated soils.

(2) organize a discussion session at the 12th
ICSMFE on construction problems connected with
Indurated soils and soft rocks.

However, it was with deep regret that we had
to decline the honor of organizing a dliscussion
sesslion at the 1987 Asian Resional Conference 1n
Kyoto, Japan, because the time schcdule of the
conference had been already fixed. The terms of
reference of this committee would be limited to
organize a discussion session at the 12th ICSMFE
in Rio de Janelro on construction problems
related to excavation In soft rocks.

In order to run the discussion session
effectively, we sct themes of discusslon, e.g.

(1) Excavation problems on
- slopes
- foundations
- tunnels
- opcenlngs
- others

(2) LEach problem includes
- physical 1indices
properties
- fleld Investigation and laboratory

and engineering

tests

- design principles and design
mec thods

~ field measuremecnt and field
behavlor

(3) Other Interests
- criteria for Indurated
soft rocks
- world-wide
rocks
- speccial features of
rocks

soils and
distribution of soft

regional soft

Discussion Session No.5 "CONSTRUCTION
PROBLEMS RELATED TO EXCAVATION ON SOFT ROCKS"
was held from 4:00 pm to 6:30 pm on Monday,
August 14, 1989. During the session followlng
six rcports wern prescnted:

2827



1. Dr. DOBERLINER (Brazil) "General Report”

An outllne of the present knowledge of soft
(weak) rocks was presented. Several kinds of
case studies on soft rock problems in
gcotechnical enginecering were high-lighted. He
emphaslzed the difficulty of the definition of
the word of "soft rock"” and the Importance of
soft rock problems in civil ecnginecring. He
explained the distribution of soft rocks In the
world and englneering properties of each soft
rock. He also explained threce typical
phenomena, i.e., swellling, squeezing, and
liquefaction which are often experlenced during
the excavatlon works 1In soft rock grounds.
Finally, outlines of five technical papers
submitied to this session of 12th ICSMFE were
introduced.

2., Dr. D.G.COUMOULOS (GREECE) "Field and
laboratory investigation on soft rocks"”

Experience from field investigation and
laboratory tests on soft rocks was presented.
On some weathered soft rocks it Is posslible to
perform all soll mechanics tests for
classilication and for compressibillty and
strength. On less weathered soft rocks it s
usually sufficlient to determine compressibility
and strength properties. It iIs belleved that
preference should be given to point load tests
which can be carried out quickly in the ficld on
cores from the boreholes and on samples from
test plts. Typlical results were explained from
ficld 1Investigation on weathered shale and
clayey marl which were the basic subsurface
formations in the Athens and Piraeus areas, and
ranges of varlation were given of laboratory
test results. Deep excavation work 1in the
Athens shale and 1{ts support were also
presented.

3. Dr. P.J.HUERGO (BELGIUM) "Problems to
assess bearings and dips of Joints 1in soft
rocks slopes. Mechanical parameters of

transition materials™
Case records on slopes 1n shales, marls, and

chalks were presented.

-the slide risks 1n the Cointe hill and
Marteclange near-surface weathered decstressed
shales. (Belglum)

-the Wonck chalk quarry slide. Induced damages
on a railroad tunnel. (Belgium)

-the slope stability on the Kenper marls.

(Luxemburg)

-some different slide cases in the Greek marls
from sloped sites near Salonica and Crcte.
(Greece)

In his dlscussion, the role of the water was
fully explained to evaluate the safety factor of
slope correctly.

4. Mr. A.DENDA (JAPAN) "Large scale
vertical excavation works in Neogene sedimentary
soft rock mass"

The constructlion ol in-ground oll storage
tanks at Akita Prefecture, Japan was Iintroduced.
These tanks are the largest of their kind in the
world. An Intensive instrumentation and
monitoring system was adopted and measurements
were fed back for prediction of the next step
and also to the excavation work with rcal time.
Consequently, work was complcted safely and
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economically all the way to the final
excavatlion. In spite of the complexity of the
conditions or factors governing ground bchavior,
ground stablility and a safe excavalion were
secured agalinst such peculiar deformation as
slippage which can not be foresccen before
excavatlion. In addition to the monitoring
system, detailed 1nvestigation and tests on
swelling and slaking also contributed to a
successful cxcavation.

5. Prof. C.OTEO (SPAIN) "Heaving of the
bottom in the open pit excavation on marly
formations, with speccial consldecration to the
gypsum-marl case”

Serlous difficulties can be found at the
bottom in the open pit excavations in marly and
marly-clayey formations. DBeside the possible
slope excavation iInstability or the excavation
bottom falilure (due to a low becaring capaclity,
facts more frequent in soft clay formatlions than
in marly ones), the problems of heaving of the
bottom were presented. The different types of
heave and their causes in Spain were introduced.

6. Dr. A.NEGRO (BRAZIL) "Stabllity conditlons
of tunnels in fissured grounds™

Typical problems during the excavation of
tunnels in shale and in hard fissured clay built
in Canada and Brazil were discussed. Kecy words
in his 1lecture were criteria for stability
assessment, ground parameters cvaluation, back
analysis, stochastic method, three dimensional
deformation analysis and time-dcpendent tunnel
stability.

After the six presentations, Discussion Leader,
Prof. Johnston 1led the floor discussion.
Discusslons from the floor were conccentrated to
the following two topics:

-size
and

of the specimen for the laboratory test,

-merits and demerits between the laboratory test
and fleld test.

Prof. Shinjo (JAPAN) discussed the effects of
drying on weathering of mudstone. It was
discussed on the basis of the results of the
alternate drying and wetting tests which were
carried out on cylindrical specimens cut in both
vertical and horizontal axial dlrections to
bedding plane. He concluded that the
anlsotroplic axlal shrinkage strain gecnerated 1in
the first drying process was one of the
important weathering factors influencing the
deterioration of mudstone.

Finally, he presented summary at the end of
the session. In summary, emphascs were placed on

1) the research on soft rock is very important
to narrow the gap between soil mechanics and
rock mechanlics.

2) The definition of "soft rock”™ and the
unification of testing methods should be
hurried.

In addition, the Committee was requested
to prepare a draft report which should represent
a world view of the state-of-the-art. It 1is,



howcver, not easy task to make a world vicw of
the state-of-the-art. Therefore, it was
decided, for the sake of clarity, to divide the
report into two parts:

(1) mechanical properties of soft rocks, and

(2) case histories on the excavation problems in
soft rocks.

The preliminary draft of the Technical
Report which was prepared by the Japanese local
task force committee members, was distributed to
each member of the ISSMFE subcommittee and cach
members of the Japanese local task force
committee. Based on the comments and
discussions sent from them, the Technical Recport
was completed. The Technical Recport has scven
chapters as follows:

1. Mechanical properties of soft rocks and
indurated solls,

2. Constitutive equation and failure <criteria
for soft rock,

3. Foundation of sea bridge,
4. Slope excavation,

5. Large-scale vertical excavation works In
neogene sedimentary soft rock mass,

6. Tunnelling 1n soft rocks and Indurated
solls, and

7. Underground space and opening.

In addition, some technical papers and
references related to the discussion session
No.5 were accepted. Those are also included 1n
the report.

In conclusion, I want to thank all the mcmbers
of the ISSMFE Technical Committece and of the
Japanese local task force committee for their
kind devotion. The stimulating discussion
presented in Discussion Session No.5 and the
distinguished Technical Report in my opinion
have enriched our knowlede in this area than
before.
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Discussion leader’s report: Material properties of soft rocks
Rapport de I'animateur: Propriétés des matériaux des roches tendres

. W.JOHNSTON, Department of Civil Engineering, Monash University, Melbourne, Australia

1. SOFT ROCK IN THE GEOTECHNICAL SPECTRUM

Traditionally, the science of soil mechanics and foundation engineering
has been concemed with the low strength end of the overall geotechnical
spectrum wherein the behaviour of materials, such as sands and clays,
has received considerable atiention. Over the years, soil mechanics has
developed many methods for determining material properties which are
suited to the characteristics of these materials so that relevant properties
are obtained for the purposes of design.

However, it is rare to see soil mechanics references to materials
exceeding about S00 kPa in uniaxial compressivc swrength. Where these
stronger materials are encountered, it is normal practice to simply
extrapolate traditional soil mechanics technology. Little concession is
given to test methods which may be more appropriate to these harder,
more brittle, dilatant and often discontinuous materials.

The other major geotechnical science is rock mechanics. In contrast to
the soil mechanics approach wherein the geotechnical materials have
generally been regarded as a continuum, rock mechanics, because of the
dominant influence of defects, is primarily a study of discontinua, with
the properties of the intact substance being of little consequence when
compared with the much weaker defects. Since the degree of difficulty
involved in moving from continuous to discontinuous materials increases
by a quantum leap, it is not surprising to find that rock mechanics is
dominated by empirical design methods with, as yet, little to rival the
more precise formulations of soil mechanics.

Soft rocks are occasionally considered in the rock mechanics literature,
but it is noticeable that, even though the rock substance properties
become comparable to the defect properties, the approach usually adopted
is a qualitative extrapolation of hard rock technology. Again, little
concession has been given to the characteristics of soft rock; to their less
brittle behaviour, to their more compressible characteristics and to the
importance of the effective stress concept.

These two principal areas of geotechnical engineering have developed
independently with their own methods of classification, testing,
interpretation and design. While each has ventured bevond its traditional
boundaries to consider some of the problems of sofi rocks, these
excursions have been very tentative and characterised by conservatism.
There seems to have been little effort made to correlate or unify these
different approaches to the solution of the engineering problems of soft
rock, including the determination of their material properties.

It follows that soft rock could be considered as occupying a no-man's-
land, a sort of geotechnical twilight zone, between materials which have
been traditionally regarded as the separate domains of either soil
mechanics or rock mechanics.

While there are obvious historical reasons for this independent
development, it could be considered now, perhaps, to be an unfortunate
progression which has lead to alternative, and often contrasting
perceptions of engineering properties and performance.

For example, there are significant variations between the respective
approaches of soil and rock mechanics in quantifying the strength of an
intact geotechnical material. When the strength of an intact specimen of

stiff clay is required, the soil mechanics course of action would probably
involve the use of the triaxial test This technique would necessitate the
mounting of the specimen in a triaxial cell and confining it by a selected
cell pressure. The specimen would then be axially loaded to failure
under represcntative drainage conditions to yield either effective or total
strength parameters in terms of cohesion and angle of friction. It is
comparatively easy to obtain these parameters for soils as sufficiently
high confining pressurcs are readily obtained in the laboratory (i.e.
confining pressures much greater than the cohesion, can be obtained so
that the angle of friction can be defined).

In rock mechanics, however, the strength of an intact specimen of
sandstone, say, would probably be defined in different terms, perhaps
even making use of empirical test methods such as the point load index
test. Triaxial tests are occasionally used but because of the strength of
rocks, the confining pressures attainable are rarely greater than the
uniaxial compressive strength. Therefore, it is unusual to bc able to
define more than just the uniaxial strength. Furthermore, in the case of
laboratory strength tests on rock, little consideration is given to the
influence of pore water pressures or conditions of drainage.

These different methods of defining the strengths of the respective
materials have perpetuated the apparent difference between the malcrials
themselves. This difference has been exacerbated by the fact that soil
strengths are generally considered to be reasonably represenied by linear
Mohr-Coulomb envelopes whereas with rocks, highly non-lincar
envelopes are considered more representative.

One must ask whether the many differences between the bchaviour of
soils and rocks are of a fundamental nature, or have these apparent
diffcrences merely been perceived and sustained because of the
traditionally diverse approaches used in the two principal geotechnical
sciences.

There is a small but increasing volume of evidence to suggest that soils
and rocks form a continuous spectrum of materials in which engineering
characteristics and properties change gradually as the spectrum is crossed.
For example, in some recent work at Monash University, my collcague,
Dr. Novello and I, have examined the performance of a wide range of
materials in the critical state framework. It would appear that there is
lide difference between the observed performance of these
materials despite strength differences ranging from a few kPa to several
hundreds of MPa (i.e. some 5 orders of magnitude) as is illustrated in
Figs. 1 and 2.

Therefore, despite the apparent radical differences between soils and
rocks, could it be that both groups are actually all part of the same
progression?  Variations in their characteristics and propenies could
simply be a matter of degree than of fundamental nature, with soft rocks
forming the "missing link” between the two traditionally different
materials. On the basis of this argument, it follows that soil mechanics
and rock mechanics are more than just loosely related areas of the
applied earth sciences. They are, in fact, the extreme ends of the same
area of science, govemed by exacty the same principles.

It follows that the important relationships, such as the distinction between

effective and total stress analyses, which are of everyday application in
soil technology, are equally applicable to rock mechanics. While in soils
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this distinction must be made 1o account for the influence of pore water
pressures which can be of the same order of magnitude as the soil
strength, with hard rocks, the pore water pressures may only be a small
fraction of their strength, making this distinction much less critical.
Conversely, when considering the mass strength of rocks, the presence of
weak defects or discontinuities can have a pronounced influence simply
because the defects can be an order of magnitude or more weaker than
the intact rock. Exactly the same principles apply, and indeed have been
applied to soils but because of the significantly smaller differences
between intact and defect strengths, the influence of defects is not as
marked.

It is therefore suggested that since soft rocks display the engineering
characteristics of both soils and rocks, for its technology to emerge from
its current nebulous state, the combined contributions of both soil and
rock mechanics must be recognised as being essential. This implies that
those who deal with soft rocks should be familiar with the principles of
both areas of expertise.
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2. METHODS FOR DETERMINING MATERIAL PROPERTIES

There are two basic approaches which can be used for the determination
of material properties; the first involves undisturbed sampling and
laboratory testing and the second involves in-situ testing. The approach
most suited to any given investigation must depend on many variables.
It is not my intention here to consider these factors nor enter into a
discussion on which approach is to be preferred for soft rock.

What I would like to do in the time remaining is to select a test
method from each of the approaches and examine it from both a soil
mechanics and a rock mechanics approach.

3. LABORATORY TESTS

There are a number of laboratory tests which can be carried out in order
to obtain material properties for design in both soils and rocks. One
such test is the triaxial test, which as discussed previously, is used for
both soils and rocks. I do not have time to go into all the details of
this test technique. All I propose 10 briefly consider is the rate at which
the axial load should be applied to the sample.

According to ISRM suggested methods (Brown, 1981) the load on the
specimen should be applied at a constant stress rate such that failure will
occur within 5 to 15 minutes of loading. Altematively, the stress rate
should be within the limits of 0.5 to 1 MPa/sec. If the first rate were
adopted, then the rate of strain application would be approaching 1 x 102
strain/min. If the altemative rate were selected, then the rate of strain
application would be significantly higher with the test completed in a
matter of seconds. According to the ISRM standard, either of these rates
would be acceptable (although the first would probably be selected).
These rates may well be acceptable to relatively hard rocks where
induced pore water pressures are not significant. However, if these rates
were applied to soft rocks, significant errors could be introduced.

Fig. 3 shows the results of a series of triaxial tests conducted on
specimens of Melboume mudstone. Each sample was tested under
identical conditions of one-way drainage at a confining pressure of 3.56
MPa. The only difference in the tests was that the rates of strain



application were varied to cover the range of very slow (about 10°
strain/min) to relatively fast (about 10" strain/min). The figure shows
the effect of this change of applied strain rate on the measured deviator
stress required to cause failure. The reason for these changes is the pore
water pressures generated as shown. Clearly then, had this same material
been tested according to the ISRM suggested methods, serious error
would have resulted.

If the well established methods of Gibson and Henkel (1954) are applied
to the triaxial tests on this material, then as has been demonstrated by
Chiu, Johnston and Donald (1983), an appropriate test rate can be
selected so that pore pressure effects are kept to insignificant levels.

Although there would appear to be established methods for the triaxial
testing of rocks, these methods may not be suitable for soft rocks.
Indeed, without a working knowledge of the basic principles of soils
testing, as has been illustrated in this case, the results obtained could
have been in serious error.

4. IN-SITU TESTS

There are a number of in-situ tests which can be applied to both soils
and rocks. However, there is one particular in-situ test technique which
is common in soils and is becoming increasingly applied to soft rocks
with the development of high capacity instruments. This test is the
pressuremeter.

For tests in soils, the pressuremeter probe is introduced to a borehole
and the probe is expanded against the borehole wall in increments of
applied pressure to obtain a pressure - radial strain curve. From this
curve, on the basis of a number of relevant assumptions it is possible to
estimate the elastic modulus as well as the strength of the soil. This is
a well established technique in soil mechanics investigations. When such
tests are conducted in a soft rock, the same basic technology is applied,
so that estimates of modulus and strength can be obtained.

When the pressuremeter probe is expanded, the radial stresses are
compressive and the circumferential stresses are initially tensile.
Provided yielding occurs before this tensile stress reaches the tensile
strength of the material tested, then the test will continue with the
material surrounding the borehole remaining intact. This is normally the
case with pressuremeter tests in soils. Therefore, in the extension of
pressuremeter technology from soils to soft rocks, it is also assumed that
the tensile strength of the tested material is not exceeded, and that the
material remains intact.

However, with soft rocks, because of a number of characteristics, it is
much more likely that the tensile strength will be exceeded before first
yielding occurs. (Haberfield and Johnston, 1986). This means that
radial cracks will occur in the borehole walls and these will propagate
outwards as the pressure is increased. These cracks will radically
influence the measured response of the pressuremeter with the result that
the pressure-radial strain curve will be much softer. Consequently, any
derived elastic modulus will be significantly less than had cracking not
taken place.

In order to give an idea of the effect of this cracking phenomenon on
moduli as they would be estimated from a pressuremeter test result, Fig.4
shows the results of an analysis for a moderately weathered mudstone.
It is clear that if a correct estimation of modulus for a soft rock from a
pressuremeter result is to be obtained, the cracking phenomenon must be
taken into account.

This situation is then an example of how the application of established
soil mechanics technology to testing in soft rocks could lead to
significant emor.  However, it has long been recognised in rock
mechanics that loading of the kind found in pressuremeter testing must
lead to the development of radial cracks. Therefore, a working
knowledge of rock mechanics would have recognised that cracking would
occur, so that the appropriate steps could be taken.

5. CONCLUDING REMARKS
In the time which has been made available for this short presentation, it

has not been possible to present a detailed assessment of how the many
different material properties of soft rocks may be obtained. A
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Fig. 4: Variation of measured modulus to actual modulus with cffective
in-situ horizontal stress for a mudstone tested with a pressuremcter and
subject to radial cracking (after Haberfield and Johnston, 1986)

considerably longer time would be necessary for this task. However, by
the few examples I have prescnted, [ hope I have persuaded a few of
you that soft rock merits special attention.

1 have indicated that it is my opinion that soft rocks are not merely
materials which form a margin to the two principal areas of study, but
are, in fact, central 10 a continuous spectrum of materials ranging from
soft clays to hard rocks, the behaviour of which are govemed by the
same engineering principles, technologies and relationships. I would also
argue that for soft rock technology to advance, it is most important that
the respective contributions of both soil and rock mechanics are
recognised and applied.
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Discussion

A.DENDA, Shimizu Corporation, Tokyo, Japan
H.HAYASHI, Shimizu Corporation, Tokyo, Japan
H.KAWASAK|, Shimizu Corporation, Tokyo, Japan

Generally, Neogene sedimentary soft rock is not
indurated enough and its hardness is in-between
that of rock and soil. On the other hand, it shows
brittle mechanical behavior like that of rock but,
on the other hand, like soil, pore water plays an
important role in its mechanical behavior. Such
non-soil, non-rock intermediate features result in
the peculiar sedimentary soft rock characteristics
given below:
1. Slaking
2. Swelling
3. Plastic and viscous behavior
4. Strain-softening behavior (Residual
Strength)
5. Anisotropy
Engineering problems for construction works in
and on soft rock mass basically result from the
peculiar strength and deformation properties of
soft rock, however, these unique mechanical
properties are apt to deteriorate with time. Soft
rock also has a tendency to deteriorate when it is
repeatedly moistened and dried. Even these tenden-
cies make engineering problems of construction
works in and on soft rock mass more complicated
and difficult to solve with existing technologies
acquired through the experience of overcoming
engineering problems on soils and hard rock mass.
The object of this paper is to introduce the
construction of in-ground oil storage tanks at the
Akita o0il storage base. These tanks were con-
structed in the Funakawa formation, which is a
typical Neogene soft rock mass in Japan. These
tanks are the largest of their kind in the world.
Preventive measures against slaking, swelling,
and creep as described above were taken into
account beforehand during the planning, designing
and construction. In addition, real-time observa-
tional excavation with instrumentation was per-
formed with excellent results.

OUTLINE OF THE WORK

Akita 0Oil Storage Co., Ltd. has been constructing
an oil storage base with a total capacity of 4.5
million kiloliters. This oil storage base is
located in the Tohoku area on the southern coast
of the Oga Peninsula on the Japan Sea. As shown in
Figure 1, the oil storage base has a west base (4
in-ground tanks with a total capacity of 305,000
kl) and an east base (8 in-ground tanks with a
total capacity of 353,000kl). At present, the
tanks in the west base have been already complet-
ed. The tanks in the east base are still under
construction.

This report examines construction of two tanks
(TK-03, TK-04) of the 4 tanks in the west base.

Figure 2 shows a structural outline of the

tanks. The inside diameter of the tank is 90m, and
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the maximum oil depth is 48m. The side wall is a
concrete shell with a 2.7m thickness, and the
bottom is a concrete plate with a 0.5m thickness.

The diameter of this large scale excavation is
96m, and the depth from the formation level is 39m
for TK-03 and 36m for TK-04. Anchored soldier
beams (H-300x300x10x15mm) with shotcrete for
supporting the temporary retaining wall are driven
at intervals of 2.5m. For the rock anchor work,
steel strands made of high tension strength wire
with a diameter of 12.7mm are driven in at 6
levels at 6m intervals for TK-03, and at 5 levels
set at 6m intervals for TK-04, The initial ten-
sioning force to the rock anchor converted into a
distribution load on the retaining wall is between
15-39kPa. This value is relatively small. The main
purpose of the rock anchor is not to confine the
ground deformation (analysis in the design judged
the ground to be self-supporting without rock
anchors.) but to prevent the excavated surface
from being loosened.

Figure 3 shows the construction work for TK-03.

OUTLINE OF THE GROUND CONDITIONS

The construction site is reclaimed land. Original-
ly the site was covered by 0.5-6.0m of sea water.
The underlying geological structure belongs to the
Funakawa Neogene Formation except for the land
fill covering the surface of the site.

Before construction began, a detailed geological
survey was made so that geological distribution,
rock mass conditions, and physical and mechanical
Tock properties could be taken into consideration
for the design. Furthermore, during excavation,
the rock characteristics used in the design were
checked through laboratory tests on block samples
taken at three different depths.

Table 1 shows typical properties of the samples.
Each sample consists of as much as 70% clay frac-
tion and has high plasticity. According to X-ray
diffraction analysis, one clear peak is seen at
about 20=7°, proving the presence of montmorillo-



FIGURE 3.

Excavation work in TK-03 tank.

nite, an éxpansive clay mineral. Unconfined com-
pression strength is in a low range, 2-5MPa. This
shows that the solidification is premature.

As mentioned above, the Funakawa Formation
consists mainly of extremely fine particles and
contains montmorillonite. Since repeated wetting
and drying of the excavated surface would cause
slaking, and since swelling due to stress relief
was also a concern, proper measures were needed.

Slaking had been predicted by the precedent
detail investigation, slaking tests were conducted
based on the JSCE method on block samples. The
tests reconfirmed that the portion of mudstone
that dominates most of the Funakawa Formation is
likely to cause slaking. However, as these series
of tests were index tests in a sense, the choice
of actual measures could not be based on the test
results. Therefore, prior to full-scale excava-
tion, to define possible measures against slaking,
a test excavation was performed at the work site
TK-03. This in-situ test confirmed that an effec-
tive measures against slaking would be to prevent
the excavated surface from drying by coating it
with cement paste just after excavation.

According to the preliminary investigation, as

TABLE 1.

Typical properties of Funakawa mudstone.

Sample A | Sample B | Sample C

DL-12. 5m | DL-25. Om | DL -40. 5m
Sand Fraction(>74 um) ¢} 2.3 1.2 1.0
Silt Fraction( 5~74um) (X) 29.3 20.0 26.2
Clay Fraction(< Sum) (¢} 68.3 78.8 72.8
Liquid Limit w9 130. 1 157.0 97.8
Plastic Limit W, () 34.1 47.1 34.0
Plasticity Index I 86.0 109.9 63.8
Activity Ac 1.834 1. 640 1. 094
Specific Gravity Gs 2,72 2.68 2. 65
Natural Water Content W. (%) 29.3 26. 3 8.0
Wet Unit Weight 7. (kN/m) 18. 82 18.91 18.91
Dry Density 7. (kN/D") 14. 50 14.99 14. 80
Natural Void Ratio e 0.83 0.75 0.75
Degree of Saturation S. ¥ 96. ( 94.0 98.9
Unconfined Compressive

Strength  q. (MPa) 2.17 2.70 5.30

Tensile Strength o. (WPa) 0.321 0. 382 ). 405
Consolidation Yield Strength P. (MPa) 11.27 11. 47
Compression Index a 0.216 0.191 0. 126
Swelling Index X 0. 055 0.043 0.048

long as the excavated surface was protected from
drying, considerable swelling that would have to
be taken into account in the design is not gener-
ated. Therefore, cement paste coating is an effec-
tive measures against swelling, too.

INSTRUMENTATION AND MONITORING

Figure 4 shows measurement items
the instrumentation. Most of the
linked to a microcomputer in the measurements
control shack set up at the work site. All data
were obtained automatically at fixed time inter-
vals.

In this monitoring system, two grades of crite-
ria of ground behavior are set as construction
control standard. One is called the allowable
limit and the other is call the control limit. A
flow chart was employed in the work manual as
shown in Figure 5. The allowable limit is a fixed
value that depends on the strength of the ground
material. Urgent measures must be taken if the
ground behavior might exceed this limit. On the
other hand, the control limit is beforehand estab-
lished beforehand as the maximum value at each
excavation stage which should not exceed the
allowable limit at the final excavation stage.
Examination on measures for the next excavation
stage should be made when ground behavior might
exceed specified values at each construction step.

and the layout of
instruments were

Fixed-In-Place Inclinometer
Rock Deformeter
Strain Gauge (Soldier Beams)

3-D Sliding Micrometer
(TRIVEC)

Probe [nclinometer

an® d 37 (Unit:m

(a) Layout of instrumentation

|

X

(b) Monitoring items

FIGURE 4. Layout of instrumentation, and monitoring items and system.

} ]
- |
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Continue to
_ Excavate

Final Step of
Excavation

Allowable Limit : Urgent measures must be taken
when ground behavior exceeds this limit
Control limit : This limit is established at each
excavation stage. Examination on measures for
the next excavation stage should be made when

ground behavior exceeds this limit

FIGURE 5. Flow chart for excavation control.

MEASUREMENT AND ANALYTICAL SIMULATION

The monitoring system provided new information as
the excavation proceeded. Calculation conditions
were altered or adjusted by elastic back analysis
(axisymmetric finite element analysis) of ground
behavior obtained through the monitoring system.
After that, ground behavior at each excavation
stage was predicted by calculation using updated
information on the conditions. Anchor tension,
layout and size were also reviewed.

As the excavation proceeded, some unpredicted
slide deformation did occur, as shown in Figure 7.
Such discrepancies were due to the heterogeneity
of the ground, that is, the local existence of
weak layers, or the anisotropy of the ground
judging from the measurements of the ground defor-
mation around the work site.

An analytical model which could evaluate the
slippage behavior was obtained using elastic back
analysis. In this analysis, joint elements were
used in the position of the possible weak layers
where slippage was observed. Based on this analyt-
ical model, the control limit in the each excava-
tion step was established.

After the completion of excavation, the analyti-
cal model was reviewed to simulate actual ground
deformation at each excavation stage, especially
to examine the slippage displacement. In estab-
lishing the constitutive equations of the above
analytical model, ground deformation was classi-
fied into four categories shown below:

1. deformation caused by relief of stress
(including creep deformation)

2. swelling deformation

3. deformation due to anisotropy of the
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ground, and
4. local slippage deformation.

Isoparametric elements were used for intact rock
mass. They have equivalent conversed strength
parameters which are put items 1 and 2 above
together. Regarding anisotropy, on the assumption
that intact rock mass is stratified anisotropic
elastic material, anisotropic strength is obtained
based on the research of Shinjo and Komiya (1984).
They showed that the peak and yield strength loci
in effective stress are not influenced by aniso-
tropy. Therefore, the following equation is iso-
tropically applied to the peak strength locus for
the intact rock mass (Watanabe et al., 1988).

M, (5-1)

(o] A*

where A is a constant, Mg is the stress ratio at

the peak strength (t1ooy / (op+ A*))f-

Concerning the joint element expressing the weak
layer, an elastic spring, which has a strength
proportional to normal force, was tentatively used
to define the joint element at first. Through back
analysis of the ground displacement, however,
elasto-plastic theory was applied to the joint
element (Denda et al., 1988). The strength parame-
ters of the joint element were obtained from the
slurry strength of the original intact rock. The
relationship between joint element stress(r,oﬁ)

and displacement (6h,6n) is expressed by the
following equation:

(dv { 45, )
i R 7o
| do | | as |
n n
oF
I!"H—k?-;-g —I’n-kn.i'E
11 o, & ds,
“Hl F oG i H ' ](5_2)
_[,../,n.;._. Iz’.-H—k:~£'£_ by
m’I mIl mll

where F is the yield criterion, G is the plastic
potential, and H is defined by the following
equation:

NP SN EHEHEH N E o

The following equations were used to define
yield criterion and plastic potential:

K-
o ) oMK S (5-4)
o 0% °, MI_+K’:-8‘;
o p oAk
oot Mg (o
0 l—a* a
n ny

where M¢ is the stress ratio at peak strength,
°n§ is the yield stress, a”
an initial shear spring constant normalized

X -
is a constant, Ks is

by normal stress, and GE is the plastic shear
displacement.

An axisymmetric analysis was made for the each
excavation stage. The intact rock mass was consid-
ered elastic, and weak layers were considered
elasto-plastic as mentioned earlier. In this
analysis, the normal spring constant is infinite
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calculations.

in modeling the joint element, because the weak
layer was thin and vertical displacement of the
weak layer was negligibly small.

Figure 6 shows the mesh layout, and Figure 7
shows examples of analysis results. As is
from the figures, the general tendency of
ground behavior can be expressed with the

proposed above.

Such deformation behavior

clear
actual
model
as

sliding is derived from the interaction between
the rock mass and the weak layer.

According to the local safety factor distribu-
tion in Figure 8, the minimum safety factor of the
intact rock mass is 1.52 even in this analysis,
which took into account slippage deformation. This
value means that the intact rock mass remains
within the elastic range.

Furthermore, from both the on-site measurements
and the numerical analysis, each slippage deforma-
tion ranges within only 17m or so from the retain-
ing wall. Consequently, the ground was totally
stable and was not in the serious danger of col-
lapsing.

URE 8.
CONCLUSION
An intensive insti n and monitoring system
was adopted and irements were fed back for
prediction of ¢t} ext I also to the exca-
vation work with real | >. Consequently, work was
completed safely and nomically all the way to

the final excavation. In spite of the complexity
of the conditions or factors governing ground
behavior, ground stability and a safe excavation
were secured against such peculiar deformation as
slippage which can not be foreseen before excava-
tion.

In addition to the monitoring system, detailed
investigation and tests on swelling and slaking
also contributed to a successful excavation.
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Discussion
P.J. HUERGO, Université Libre de Bruxelles, Belgium

Chalk is a typical transition material between soft
rocks and indurated soils. Many practical difficulties
arise in assessing mechanical behaviour specially from the
general scattering of experimental data when low test
stresses - as is often the case in civil engineering works
- are applied. Hereafter a description is made of a slope
slide in a chalk quarry as a consequence of digging
material for the lime and cement industry.

Fig.l Géological map of Belgium and landslide situation

The quarry is situated in eastern Belgium (fig.1), in
an upper Cretaceous (Senonian) region characterized by many
important calcareous outcrops. The quarry, about 80m hight,
is formed of a Maastrichtian grey chalk layer, 50m thick,
overlapping a Campanian white chalk layer, 30m thick. As a
result of a stratigraphical gap, an indurated chalk strata,
about 0.7m thick. (geologically called "hard ground"), had
been found at the contact between these two layers. The
chalk layers, compact, nearly horizontal and homogeneous,
are interrupted by two joint families, randomly located,
and both dipping near vertical and normal to one another.
The whole chalk mass overlays a calcareous glauconitic clay
bed called "smectite”.

The water table is situated in the lower chalk layers,
a seepage surface having been observed in the slope foot,
just over the smectite bed. The digging is permanently run
under water level. This may probably have been the early
reason of the weathering and increasing compressibility of
the lower chalk layers. Elsewhere, a railway tumnel, about
6m length circumscribed radius, is driven through the rock
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(or indurated soil) mass, juct below the hard ground.

All the factors - digging in progress towards the
tunnel reducing the lateral passive strength. large
distressed rock volume around the tunnel, loosening of the
lower chalk layers near the slope foot - were met for
creating physical conditions allowing a landslide.

Anyhow, the 1landslide came unexpectedly because
mechanical conditions were believed better than they actually
are. The accident involved the railway traffic being interrupted
and stopped the quarry work.

Even when the tunnel was one of the triggering landslide
ma jor factors, it served afterwards as a noteworthy observation
post to examine and point up cracks just into the chalk mass
(fig.2).

Sables et Limens

Sands and Silts

Grey chalk

Horizon rubefle - Hardground layer

+100
Craie blanche —
(companien)

White chalk

+80

LN REe SR LN LT =

Smectite

Fig.2. Géological profile of the chalk quarry.

As a result, a set of cracks with openings up to 0.1
m and slipped faces, as well as, here and there,
slickensides, could be observed just outside the lining,
towards the quarryside. The bearing of the cracks is
parallel to the tunnel axis and dips obliquely tangential
to the tunnel at the vault spring.

Only some cracks are visible at the top of the slope.
Their bearing is 40" to the slope crest and they form one
side of the assumed slide diagram. Some open cuts
revealed a set of cracks hidden in the ground -falling in
the rough alignment of the surface apparent cracks -
sketching a rather circular line.

SLOPE STABILITY ANALYSIS

Bearing and dip crack data around the tunnel made it
possible to embark upon a first slope stability analysis
assuming a sliding truncated wedge geometry. The near
vertical failure plane is tangent to the tunnel vault
(fig.3 diagram). According to the assumed dip, the
failure plane intercepts the top surface at a distance of
16 to 26m from the slope crest.

When point C - point where the slide edge intercepts
the top surface - moves away from the slope crest
(fig.4). the trapezoidal top plane of the wedge becomes
rectangular, changing then the assumed wedge shape.
Moreover. with this geometry, the tunnel length concerned
by the sliding wedge was toa short - no more than 26m -
when there had been observed that damages and cracks in
the tunnel lining extended about 65m length.
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The assessing of the mechanical parameters to use in
the calculations had been done from a set of triaxial
tests (U.U.) which gave the following mean values: for
the cohesion: 8-0.37 MPa, for the friction angle: #=12".
The whole set of experimental results has been bounded by
the following values: cg,=0.35 MPa and ¢m,-=1&la..

Calculations performed with mean values € and § gave
safety coefficients F that are everywhere above the
critical unity threshold. the minimum value reaching F=
1.87. To get values corresponding to failure risk,
calculations need to be performed with different
fracturing values K;. Then the critical threshold is
reached for fracturing values over 45% when observations
on field and on chalk samples disclose fracturing values
no more than 20%.

Calculation results prescribed changes to the wedge
geometry. Structural and lithological features suggested
that the sliding wedge may show the shape of figs. 5 and
6. where a trapezoidal bottom sliding plane is put in the
place of the sliding edge. Actually, this failure plane
is a multiple set of small shear surfaces developed into

\dopted failure wed

ction

the lower weak chalk layers above the smectite clay bed.
The lateral sliding planes AEXT and BDYV have the same
40° bearing towards the slope crest AB, but the length AB
and the area of baoth planes change with horizontal and
vertical (depth) digging progress at the quarry slope.
The dipping of the AE and BD edges is the same as the
observed cracks in the slope face.

With this geometry, the safety values for the mean
mechanical parameters are lower than those calculated
with the first wedge geometry. Nevertheless landslide
risk econcerns rather higher fracturing values. On the
other hand, when the cohesion decreases c (-cp,) and the
friction angle increases ¢ (+ ®.,..)., landslide risk
concerns progressively lower fracturing values K,. So
it's corroborated that landslide risk depends rather on
cohesion than on friction parameters.
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A finite element analysis performed on the basis of
an elastic, homogeneous and isotropic mechanical response
of the chalk with cohesion value down to c= 0.05 MPa and
friction value up to @ = 20° ( Bonnechere et al., 1985)
shows agreement between the assumed wedge sliding
vertical cross section and the higher extension stress
zone outlines. (fig.7)

77 deformed elements

b1 sheared elements

[T.] tension elements

7ZZ high deformation zone

Fig.7. Analysis by the finit method - final slope
situation (after BONNECHERE et al., 1985)

The choice of the last theoretical approach (figs.5 et
6) had been corroborated when the whole slided chalk
wedge was removed, revealing then, the actual failure
planes (fig. 8)

Zone broyes _—— Cassures - Cracks

Broken chalk ~

Morizon rubsfie disloque
Disrupted hard ground
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\
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Fig.8. Vertical cross section of the chalk quarry after
the removal of the slided wedge.
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Panelist contribution: Bottom heaving in open pit
excavations in gypsum marl and marly-ciay soils
Contribution de panelist: Soulénement du fond des
fouilles ouvertes dans le gypse, la marne et les sols
argilo-marneux

CARLOS S.OTEQ, Director Geotechnics Laboratory
CEDEX-MOPU, Spain

SYNOPSIS: In this contribution the problems of bottom

heave in open pit excavation, due to decompression and
to changes in physico-chemical conditions, are exposed.
Several examples of these phenomena are described, also

the factors involved in each case.

When important open pit excavations are carried
out in marl and marly-clay rocks, the following

problems are to be considered (Figure 1):
- Stability of excavation slopes.

- Possibility of the excavation bottom failure
owing to lack of bearing capacity (in soft,

saturated clay soils).
- Bottom heave owing to decompression.
- Changes

physico-chemical conditions of the material.

A consequent heaving of excavation bottom
wich is further accentuated by the above men-

tioned decompression.

This contribution will only deal with the

third and fourth types of problems.
The bottom heave depend:

1) On the Geotechnical properties of the marl

rocks.
2) On the excavation size.

3) On the presence of the expansive clay

fractions.

4) On the possibility of the chemical trans-

formations occur, etc.

In the following four examples of bottom hea-
All the examples
correspond to construction works carried out in

ving will be briefly here.
Spain.

b) RUPTURE DUFOND
BOTTOM FAILURE
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PROBLEMS DANS LE FOND DES FOUILLGS EN MARNES
{PROBLEMS IN MARLY FORMATIONS )

Figure 1.- Typical problems in open pit excava-

tions.
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Figure 2.~ Bottom heaving in the Sevilla shaft

- Case A:

(Uriel & Oteo, 1976).

Access shafts to the Seville under-
ground railway. The shaft are circular, about
30 m deep and 40 m in diameter, using the
slurry trench wall techniques. These walls
runs through saturated quaternary formations
and is embedded abo:it 8 m into the miocenic
"Guadalquivir blue rarls", typical soft marly
rock of the south of Spain. These blue marls,
with medium to high plasticity, have an unco-
fined compression strength about 2 MPa, and
containg 25% carbonate. The material involved
is fissured and with silt deposits in these
fissures. Some times gas and water pockets
are found in these "blue marls". The heaving
caused by induced decompression was about 5
cm and it occurred rapidly (Figure 2). Most
of the bottom rising happened during the
removal of the last part of the total over-
burden pressure, as is usual in phencmena
caused by soil unloading.

Case B: Corresponds to the Plaza Nueva shaft,
also in the Seville underground. Aside from
the decompression heaving in the bottom
shaft, several days after the excavation had
reached its maximum depth. The bottom rose
about 50 cm and this was caused by the pre-
sence of a gas pocket under pressure into
marls, near the shaft bottom. This gas bubble
was able to break thru and lift the "blue
marls" of the bottom. It became evident la-
ter, by continous dynamic penetration tests,
that the thickness of the marly formation
affected was about 8 m, with very low blow
count (Figure 3). To bild foundations for the
facilities in the bottom shaft, it was neces-
sary to bored micropiles traversing the de-
compressed area.

Case C: Excavation of some 17 m into a forma-
tion of alternating layers of very hard clays
for the construction of a treatment plant
near Madrid. The decompression separate the
clay and gipsum layers, causing gaps 1 mm
wide in some cases, that incresing the ho-
rizontal permeability. This, together with
existing vertical, soft clay filed fissures
in the gypsum (karstic phenomena), moistened
the montmorillonite clays with subsequent
swelling (Figure 4). In order to control the
access of the water to this zone, a 80 cm
thick by 5 m deep concrete trench wall was
built around three decanters. This wall redu-
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Figure 4.- Swelling measured in the Case C.

ce the water seepage and heaving (Figure 4).
Also the concrete wall was not able to stop
the heaving totally, at least it reduced it
in two of them. In the other case the presen-
ce of glauberite saltz in the gypsum (i.e.,
gypsum constituted by calcium and sodic sul-
fats) worsened the problem. The water seepage
through the glauberite brought sodium ions to
the clay wich gradually increased its swel-
ling capacity. Actual plan include lime grou-
tings in the area to solve the problem once.
At this moment, two decanters or three affec-
ted are in operation.

- Case D: To instal an important power plant in
Northern Spain 80 m excavations were required
through sandstones and gypsum marls. These
marls contain esmectites in the clay fraction
and anhydrite in their gypsum fraction. These
marls with an unconfined compression strength
about 30 MPa, are stratified horizontally.
Since the excavation, a heaving of several
centimeters has been measured over some ten
years (Figure 5). At present, owing to the
importance of the power plant, considerable
research is under way, both to understand
the phenomenon and to predict the end of the
heaving. The works includes a series of care-
fully designed swelling test, with and, with-
out controlled suction, in the CEDEX Geotech-
nical Laboratory from Madrid, using instru-
ments developed in Spain, by members of that
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Figure 5.- Field swelling measured
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Figure 6.- Long-term swelling tests in gypsum
marls (From F. Esteban).

Laboratory (Escarin, Esteban, Vifas, etc.)
The Figure 6 shows some of these long-term
tests carried out by Esteban. To sum up this
work it can be said that initial decompres-
sion of the marl allows water prenetrate its
structure wich, on reaching the clay part,
causes the swell of smectites. This relative-
ly rapid phenomenom, induces a new opening in
the structure of the marl, involving a posi-
ble hydration and swelling of the anhydrite
and growth of gypsum crystals. These phenome-

na, very slow, may be the cause of long term
heaving. During the run of the swelling
tests, in oedometer apparatus, a growth of

gypsum crystals has been observed.

In conclusion, before the excavation design
in marl, is necessary to study the posible
phenomena of bottom swelling (by decompresion
or by physico-chymical changes). The swelling
may be slow, after the bottom facilities are
build, resulting in a dangerous situation.
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Discussion

D.G.COUMOULQS, Consulting Engineer, Partner, Castor Ltd,
Athens, Greece

The discussion that follows presents experience
from field investigations and laboratory tests
on two types of soft rocks which are encountered
in the two biggest cities of Greece, Athens and
Pireaus. A pronounced construction activity is
taking place in bouth cities with deep excava-
tions, multistorey buildings, intersections, etc.

The basic subsurface formation in the Athens ar-
ea is a schist formation, called Athens shale,
which ranges from a very weak clayey shale with
varying degree of weathering, tec a very strong
calcareous shale with intermediate layers of con-
glomerate and limestone at places.

The basic subsurface formation in the Pireaus
area is a marl formation, known as marl of
Pireaus, which ranges from a hard clayey marl
to a strong calcareous marl.

Field investigations in the above formations are
carried out with the aid of rotary drilling.
Thin walled single tube and double tube core bar-
rels were tried using diamond bits and con-
trolled circulation of drilling water. Core re-
covery and sampling are in general poor partic-
ularly in the Athens shale. Best results are ob-
tained by drilling in dry, without circulation
drilling water, using relatively large diameter
double tube core barrels of the type T-101,
which yields a core diameter of 84 mm.

The following tests are usually performed in the
boreholes:

Penetrability tests

Penetrability is expressed in centimeters and
corresponds to the penetration of the standard
penetration test (SPT) sampler caused by 60
blows of the standard hammer. The idea of pen-
etrability was introduced by Stamatopoulos and
Kotzias (1974) for classifying rocks, and as will
be shown later, it can be used effectively to
differentiate between layers with varying degree
of weathering.

Water permeability tests

Water permeability tests in the calcareous shale
or in the calcareous marl, preferably with pack-
ers, are very useful as they give good indica-

tions about discontinuities and carstic cavities.

FIELD INVESTIGATIONS IN THE ATHENS SHALE

Core recovery and ROD (Rock Quality Designation)

are very low in the Athens shale. They vary at
random and do not show any improvement with
depth.

Typical values of core recovery and RQD,reported
by Kotzias (1988) are as follows:

Mean Standard No of

Value Deviation Results
Core recovery (%) 34 30 105
RQD (%) 4.5 13 105

Penetrability in the Athens shale

Figure 1 is a typical diagram of the variation
of penetrability with depth in the Athens shale.
It can be seen from this figure, that the degree
of weathering in the Athens shale is decreasing
with depth. At ground surface the degree of
weathering is, as expected, very high due to the
exposure of the material to atmospheric condi-
tions. Beyond the depth of 6 to 10 meters, the
permeability reaches a constant value, usually
not exceeding 6 cm.
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Fig.1 Variatio penetrability witl

depth in the Athens shal

Diagrams showing the variation of penetrability
with depth are to the author's opinion the most
effective way to distinguish between layers with
varying degree of weathering.

Further, it is possible particularly for soft
rocks, to establish correlations of penetrabi-
lity with compressibility and strength (Coumoulos
and Koryalos, 1981).

LABORATORY TESTS ON THE ATHENS SHALE
Figure 2 gives the ranges of variation of clas-

sification test results on samples of weathered
clayey shale that could be processed as soil.
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The soil mechanics tests yielded the following
results:

(a) Fines vary between 12 and 55 percent,
whereas gravel varies between 2 and 65
percent (fig 2a),

(b) It appears from the plasticity chart
(fig 2b) that the material processed
through a 0.42 mm sieve is clay of the
group (CL) of the unified soil classifi-
cation system.

(c) Dry _unit weight varies between 1.84
t/m3 and 2.25 t/m3 (fig 2c).
(d) Natural water content fluctuates be-

tween 5 and 23 percent and is always
below the plastic limit (see fig 2d).

FIELD INVESTIGATIONS IN THE MARL OF PIREAUS

Typical results of penetrability and rock quali-
ty (RQD) are presented in the histograms of fig-
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Fig.2 Summary of classification test

results on weathered shale.
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ures 3 and 4 respectively.

From experience which
is based on careful examination of the cores and

on determinations of calcium carbonate content,

it was possible to differentiate between clayey

marl and calcareous marl, and suggest the divi-
sion lines between the two categories shown in
these figures.

Water permeability tests in the boreholes yield-
ed a coefficient of permeability of the order of

10'6m/sec, when no discontinuities or other voids

were encountered.
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Point load tests on the marl of Pireaus

Point load tests were carried out on samples from
boreholes and test pits after immersing them in
water for 24 hours.

Typical results are shown in figure 5 together
with uniaxial test results on specimens from the
same samples. Based on these results, it can be
seen that point load test results can be used
for the estimation of the strength of the marl
in uniaxial compression.. In the case of this
clayey marl, the ratio of the two strengths is
of the order of 1:10 (fig 5b).



LABORATORY TESTS ON THE MARL OF PIREAUS

Figure 6 gives the results of classification

tests on clayey and calcareous marl. The tests
on the calcareous marl were carried out on ma-
terial which was pulverized in order to make it

possible to proceed with Atterberg limits'
determinations.
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with uniaxial compression.

The differentiation between clayey and calca-
reous marl is clear in the plasticity chart (see
fig 6a) but no differentiation is possible in
figures 6b and 6¢c.

Figure 7 shows results of grainsize sieve and
hydrometer analyses on samples of clayey and cal-
careous marl. Samples of calcareous marl were
processed through a 2 mm sieve after pulverizing
them. It is of interest to note that the hydro-
meter analyses on calcareous marl samples yield-
ed very low percentages of clay particles which
are smaller than 0.002 mm. It is believed that
gradations and in particular hydrometer analyses
can be used successfully to confirm the distinc-
tion between clayey and calcareous marl (Coumou-
los and Koryalos, 1987).

Finally, one-dimensional consolidation tests on
undisturbed samples, yielded values of con-
strained moduli of elasticity varying between
15 and 90 MN/mZ for the clayey marl, and be-
tween 50 and 180 MN/m< for the calcareous marl.
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CONCLUDING REMARKS

The experience from the above two types of soft
rock can be extended to other types of soft
rocks. It is suggested that field investiga-
tions and laboratory tests should include, but
not limited to the following:

Field reconnaissance

Geotechnical field reconnaissance of the general
area of the project is of vital importance; it
should include observations of recent deep ex-
cavations, locations of potential slip surfaces,
cavities, weathering of the surface material,
and information about long-term behaviour of
slopes and cuts.

Subsurface explorations

Rotary drilling using large diameter double tube
core barrels of the type T-101 with controlled
circulation of clean water, proved to be the
most effective way for coring operations. Im-
portant is the presence of experienced field
personnel for descriptions of samples on the ba-
sis of drilling rate, core recovery, RQD and
field tests.

Penetrability tests

Records of penetration of the SPT plit spoon sam-
pler caused by 60 blows, can be used effectively
for identifying quantitatively variations of
rock properties in the boreholes.

Permeability tests

Water permeability tests, preferably with pack-
ers, give good indications about discontinuities
and carstic cavities.

Point lovad tests

The performance of point lvad tests on cores
from boreholes and on samples from test pits, is
an easy and quick way tu obtain estimations of
strength in uniaxial compression. It is believed
that preference should be given to the execution
of these tests in the field on fresh cores from
the boureholes.

Pressumeter tests

Pressumeter tests in boreholes in soft rock are
very useful for the determination of compress-
ibility and strength characteristics. Because of
their relatively high cost, they do not have a
wide application.

Laboratory tests

On some weathered soft rocks, it is possible to
carry out all soil mechanics tests for clarifi-
cation properties and for the determination of
compressibility and strength characteristics.

On less weathered soft rocks it is usually neces-
sary to pulverize the material in order to pro-
cess it through the relevant sieves for classi-
fication tests.
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Discussion: Effects of drying on weathering of
mudstone
Discussion: Effets de séchage sur I'érosion de la pélite
T.SHINJO, University of Ryukyus, Okinawa, Japan

Drying 1Is one of the important weathering fac-
tors, because mudstone swells and slakes easlily
once it 1s drlied. So, the effects of drying on
weathering of mudstone was discussed on the
basis of the results of the alternate drying and
wetting tests which were carrled out on
cylindrical specimens cut 1in both vertical and
horizontal axlal directions to bedding plane.
Specimens were slowly dried and then gradually
wetted with water spray.

Fig.1 shows the relationship between
volumetric change and water content during two
cycles of drying and wetting processes. The
shrinkage curve in the first drylng process
revealed such volumetric strain to be irrevers-
ible, and then the volumetric strain was revers-
ible in the shrinkage and swelling behavior
after the completion of the first drying
process. The shrinkage curve, which was irre-
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versible, can be subdivided into three stages,
namely, normal shrinkage, A B, 1in which the
volumetric change was equal to the amount of
dewater, structural shrinkage, B"C, in which the
volumetric change was less than the amount of
dewater, and residual shrinkage, C°D, in which
mudstone continued further to shrink with
drying.

Fig.2 shows the strain paths denoted as the
relationship between volumetric strain and axial
strain for vertical and horizontal specimens.
It can be found that the strain path was linear
in each shrinkage stage during the first drying
process and in the following drying and wetting
processes, and that the gradient for those
straln paths, except for one In the structural
shrinkage stage, had the same value. Further-
more, the mudstone used in thec tests 1is
anisotropic in its shrinkage and swelling be-
havior.

If the anisotropic shrinkage was generated in
mudstone, the shear stress may have been caused
by the shear strain which were equal to the dif-
ference in vertical and horizontal axlal strain,
Y= €y - €g. On the other hand, the volumetric
change can be represented as follows; v= Vit Vg
where Vi=( Ey + 2¢€y ) Is volumetrlc change duc
to suction, predicted by vertical and horizontal
axial strains, and v; 1s volumetric change due
to dilatancy. According to the comparison of
the volumetric change obtalned through tests
with the volumetric change due to suction pre-
dicted by using axial strains shown in Fig.2,
i1t was found that the volumetric change due to
dilatancy, Avy, had generated in the structural
shrinkage stage alone. Therefore, 1t can be
considered that the irreversible volumetric
change had resulted from dilatancy 1n 1its
stage.

Fig.3 shows a drop In strength for mudstone
which were wetted after drying out to varlous
degree of water content. In the normal shrinkage
stage, the strength of mudstone which were
wetted after drying out rcmains unchanged, be-
cause the shrinked mudstone is recovered to the
initial condition on wetting. The strength
remarkably decreases with drying out In the
structural shrinkage stage, where the dilatancy
has resulted from the breakdown of mudstone
fabric caused by anisotropic axlial shrinkage
strain. On the other hand, in the mudstone which
has been dried out to the residual shrinkage
stage, there appears to be no change In strength
due to the history of drying., bccause the break-
down of fabric due to anisotropic shrinkage
strain has been completed.

In conclusions, the anisotroplic axlal
shrinkage straln generated in the first drylng
process Is one of the important weathering fac-
tors influencing the deterioration of mudstone.
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