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General

The following three topics have been proposed by the
Organizing Committee for discussion at Specialty Session 4
on "Soft Soil Bases of Concrete Hydrotechnical Structures"
namely:

(1) Foundation strength and stability of concrete hydro­
technical structures on soft sell bases (research and
design methods including time effects).

(2) Settlement and horizontal displacements of concrete
hydrotechnlcal structures.

(3) Methods to increase the sliding resistance and bearing
capacity of concrete hydrotechnical structures con­
structed on soft soils (anchorages, drainage, grout­
ing, etc).

The proposed topics are very broad and cover many aspects
of the design and the construction of gravity and buttress
dams, offshore structures, locks, drydocks, and other
concrete hydrotechnical structures. It is characteristic
that such structures often are large and costly and that the
consequences of failure frequently are dlsastreous and
connected with the loss of human lives. Hydrotechnlcal
structures are in addition generally subjected to high lateral
earth or water pressures. Seepage and high uplift pressures
often affect their stability.

In this report the loads acting on hydrotechnical structures,
the resistance against sliding, bearing capacity. settlements
and control methods are discussed.
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Concrete gravity and buttress dams are normally founded
on rock. In the ease these structures are constructed on
soil the base area ls increased to lower the foundation
pressure and special provisions are taken to allow move­
ments between adjacent blocks and to prevent failure by
piping. The requirements placed on dam sites are con­
stantly lncreasing while the quality of the sites which are
still available is decreasing.
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The highest concrete dam which has been constructed so far
(1973) is the Grande Dlxenco gravity dam Ln Switzerland
with a total height of 284 m (Desi-neulcs, 1963). It is fol­
lowed by the Ingurl arch dam in USSR with a total height of
272 m. Both dnms are founded on rock. Examples of gravity
dams which have been constructed on soft soils are the
Lower Svir dam, the Ivs.nkovo dam. the Uglich dam, the
'l‘symll:\nsk dam and the Ryblnsk dam in USSR (Rousseauxet al..l961). '
The number ol’ gravity and buttress dams being built is
decreasing partly because of the high costs of these dam
types in comparison with arch and earth dams. It has been
estimated that the costs for an arch dam. where lt can be
used, are between 40 und 70 percent of those of gravity dams
(llupner et al., 1955). The relative costs are dependent,
however. on the local conditions and how accessible the
sltc ls. lt is interesting to note ln this connection that ln
USA more than 90 percent of all dams recently bullt are
earth and rock fill dams while ln Switzerland almost 90
percent are concrete dams (Mermel, 1970).

Failures of concrete dams are generally caused by foum­
datien defects rather than by fatlure of the dam itself . A
study of the cause of failure of 40 concrete and masonary
dams has indicated that almost half of these have failed due
to excessive settle ments, by piping or by sliding (Sundquist,1955). '
Lngthe design of gravity or buttress dams the bearing ca­
pacity sliding resistance, 'settlements and construction
difficulties must be considered. Particularly the uplift
pressures are critical because of their decisive influence
on the sliding resistance. The design of a number of gravity
and buttress dams in Romania has been described by Priscu
and Dlacon (1971).

Gravity dams have the advantage over buttress dams that
the contact pressures are relatively low and that the spill­
way vibrations are less tha.n for buttress dams (Goodhue,
1961). Gravity dams are, however, relatively sensitive to
overloading as pointed out by Coyne (1955). Buttress dams
can tolerate relatively large differential settlements
(llammond, 1955). They can be adopted to almost any foim­
datlon material ranging from sand and gravel to good rock.
Buttress dams with a sloping upstream face have the nd­
ditienal advantage that they take advahtage of the water
pressure due to the slope of the face.



The construction of a dam does not only interfere with the
natural conditions at the site but also with the conditions
within the whole reservoir area. This fact had to be con­
sidered l.n a soil exploration program. The foundation in­
vestigation required for large dams has been discussed for
example by Garnier and Comes (1970).

Geophysical exploration methods are used extensively
during the explorating phase tc determine such [actors as
the depth to bedrock and the layer sequence. A special
problem is the occurance of boulders or large stones
which causes difficulties during the construction of cut­
off walls. The required investigation depth is l. 5 to 2. 0
times the height of a dam (I-fvorslev, 1949). Bcrlngs should
penetrate soft and permeable materials. They should extend
to such depths that seepage settlements and bearing ca­
pacity can be estimated with reasonable accuracy.
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Heavy reinforced concrete structure will be used exten­
sively l.n the near future in thc North Sea as production
platforms and for the storage for oil. Such structures have
already been used for lighthouses. It is anticipated that
these structures will be placed directly on the sea bottom
in water depths up to 150 m without previous preparation of
the sea bed. They will be subjected to high wave and wind
forces which may cause failure ofthe structures by sliding.
The nearing capacity oi the uni.ierl_yi.ng soil must be l'.i|7h ts
resist high eccentric and inclined loads. Also the high np­
llfl: pressures which act on the bottom of these structure
must be considered as well as local scour and piping around
the structures. In addition the gradual softening of clay had
to be taken into account when the long term bearing capacity
and the long term sliding resistance are evaluated. The
liquefactlon of uniform fine sand caused by the wave forces
should also be considered. Test results lndicate that
liquefactfon can occur even in medium to dense sand if the
shear stress ratio is sufficiently high. The difficulties
which were encountered durlng the construction of two
reinforced concrete lighthouses have recently been de­
scribed by Antonakls (1972) and Turner (1965).

The exploration of the soil conditions in water and the
retrieval of high quallty soil samples arc difficult because
of the often large water depths and thc adverse weather
conditions. Static penetrometers as well as different types
of drop samplers are commonly used in offshore work for
the exploration of the soil conditions close to the sea bottom
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'1‘|ic size of drydocks has increased considerably during the
last few years. For example a drydock for tankers up tc
300, 000 tons was completed In 1971 (Millars and Hassanl,
1971). Drydocks with up to 500, 000 tons capacity are under
con struction.

In most cases dry docks and locks are founded directly on
the underlying soil or rock. Piles are only used when the
soil conditions are unfavourable.

Dry docks and locks are as a rule subjected to hlgh uplift
pressures as well as high lateral earth and water pressures
on the dock or lock walls. The high uplift pressures can be
resisted by a heavy bottom slab, by piles or by anchors. It
is also possible to relieve the uplift pressures through
drainage. Design and construction problems in connection
with two dry docks on soft soils has been described by
Hausser et al. (1964).

Excessive settlements are seldom a problem since the
weight of the excavated soil for a dock or a lock normally
is larger than the weight of the structure (Little, 1948).
The soil rcaotion on the bottom slab is ireqiieiiiiy unnalyiell
on the basis that it is supported on a serie of elastic springs
(Winkler foundation).

Loading Conditions

ln the analysis of the foimdation strength and of the stability
of concrete hydrotecluilcal structures the loading conditions
must first be considered.

The loads caused by the weight of a concrete structure and
by static water pressures can generally be calculated with
s hlgh degree of accuracy. Minor variations in the unit
weight of concrete can, however. occur since it is affected
by the percentage of reinforcement, by the unit weight of the
aggregate and by the degree of saturation.

Considerable uncertainty is connected with the evaluation of
the wave forces acting on offshore structures. lt is particu­
larly difficult to estimated the maximum wave height and
the wave period. It is Important that the calculations are
reliable since the wave forces have a decisive ln|'luence on
the stability and safety of offshore structures.

slit deposited in a dam resci-veil can cause high lateral
pressures on a dam structure. There in some controvercy
about the magnitude of these pressures. lt seems reasonable.
however, that a dam should be designed for a lateral earth
pressure equal to that at rest which corresponds to an earth
pressure coefficient of 0.5 to 0.6 \vith respect to the effec­
tive pressures ln the soil. A silt blanket will reduce the
seepage and uplift pressures acting below a dam if the
permeability of the silt is less than that of the foimdation
material. This reduction of the uplift pressure is generally
not considered in the design.

The maximum ice pressures on concrete dams is dependent
on the thermal expansion of the ice, the thickness and thc
strength-deformation properties of the ice and on the drag
forces from the wind. Ice pressures of up to 300 kN/m can
develop along the crest of a dam. For offshore structures
in the Artic drifting ice had to considered.

Earthquakes can have an important effect on the stability of
COHCYGW \‘-|2mS. locks and dry docks due to the accelerations
transmitted to these structures and the risk of liquefaction
in fine saturated uniform sand. Concrete dams and other
hydrotechnical structures are commonly designed for a
horizontal acceleration oi' 0. 05 to 0.15 of that of gravity.
The vertical accelerations are generally neglected. Seed
and Martin (1966) have, however, pointed out that the seis­
mic force during a major earthquake can be substantially
greater than that corresponding to a seismic coefficient of
0.05 to 0.15. Also the increase of the water pressures
caused by earthquakes must be considered In the design.

There are no precise analytical method available for the
evaluation of the uplift pressure acting on concrete dams or
on other hydrotechnical structures as pointed out by
Hammond (1955) and by Yoshida (1958). The effectiveness
of grout curtains, sheet pile walls and other cut-off walls
and of drainage wells ln reducing the uplift pressures is to
a considerable extent influenced by minor variations of the
geological conditions which are difHcu1t to evaluate even
from a relatively extensive soil exploration program.



Drainage is particularly Lmportant for the releave high
uplift pressures acting under gravity dams, locks and dry
docks especially in the case when the soil is stratified or
erratic. A reduction of the uplift pressures generally
results in a substantial saving of the weight required for
stability of a structure with respect to lateral sliding. It has
been estimated that a 3 % reduction of the net head corre­
sponds to a 1 % reduction of the concrete volume for a grav­ity dam. ,
In the preliminary design of a gravity dam it is frequently
assiuned that the uplift pressure at the line of drains is
equal to one third of the difference ln head between upstream
and downstream face. The stability against sliding is nor­
mally also checked for the case the drains are not func­
tioning and the uplift pressure is uniformly distributed
below the base. The U.S. Corps of Enginners assumes In
the design of gravity dams with cut-off walls and drainage
wells that the uplift pressure varies between 50 and 100 % of
the full uplift pressure (Goodhue, 1961). Usually a value of
66.6 % is used. It is furthermore assumed that the uplift
acts on 100 % of the base area.

Extensive measurements of seepage and uplift pressures on
concrete spillways and gravity dams constructed on alluvium
in USSR has been presented by Russo (1958) and by Gins­
bourg (1958). An example of measured uplift pressure along
the base of a gravity dams is shown in Fig. 1. The very low
uplift pressures which were measured indicate that the
grout curtain at the upstream face and the drains are func­
tioning properly.

Folmdatlon Strength and StabLlity_

Failure of a soil is normally assumed to occur when the
yield or shear strength of the soil has been exceeded.

The yield or shear strength (s ) is generally expressed in
terms of a cohesion (c) and an fangle of internal friction (d)

sf = c' + G; tg¢' (1)
where G' is the effective normal stress acting on the
failure pltfne .

The effective shear strength parameters c' and d' are nor­
mally evaluated from field and laboratory tests. It ls com­
mon to determine the shear strength in the field with large
size direct shear tests. Such tests, however, are primarily
used in rock. In some cases ln situ direct shear tests have
also been used in hard and in stiff flssured clays. In situ
direct shear tests have been described by Goodhue (1961),
Evdoklmov st al.(1970), 'I‘oma et al.(19'l0), Kazlmlerz
(1970), Clarke et al. (1970), Wallace et al. (1970), Paes de
Barros (1970) and others. With such tests lt is possible .to
determine both the peak and the residual shear strength.
Typical test results are shown in Fig. 2. Many soils and
rocks have a peak strength which is considerably higher
than the residual strength (Fig. 2 a). The difference de­
creases ln general with increasing normal pressure. A
typical stress-strain relationship for soils and rocks which
previously have undergone large movements and contain old
slip or failure surfaces is shovm In Fig. 2 b. In this case
the deformations increase with increasing shear stress
without reaching a maximum value.

The shear strength of cohesive soils (clays and slits) is
normally determined by drained or consolidated-drained
trlaxlai tests with pore pressure measurements. Large
diameter samples are preferred (10 to 15 cm). Small
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Fig. 1. Measured uplift pressures at the
base of Detroit dam, Oregon, USA.
(Alter Bloor, 1955)
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diameter (3.7 to 5.0 em) samples are commonly used.
When the sample size ls too small the cohesion ofthe soil
can be overestimated especially if the soil is flssured. The
residual strength is frequently determined by laboratory
direct and ring shear tests.

The angle of internal friction of sand and gravel ls gener­
ally determined by drained trlaxial or direct shear tests.
Stage loading ls sometimes used. In some cases the angle
of Internal friction determined from trlaxlal tests ls
higher than that from direct shear tests. In most cases the
difference is small. The friction angle can for special
purposes also be evaluated from plain straln tests. The
angle of lntemal friction by this method ls often 3 to 4
degrees higher than that from trlaxial tests when the rela­
tive density of the sand is high. When the relative density
is low the difference is generally small (Comforth, 1961),



ln the ease the sell condltions are erratlc it ls preferable
to investigate a relatlvely large number of samples so that
the results can be analyzed statlstlcally. The shear strength
values which are selected for the analysts of the sliding
resistance are often lower llmltlngvalues. Statistical
methods are seldom used in the evaluation of the test re­
sults. Such a procedure will result in an unknown safety
factor as pointed out by Peck (1965).

Failure of a gravity concrete structure occurs when the
slldlng resistance of the sell along the base of the structure
or the bearing capacity of the soil at the toe of structure has
been exceeded.
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Examples of failures which at least partly have been caused
by sliding are that of the Austin Dam ln Texas in 1900
which was constructed on limestone, clay and shale and that
of the St. Francis dam in California ln 1928 which was built
on schlst and conglomerate.

The resistance against slldlng ls normally analyzed by the
Coulomb-Mohr failure crlterla (Eq. 1). The corresponding
factor of safety (FB) ls calculated from the equation

_ t 'ZN+c'AFs ` H (2)
where IN and [H are the total vertical and total horizontal
force acting on the structure, respectively, and A ls the
area of the horizontal plane considered.

The U.S. Corps and Engineers have for several gravity
dams required a minimum factor of safety of 1.9 with
respectxto sliding parallel with bedding planes (Bloor,
1955). The calculated factor of safety for the spillway dam
at the Lenin hydroelectric station on the Volga ls 1.58
under normal conditions and 1. 14 under extreme conditions
(Borevol et al., 1965). The corresponding calculated factor
of safety with respect to sliding for the spillway dam at the
Saratov hydroelectric station on the Volga is 1. B.

The inclination of bedding planes will have a large influence
on the slldlng resistance. Failure by sliding ls especially
critical in soils and rocks which contain old failure or slip
planes particularly when slip planes are horizontal or dip in
the direction ofthe inclined load.
An other factor which ls important with respect to failure by
sliding ls the gradual softening which take place ln some
soils and rocks during the construction when the overburden
is removed. It ls not Lmeommon that thc nhnnr ntvength nf
stiff flssured clays gecreases from 1.0 MN/m2 to between0.2 and 0.03 MN/m or more due to lnflltratlon of water as
pointed out by Terzaghl (1936). It is thus necessary to pro­
tect many stiff or hard clays, shales and soft sandstones
against such deterioration with bltumlnum ur tu leave some
of the soil or rock in place untll just before the pouring of
the concrete.

The rlsk of progressive failure ls large in stratified and
fissured soils. Failure lnltlates at points close to the up­
stream or the downstream face of the dam where the shear
stresses are the highest and progresses towards the center
of the dam.

In stiff flssured clays a reduced shear strength between th­
peak and the residual shear strength ls frequently used in
the analysis ofthe sliding resistance. This reduced shear
strength can be expressed in terms of a residual factor R
defined by the expression

1
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1-,hgge 5 and 5 are the peak and residual shear strengths,
respectfvely aufd s ls the average shear strength at [allure
(Skempton, 1964). An analysis of slope failures lndlcates
that large vsrlatlons of the residual factors can exist. The
residual strength represents a lower llmlt. Values between
1.0 and 0.75 are commonly used in the design.

It appears reasonable that the factor of safety under ex­
treme loadlng condltlons should be at least 1. 1 a 1.2 \vlth
respect to [allure by slldlng when a shear strength which
corresponds to the residual strength of the sell ls used ln
the analysis.

The residual cohesion (o-' ) ls usually equal to zero or very
small. The residual angld of shear resistance (¢ ) ls fre­
quently l to 2 degrees less than the angle of lntenfal frlc­
tlon (¢ ') which corresponds to the peak strength of the soll.
ln some cases the difference can be as large as 10 degrees
(Skempton, 1964). ln prellmlnary designs a value of
tg ¢' = 0.3 ls frequently ussd. In the design of the spillway
for the Mangla Dam which ls founded on sandstone and
flssured overconsolldated clay a value ol’ tg ¢'r = 0.3 was
chosen (Sherlock et al.. 1970). In the case the soil or rock
contains montmorlllonlte seams or layers the residual angle
of shear resistance can be very small.

In ilssured sells the shear strength as determined by con­
ventional tests does not necessarily bear any relation to the
values which governs the smblllty as pointed out by Skempton
(1964). For example the slze ofthe sell sample has for such
soils a large influence on the measured shear strength. In
the case an old sllp surface or plane exists ln the soil the
shear strength along the sllp plane will correspond to the
residual strength even when there has been no rene\val of
movement for several thousand years. Experience Indicate
that failures ln such sells are preceeded by relative large
movements which accelerate before failure.

The mechanism of progressive failure has been attributed
by Skempton (1964) and by Skempton and LaRoche1le (1965)
to stress concentrations at fissures. Bjerrum (1967) has on
the other hand attributed progressive failure to stress con­
centrations at the toe of a slope. The relative danger to
progressive failure ls considered by Bjerrum to be high for
unweathered and weathered overconsolidated plastic clays
with weak bonds. For overconsolidated clays wlth low
plasticity the relative danger of progressive failure is very
low.

Earthquakes. blasting or sudden changes of the pore water
pressure can cause llguefactlon ln fl.ne uniform sand. 'l‘his
effect must be considered ln the design of hydrotechnical
structures. The factors which contribute to llquefaction
have been investigated among others by Seed and Lee (1966),
Seed (1968) and hy Finn at a\_(1970).

Llquefactlon ls caused by the gradual buildup in pore water
pressure which takes place tn saturated sand under cyclic
loading when drainage ls prevented. The soll looses sud­
denly lts strength when the pore pressures approach the
total overburden pressure and the effective stress ln the
sell drops to zero. The development of llquefaction ls
dependent ol' the shear stress ratloll /G; -where ‘C is the
maximum shear stress and Ov the inltlsl effective over­
burden pressure. Other factors which contribute are the
number of load cycles, the initial relative density and the
drainage condltlons. Also the previous stress history of
the soil ls important as shown by Finn et al.(1970). Test
data indicate that the number of load cycles required to



induce llquefactlon increases very rapldly with increasing
lnltial relative denslty. Seed (1968) has pointed out that the
rlsk of llquefactlon ls larger for level ground than for a
slope.

ln many cases liquefactlon will only occur locally, es­
pecially when the sand is medium dense to dense, since
liquefactlon only develops within a certain relatively small
deformation range. Liquefactlon of a thln sand seam con­
fined between two clay layers will probably lnltiate close to
the edge or perlferi of a structure and spread laterally
towards the centre due to the uneven shear stress distri­
butlon below a rlgld structure. The movements will likely
stop as soon 'as the motions _from the earthquake stop.

The llquefactlon potential of a sand cannot be determined
reliably from cyclic load tests on prepared samples.
Undlsturbed samples are required as pointed out by Flnn et
a1.(1970).

An analysis by Seed (1968) indicates that flow slides caused
by llquefaction have occurred at earthquakes with 5. 3 to B. 8
in intensity and with epicentres located a few miles to
hundreds of miles from the location ofthe slide. The soll
has usually been loose to medium dense with a standard
penetration resistance less than 20 blows per ft. An inves­
tigation of the failure of the Sheffield dam in Callfornla In
1925 indicated that the factor of safety with respect to
sliding along the base could have been as low as 0. 75 due to
llquefaction of the loose silty sand near the base. The pore
pressure increase during the earthquake was evaluated by
cyclic undrained direct shear tests. The llquefactlon poten­
tial ofa soil can probably be evaluated more accurately by
cyclic direct shear tests than by cyclic trlaxlal tests.

The llquefactlon potential ls decreased lf the Sell previously
has been subjected to cyclic loadlngbecause of interlocking
of the sell particles. The cyclic loading from a small earth­
quake or by a small storm will thus decrease the rlsk of
llquefnctlon below gravity or buttress dams or below off­
shore structures. Previous llquefactlon and large shear
deformations will on the other hand Increase the llquefactlon
potential as indicated by Finn et al.(1970).

The risk of llquefactlon can be decreased by drainage of
trapped sand layers or lenses, by compaction or by an in­
crease of the weight of-the structure.

For dams fotmded on rock with a height exceeding 100 m the
so-called shear frlctlon factor of safety (F ) ls used to
evaluate the resistance against slldfng. This safety factor is
defined by the expression

_ fLV + rsAFr " za (4)
where f ls a friction factor. r ls the r1tlo of the average and
the maxlmum shear stress, s ls the shear strength of the
foundation material, LV and LH are the total vertical and
total horizontal force, respectively and A is the base area
ofthe dam. The value of 0.5 ls normally taken for tho
coefficient r and values between 0.65 and 0.75 for the
frlctlon factor f. A minimum value of F of 4.0 is generally
required (Hammond, 1955, Bloor, 1955f. However, the

dfrlvntlon of Eq. (4) and thc basic assumption made are notc car.

Many values have been suggested for the friction factor f
and for the sliding coefficient between concrete and the
underlying soll or rock as discussed for example by the
French National Corrmltte on Large Dams (1961). However

the bond between concrete and the underlaying foundation
material ls normally sufficient to force the failure through
the soll or the rock.

Frlctlon coefficients of 0.65 to 0.75 are frequently used
which correspond to a friction angle of 33 to 37 degrees.
A sliding factor as high as 0.845 was used ln the design of
the Glerra dam l|1 Scotland (Roberts, 1955).,In lndla values
up to 0. 8 are common (Iyengar et al., 1955). For the
Miranda buttress dam in Portugal values as low as 0.64 to
0.66 were used ln the analysis (Henrlques, 1961). For the
Inga dam ln Zaire a sliding factor of 0.7 was selected
(Afschrlft and Pahud, 1961). The U.S. Corps of Engineers
requires that the ratio of the all horizontal and vertical
forces including uplift should be less than 0.65. When
earthquake forces are considered this ratio can be as high
as o.a5 (Bloor, 1955).

The base width to height ratio is about 0.75 for gravity and
buttress dams of moderate height founded on rock and about
0. BO or larger for high dams. If uplift is not considered a
base width to height ratio of about 0.65 should be adequate
(Chapman and Campbell, 1955).
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The soll at the toe ofa gravity or buttress dam ls subjected
to loads which are both eccentric and lncllned. Both factors
have an appreciable Influence on the ultimate bearing
capacity. Under normal loading conditions the resulting
force should be located withln the middle half of the base.
Under exceptional loading conclltlons a location ofthe
resultant within the middle half may be acceptable.

The ultimate bearing capacity quit of a soil is usually evalu­
ated from the well known equation

qult I IcKccNc + If K¥N¥¥gB +
(5)

+ IQKQDYSNQ

where lc, If andl are factors which reflect the Influence
ofthe inclination (bf the applied load, Kc. K3 and K are
shape factors; N c, N1 and N a.re bearing capacity q fac­
tors whfch are functions of tha angle of Internal frlctlcn d,
B ls the width of the loaded area, D ls the depth below the

ground surface and X is the unlt weight of the sell. Generalshear failure \vlth w ll defined failure or sllp surface has
been assumed in the unalysls. The sllp surfaces are gener­
ally assumed to be circular or splrnlshapcd.

In compressible soils the deformations can be so large that
they wlll be well beyond the llmlt where the structure
ceases to behave as intended in the design. ln saturated
cohesive soils a deformation of-3 to 7 percent of the foun­
dation width ls frequently required to reach failure. ln
cohesionless solls thc deformation to reach failure corre­
sponds to about 5 to 15 percent cf the foundation width
(Vesié, 1973). ’f‘he deformation required to reach failure
increases with increasing foundation depth.

For a relatively long and narrow structure (KI =- 0.5)
founded on sand or gravel (c = 0) close tc thc surface (D -0)
Eq. (5) ls slmpllflccl to

qult = 0.5 II NX)/g‘B (6)
The bearing capacity factor NX ln this equation can bc
evaluated numerically. Large variations ln the values on
N1 has been obtained by different researchers. The angle
of internal friction used in the evaluation of thc hearing
capacity factor Ny ls dependent on the average normal



stress along the failure surface as polnted out by deBeer
(1965). Test data Indicate that the moblllzed angle of
Internal friction decreases wlth Increasing size of the
foundation. Thls decrease ls probably caused by progress­
ive failure Ln nomprenslhle soils and by the curvature of the
failure envelope. Also zones of weakness In the soll affects
the ultlmate bearlng capacity. Vesié (1969) Indicates that
very large foundations may fail by punching at a stress
which ls much less than that calculated by Eq. (6). The re­
duction of the bearlng capacity has by Veslo been expressed
in terms ofa compresslblllty factor. Test results as shown
In Fig. 3 (DEGEBO) Indicate (Muhs and Kahl, 1954; Kahl
and Muhs, 1957; Muhs, 1961) that the measured ultlmate
bearlng capacity can be larger than that calculated when
the relative density of the soil Is low and smaller than cal­
culated when the relative density is high. It should be
polnted out that test results are only available for relatively
small plates or slabs and that considerable uncertainty Is
connected with the extrapolation of the test results to large
structures.

The ultlmate bearlng capacity decreases very rapidly wlth
Increasing lncllnatlon of the applied load as Illustrated for
a coheslonsless soil In Flg. 4: It should be observed that
failure at low normal loads occurs by alldlng along the base
and that the failure becomes more deepseated with Increas­
ing normal load. The decrease of the ultlmate bes.rIng ca­
pacity wlth Increas Ing Incllnatlon is partly compensated by a
decrease of the average normal pressure along the failure
surface and bv a corresponding Increase of the angle of
Internal frlctlon due to the curvature of the failure envelop
curve.

Seepage pressures at the toe of a gravity or buttress dam or
around the perimeter of an offshore structure will have n
large Influence on the ultlmate bearlng capacity. A vertical
upward seepage gradient of (I) has the same effect as a
reduction of the submerged unlt weight of the soll by IYW
where yu ls the unit weight at water.
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An other factor which had to be considered in the evaluation
of the bearlng oapaclty Is [allure by piping due to Internal
erosion especially In sllty soils. Thls rtsk can be decreased
by lnversed filters, by drainage or relief wells at the toe of
a dam and by cut-off walls as discussed for example by
Terzaghl (1948). Also the erosion at the toe of a dam can
appreciably decrease the bearing capacity.
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Flg. 4. Ultimate bearlng capacity

It ls important that the settlements or the lateral displace­
ments of concrete hydrotechnlcal structures should not be
so large that the deformations impair the proper function­
ing of the structures. Relatively little Is, however, known
about the total and the differential settlenieiite that locks,
dry rlooks, gravity or buttress dams can tolerate. Fre­
quently relatively large total settlements can be permitted
while the allowable differential settlements are small due
to the high stiffness of reinforced concrete structures.

The settlements of structures on clay are normally calcu­
lated from Terzaghi‘s classical consolidation theory with
a compreslblllty Index and a coefficient of consolidation
determined from oedometer tests. Often only a very small
number of samples are tested. This method has been modi­
fied by Skempton and Bjerrum (1957). The stress-strain
relationships determined by triaxial tests have also been
used I.n settlement calculations as is the case in the stress­
path method proposed by Lambe (1964).

Plate load tests are common in sandy soils as polnted out,
for example, by Bjerrum (1963). The results from dynamic
and static penetrometer tests can also be used for settle­
ment calculatlons ln sand (deBeer 1965, Schmertmann,
1970, Meyerhof, 1965). Penetration tests have the advan­
tage thnt a relatlve large number of points can be lnvestl­
gated and that varlatlons of the soil properties In the
vertical and the horizontal dlreotlons can be determined.
In silt and overconsolldated clay the Menard pree:;I.eme|,e:­
can be useful.

Sherbina and Dundukoff (1958) has compared calculated and'
measured settlements of several dams and power stations
constructed on soft soils. The authors found that the calcu­
lated settlements from oedometer tests were two to three
times larger than the measured values.

The finite element method has been used to evaluate the
settlements and the lateral deformations of such structures
as dams, dry tlocks, locks, retaining walls, bracing
systems and bulk heads. Wlth this method lt Is possible
to take Into account such factors as the construction se­
quence and complicated boundry condltlons pointed out for
example by Desai (1972). The finite element method re­
quires access to high speed computers with large storagecapacity. '



Many soil-structure Interaction problems are three dimen­
sional. Finite element methods exist which take three dl­
mensional effects into account. These methods are. how­
ever, complicated and costly. Most three dimensional
problems are therefore treated as plain strain problems.

One ofthe main difflcultles with the application of the finite
element method in soils engineering is the complex multi­
phase nature of the soil and the evaluation of the soil pro­
perties. Such factors as residual stresses and the presence
of joints and fissures complicates the problem. However
almost all finite element programs treat soils and rock as a
continuous medium without cracks and fissures. Approxi­
mate solutions are available which consider joints and
fissures. In most cases very simple idealized stress-strain
relationships are used.

In many cases lt is also important to consider the construc­
tion sequence since dewaterlng, excavation, pouring of con­
crete,placement of back fill and the restoring of ground
water table can have important effects. In locks and dry
docks the displacement ofthe walls and of the base slab as
well as the downdrag by the [ill placed around the structures
influence the behaviour. The downdrag is mainly dependent
on the rlgidlty ofthe foundation and of the back-fill material.
Clough and Duncan (1969) have analyzed the behaviour of two
U-»frame locks by the finite element method. A comparison
between calculated and measured deformations for the Port
Allen lock is shown in Fig. 5. It can be seen that the agree­
ment is good between measured and calculated deformations.
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Fig. 5. Predicted and observed deflections
for Port Allen lock
(after Clough and Duncan, 1969)

In many problems consolidation and creep are important and
had to be taken into account. Finite element methods which
considers consolidation has been developed by Huang et al.
(1971). Creep effects have been Included by Nair and Boresl
(1970) and by Zlenldewiecz (1971). Methods have been de­
veloped by Clough and Duncan (1969) with which it ls possible
to analyze the effects of excavation and dewaterlng. Methods
have also been developed for overconsolldated clays which
take into account the strain-softening of the soil at large
deformations.

An example where the finite element method has been used
to analyze the deformations below a dam and a powerhouse
has been described by Lane (197 0). The main purpose of the
study was to investigate the effects of settlements on the
misalignment and the distorslon of the machine axis.

In Fig. G is shown the pressure distribution below the spill­
way for the Mangla Dam (Sherlock et al., 1970). The pressure
distribution has been calculated by a conventional method and
by the finite element method. It can be seen that ln this case
there are appreciable differences between the two methods.
It should however be observed that the pressure distribution
calculated by the finite element method depends to a con­
siderable extent on the assumed value on the Poisson's ratio
and on the modulus of elasticity and how these parameters
vary wlth depth.

The accuracy of the flnlte element method is primarily
governed by the accuracy of the soll constants used In
the analysts. Futher advancements are primarily `
governed by the development of improved fleld and labora­
tory test methods rather than by improved methods of
analysis.
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Control Methods

It ls important to check the behaviour of gravity structures
both during the construction and under operalng conditions,
By comparing the measured values with those used in the
design lt Is often possible to evaluate the actual safety of a
structure. The Instrumentation should be such that any
changes which can impair the proper ftmctionlng of the
structure or of its safety are detected in time so.that cor­
rective measures can be taken. It ls important to instru­
ment not only the structure itself but also the foundation
below the structure. Observations should made down to the
depth where the soil or rock ls not affected by the structure.
This critical depth corresponds normally to 1.5 a 2.0 times
the width of the structure. The costs of Instrumentation,
the taking of the readings and the evaluation of the results
correspond normally to 1 to 2 percent ofthe total costs of a
structure.

The type of measurements and the accuracy of the readings
are dependent on the type ot' structure, the geotechnical and
the geological conditions at the site and on the consequences
of a failure. It is necessary that the observations are car­
rled out quickly, that the evaluation ls simple and that the
results are Immediately useful as_polnted out by Huggen­
berger (1970).



The instruments should be slmple and rugged and they
should function properly during the entlre life of the struc­
ture. Slmple and rugged instruments are preferred before
nnphlntinaterl and delicate instruments which will give very
accurate results for only a limited time (Wilson, 1967;
Wllson and Squier, 1969). Corrosion is often a problem
during long term measurements. It is desirable that all
instruments can be removed and checked periodically
(Muller et al., 1970) _

The type of measurements which should carried out ln con­
crete dams was discussed for example at the Third Con­
gress on Large Dams ln 1943. A summary of available
methods has been presented by Hanna (1973).
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Measurements of vertical and lateral displacements of
gravity structures are essential ln the evaluation of the
performance of dams (Eidelman and Tchernyatln, 1970),
of locks (Kaufman and Sherman, 1984) and of other hydro­
technlcal structures. The lateral displacement of the dam
should be checked particularly during the lilllng of the
reservoir. An incipient failure is characterized by large
lateral displacements and by displacement rates which ln­
crease with time. Particularly the joint movements are
important to monitor.

Several methods have been developed during the last few
years with which it is possible Lu IIIUHBULU later si displace
mcntn nt the surface and at depth. Lateral displacements
are normally determined with plump bobs or by triangu­
lation. By triangulation the lateral displacements can be
determined with an accuracy of up to 0.5 to 1.0 mm.
Trlangulation ls time consuming and dependent on the
weather. A trained surveyer ls required for the measure­
ments.It ls, however, frequently difficult to obtain stable
reference points. Movements can occur up to several
hundred meters from a dam site. The lateral displacements
in galleries can also be measured with lnvar wires or tapes
with an accuracy of up to 0. 1 mm.

Plump bobs or pendulums with up to 50 m length are com­
monly used to determine the lateral displacements and the
tllt of a structure. The readings can be made by a tech­
nician. lf the plumb bob shaft extends into rock reverse or
floating plumb bobs are used.

Incllnometers can be used to measure the lateral displace­
ments ofa structure. An lncllnometer consists in principle
of a pendulum. Its inclination ls measured at successive
levels in a cased hole by strain gages or by other types of
transducers attached to the pendulum. The lateral displace­
mcnt can be determined by repeating the measurements at
different times. Several types of lncllnometers are in use
(Kallstenlus and Bergau, 1961, Wilson, 1962).

Different types of settlement gages are available as de­
scribed by Hanna (1973). Settlements are normally deter­
mined by precision leveling. An accuracy of 0.2 mm can
be obtained with this method. Vertical movements also can
be determined by borehole extenslometers. With this
method the movements are measured by wires or rods which
are inserted into a borehole. The lower end of the wires or
rods is anchored to the sides or to the bottom and the
upper end is attached to a dial indicator or to a transducer.
Hydraulic settlement gages have been developed by Lauffer
and Schober (1964) and by Bergdahl and Broms (1967).

The tilt or_the rotation of a structure can be measured with
tiltmeters. Sensitive selfrecording tiltmeters are available
with which it is possible to measure the tilt with an accu­
racy of 1` 1.2 seconds.
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The resistance against sliding is to a large extent dependent
nn the pnre water pressures at or lust below the base of
concrete gravity or buttress dams, locks, dry docks or
offshore structures. lt is important to continueously monitor
these pressures with pore pressure gages so that changes
can be detected.

A pore pressure gages should be accurate and durable.
Temperature changes and changes of the barometric press­
ure frerlucntly affect the readings. Pore pressures ln per­
vious soils such as sand and gravel are normally measured
with open stand pipes. Stand pipes cannot be used l.n soils
with medium to low permeability because of the large time
lag. ln these soils pneumatic, hydraulic or electrical
piezomsters are used.

Pneumatic type plezometers utilize a. scaled porous tip
which contains a gas or fluld operated diaphragm or valve
connected to one or two lines. When the applied pressure in
the llne is equal to the fluid pressure at the porous tip the
diaphragm or valve opens. Air is used to operate the
Warlam plozometer (Warlam and Thomas, 1965) while in
the Gldtzl plezometer fluid is used (Lauffer and Schober,
1965). Pneumatic piépometers are generally simple to
operate. They have a small time lag and are stable.

Hydraulic type plezometers consist of a porous tip which
ls directly connected with one or two pressure lines. Many
dlffcrcnt types are commercially available. Single line
plezometers have the disadvantage that air, which collects
ln the line, can affect the readings. Alr can be flushed out
of the system when double llnes are used. Hydraulic type
piezometers are generally simple to operate and they are
stable.

Electrical plezometers are often unreliable for long term
measurements. They are generally very accurate for short
term measurements and have a very short time lag. They
are suitable for the measurement of rapid changes of pore
prcsmircs such ns thosn nnusnfi hy n:1rI.hq\mknR nr blasting.

Strengthening of Concrete Ilydrotechnlcal Structures

The most favourable dam sites have already been used ln
many countries as mentioned previously. When the foun­
datlon conditions become less favourable the need to lm­
prove the strength and deformation properties of the under­
lying soil or rock becomes important. Several different
methods have been proposed to increase the sliding resist- §
ance and the bearing capacity and to llmlt the deformationsoi hydrotcchnical structures. `
The most effective way to increase the sliding resistance of
a dam is by decreasing the uplift pressures with impervious
hlankets or aprons, with cut-off walls or through drainage.
A cut-off wall can consist of sheet piles, a slurry trench
wall or a grout curtain as indicated in Fig. 7. The effec­
tlveness of cut-off walls have been discussed for example
by Casagrande (1961) and by Marsal et al. (1971).

§l19Et.EU9_VY.?ll9.

Steel sheet pile walls are primarily used in cohesionless
soils which do not contain large stones or boulders which
prevent the driving of the sheet plies. The effectiveness of
a sheet pile wall can be improved with bentonite and cement
grout. The grout is injected just ln front of the wall in order
to seal any openings between the lndlvldual sheet piles.
Steel sheet pile walls are common ln USSR (Borovoi et al.,
1965).
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Grout curtains are prlmnrily uscd ln coarse gralned soils
with a total thlclcness of up to 200 m. An effectivc grain
size larger than about 1 mm ls requlrcd to ensure pon­
ctralion of cement grout. Chemical grouts can be used in
sells with a permeability larger than 10'3 cm/soc. 'l‘he
spacing and depth of the grout holes and the groutlng press­
ure depend on the geological conditions. The manchet
method developed by Soletanch ls commonly used to allow
groutlng at different depths (Cambcfort, 1967). There is,
however, some question about the permanency of the grout
due to the leaching.
§!.‘!E'JL_'l`E9'JEl‘_‘!'§ll§
The use of slurry trench walls In the construction of hydro­
technlcal structures is increasing as discussed for example
by Blenvenu and Ract-Madoux (1970). In this method 2 to 5 n
long narrow slots are first excavated. 'I‘he walls are stabil­
ized during the excavation by bentonite slurry. After exca­
vation to final depth the slots are filled with concrete. Up to
100 m deep cut-off walls have been constructed. Also pre­
cast concrete panels have been used as well as intersecting
piles.

§_p_rf»ns
impervious concrete or clay aprons or blankets placed up­
stream ofa dam are very effective in reducing the uplift
pressures. 'For earth dams up to 1000 m long clay blankets
have been used (Marsal et al., 1971). The effectiveness of
such impervious blankets have been discussed for example
by Lellavsky (1965). An example of a gravity dam which has
been provided with an upstream concrete apron is the Svlr
dam ln USSR. The apron was loaded by a thlck sand fill to
increase the sliding resistance. The upllft pressure below
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the apron was reduced by a drainage system (VDD, 1965).
(Jther gravity dams which have been provided \vll.h upstream
concrete aprons have becn described by Rousseaux et al
(1961) and by Berovol et a|,(l965). The apron used for the
Tsymllansk splll\vay dam ln USSR is sho\vn in Fig. 8.
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Fig. 8. Tsymliansk spillway dam, USSR
(after Rousseaux et al., 1961)
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The sliding resistance can also be increased by with pre­
stressed cables or rods or with rock bolts (sundqulst, 1955).
Rock bolts are commonly used ln Sweden for lighthouses
\vhlch are subjected to high lateral forces from waves and
Ice. The method has also been applied by the Corps of
Engineers (Goodhue, 1961).

Examples \vhere the resistance against sliding of gravity
and buttrees dams has been increased with prestressed
cables have been described by Clarke et al.(197 0)»and
Lancaster-Jones (1969). The slldlng resistance has been
analyzed using an angle of shearing resistance which was
slightly larger than the residual angle el' shear resistance
of thefoundation material. Posttensloned steel cables have
also been used to Increase the stability of the John Hollis
Bankhead dam ln Alabama, USA (Thompson, 1989). The
load in each anchor was in this case 3.4 MN.

The Cheurfas clam ln Algeria was strengthened by steel
cables in 1927. This dam, which was constructed ln 1882,
has a maximum height of 33 m. The cables were inserted
ln holes with 25 cm diameter which where drilled 4 m
apart from the crest of the darn. The same method \vas
used at the helghtenlng of the Steenbrus dam ln South Africa,
the Tansa dam In lndla and ofthe Allt-na-Lalrlge dam ln
Scotland (Banks, 1955).

Steel cables have also been used to resist the hlgh uplift
pressures which act on dry docks. Lackner (1962) has de­
scribed several cases where this method was applied.

§b9aE_I5§y§_

In some cases lt might be advantageous to use shear keys
or a stepped base particularly ln stratified soils and rocks
or to use a sloping base to intersect any weak layers or
zones.

Summary

Attention has been focused on this report on the effects of
progressive failure, liquefactlon and size on the slldlng
resistance and the stability of concrete hydrotechnlcal
structures and on the use of the flnlte element method ln
the analysis of settlements and horizontal displacements.
D1 fferent methods to strengthen dams, drydocks, locks and



offshore structures have also been discussed. It is expected
that these problems will become more important as the
size of concrete hydrotechnlcal structures increases and
sites wlth relatively poor foundation conditions are utilized
more and morc.
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Now I pass the word to Vice-Chairman Hr.P1|'.'0f. P. D.Evdo1d.mov» (USSR) ""
T e difference between the performance 3of foundations of retaining concrete 3structures and that of foundations of

other industrial and civil engineering
edifiees lies mainly in the fact that
the former are subjected not onlgsto ver­tical,but also to horizontal loa .The
bearing oopnoity of non-rocky foundations
is evaluated proceeding from analytical
solutions to problems of the theory of
limit equilibrium of granular media based
on the assu ption df limit equilibrium
thro out a non*-roglry stigglctggeliognda­' . a
3.l'ggra§1°f]6f'2tg$ founagtzllon ¥?:om thesesolutions has the form of an infinite
wedge. Actuallg according to e§§erimen­tal findings o tained at te VN G, its



shape is different, being identical for bode
ultimate tangential and normal contact stres­
ses. Experimental data demonstrate the ef­
fect of structure rigidity on the stress sta­
te of the foundation. Thus, in the sand foun­
dation of a rigid footing a wedge is formed
under vertical loading; the wedge remaining
in the pre-limit state,even though the ulti­
mate bearing capacity of the sand foundationbe reached. Hence so utions are being worked
out in the USSR to mixed problems. So far
solutions have been obtained for cases of ver
tical loading only /R. 5,6/. Therefore appro­
ximate solutions are justified in cases of
inclined loading when the resultant of the
external ultimate load is sought for given
a pre-set contact stress diagram either uni­
form or trapezoidal /R.7/. Consideration of
the dead weight of the soil in plotting the
sliding lines makes them dip inward into the
depth of the foundation at small modelling
numbers. This is corroborated experimentally.

The above results testify to the occurrence
of plane shear in the foundation of a rigid
retaining structure at small modelling num­
bers, N , when the sliding surface coinci­des witg the base of the structure.

The necessity to verify the theory, as well
as the requirements imposed by the hydraulic
construction practice led to an experimental
investigation on the bearing capacity of non­
rocky foundations of hydraulic structuresand further research into contact stresses
using models up to 5.5 m wide.

The study was based on similarity criteria
c the stress state of non-rocky structure
foundations. The data obtained by shearing
of plates are presented in Fig.l. The recti­linear section of the graph in Fig.la corres­
ponding to plane shear lengthens with the
foundation width, B. when transformed into
the graph of Nqgugf d(Ns' ) (see F:Lg.lb)
the graphs ofFig.1a merge into a generalized
curve of the bearing capacity of a non-rocky
foundation, which proves the validity of si­milarity criteria. Ngg, (Fig.lb) s termed
the critical modelling number; plane shear
occurs at N6 6 Ng ,..

The pattern of deformations in the founda­
tion of a retaining structure at plane shear
is depicted in Fig.lq.In Figs ld and le a partial foundation soil
upheaval increasing in function of N; isexhibited at the downstream face of the re­
taining structure at Ng? >~ Ngtr.

The deformaticn pattern at N, = N6- fail
is displayed in Fig.lf. It should be empha­
sized that footings were sheared on cohesive
soils at 6',,, =6;°.

The second similarity criterion fm: Img;­was not observed,experiments were run
at Mm'1§. This goes to increase the margin
of safety in evaluating the kind of deforma­
tion over the base of plates and prototype
structures. In every case plane shear was
observed.

According to the USSR Codes and Standards
in force at present, the value of the ultima­
te bearing capacity of non-rocky foundations
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of retaining structures is to be determined
with reference to the kind of shear (transla­
tional shear,inclined shear) and the type of
foundation deformations encountered in prac­tice viz.

-plane shear, mixed shear
-deep shear.
In the majority of cases'up to Neé 3the calculation procedure for plane shear

should be used. The analysis carried out
revealed that almost all retaining structures
have modelling numbers N,»< 5. Alongside ~
with the problem of the type of deformation
of a non-rocky foundation of a retaining
structure, of major importance is the ques­
tion about its design characteristics of
strength. Comparison of the Q values along
use initial iengcn of 'Cults-f6 and une :gd
value (fig.la) obtained by shearing of plates
during experimental studies on foundations
of retaining structures to the values of C
and 59 obtained by laboratory shearing andtriaxial compression tests on undisturbed
samples revealed a marked discrepancy between
them. The values of Q and tgc( describe the
integral strength of the foundation soils to
be established by shearing of footings. Hence
Codes and Standards envisage shearin tests
in the design for major structures zthose ofthe lst and 2nd class).

Extensive studies conducted into the
strength of non-rocky foundations of hydro­
plant dams erected on the Volga,Dnleper,Dni­
ester, Kama and Daugava proved to bc of
great benefit. In all the above instances
the integral characteristics of foundation
strength q and tgck were recommended and ac­
cepted as design values being considered
sufficient1y're1iable and, as a rule,higher
than the soil characteristics c and g whichused to be adopted by designers base on la­
boratory test data on soil samples before

-. » :mean . _

shearing of footings was introduced into
practice. A striking example is furnished
by the design and operational experience
of the concrete dam of the Gorki hydroelect­
ric plant. In designing the dam the shear
coefficient of 0.5 was accepted which is
the highest design value so far for clayey
soils. The Gorki dam is the lightest and
possesses the most efficient profile among
the USSR dams, and, possibly; in world prac­tice (R.8). _

Settlements of retaining structures are
evaluated by summarizing the settlements
in each individuel layer. The active depthis defined as the soil thickness where nor­
mnl stresses due to external loading amount
to 0.5 [Ha of the stresses induced bythe dead weight of the soil.

On the basis of studies conducted at Une
B.E.Vedeneev VNIIG calculation procedures
making an allowance for the increase in the
soil deformation modulus across the depth
may becnnsidered to give the closest appro­
ximation to the settlements recorded at hyd­
raulic structures /R.9/. Since the design
and construction of the Nizhne-Svir hydroe­lectric plant in the nineteen twenties the
classical arrangement for cnhanoing the
stability of retaining structures remainsan anchored reinforce concrete foreapron.
However,the performance of such dams as the
Gork1,the Kakhovka,the Vo1zhskaya_appeare
to be uite satisfactory without aprons
(Flg.2%. Their stability is increased by an
upstream cantilever overhang utilizing the
weight of the water above the divice. To
prevent partial liquefaction of the sand
foundation sheet piling is driven into theriver bed.

Experience gained in the USSR in the de­
sign and construction of dams resting on
non-rocky foundations demonstrates the effi­
ciency of the stability and settlement cal­
culation techniques recmmnended in Building
Codes and Standards.
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Chairman Prof. Bengt B.Broms

Thank you Mr.Evdok1mcv-for your interestingccntri ution.
lr Isbash, will you please.
Java Isbash
VARIATIONS OF THE VALUES OF POISSON'S RATIO
AND OF THE MODULUS OF THE GROUND STRATUM DE­
FORMATION UNDER LOCAL LOADING

The scientific basing of the value of the
settlement of the ground stratum is connec­
ted with a number of problems,the|mmt im­
portant being the determination of the modu­
lus of general deformation and the determina­
tion of Poisson's ratio. The adequate physi­
cal interpretation of them and the determina­tion cf a real value are the main criteria
for predicting the structure settlement.

To determine the modulus of deformation
and Poisson's ratio a volume of subsoil
should be chosen below the settlement plate.The cross-section of such subsoil volume is
equal to the area of the settlement plate.

Vertical deformations of layers may be
meassured by means of depth.marks in the li­
mits of the given subsoil volume to the
depth 2.0-2.5 diametres of the settlement
plate. Horiscntal marks are placed in the
middle section between each two vertical
marks along the lines forming the given sub­
soil volume. Such placing of marks makes it
possible to determine the value of vertical
and horizontal relative deformations under
any stressed state. The data obtained givethe possibility to calculate the value of
Poisson's ratio for each singled out volumec the subsoil between the marks.

The analysis of the experimental data shows
that Poisson's ratio value constantly chan­
ges along the line forming the cylinder or
prism. Poisson's ratio value depends on phy­
sical properties of the subsoil and the
depth of the given section below the toe of
the settlement plate. For the medium- granu­
lar sand in compact state with the void ratio
of 0.52, Poisson's ratio 15 the initial sta­ge of loading (to l kgs/cm ) at the depth
of about 1 diameter of the settlement platehas the value which conciderable exceeds 1.
The Poisson's ratio value decreases to 0.5
or 0.4 with the increasing of loadi . If
the same sand has the void ratio 0.2% the
value of the Poisson's ratio changes in pro­
cess of loading from 1.1 to 0.55 for the
depth of measuring equal to the settlement
plate diameter. In the same sand but o loose
structure (void ratio equals 0.75) the value
of the Poisson's ratio in the process of
loading varies from 0.80 to 0.52.

Along the forming line of the compressed
c linder (with a round settlement plate) or
the compressed prism (with a square settle­
ment plate) the largest values of the Pois­
son's ratio is at the depth: for a dense sand1.0-1.2 of the settlemen plate diameter;
for the sand of a middle density at the
depth of 0.7-1.0 o the settlement plate dia­me er, for a loose sand at the depth of

The value of the Poisson's ratio falls in
the direction cf the ground surface and with
the increase of the depth.

For the clay subsoil of semihard or hard­
plastic consistency the Poisson's has thevalue legs than 0. under the loads up to
5 kgs/gm only under the pressure of 4-5kgs cm it becomes equal to 0.25. For has
clay subsoil with thc consistency cf 0.5-0.8,
the Poisson's ratio equals 0.15-0.50.

while measuring the deformations in layersand the mean value of vertical stresses one
can determine the value of the general de­
formation modulus for each subsoil layerin the intervals between the marks.

The analysis of the data obtained indica­
tes that under the similar physical subsoilcharacteristics the value of the deformation
modulus increases with the increase of the
subsoil depth.

The above-mentioned data indicate that one
should not take for a constant the value of
the Poisson's ratio and the deformation mo­
dulus for each geological layer within the
limits of the compressed thickness.The subsidence and the inclination of
structures calculated without taking intoaccount variations of Poisson's ratio and
general deformation modulus might greatly
differ from those observed in practice.
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Chairman Prof. Bengt B.Brcme

Thank you lr. Isbesh for your contribution.Now I want to invite lr. utsel (Ussk)

V.I.Vut8e1 (USSR)

ON ANALYSIS OF FOUNDATIONS OF HY AULIC
STRUCTURES B DEFORMATIONS

The design analysis of hydraulic structures
foundations as well as of the prototype sett­
lement and displacement values leads to the
conclusion that the necessity has come of ba­
sing the foundation design not only on the
first limit state (the ultimate bearing capa­
city), but also on the second limit state
(the ultimate strain), taking into considera­
tion the limit equilibrium zones (shear zo­nes h

Thea following two component parts contri­bute to the total value of sett emsnt and
displacemmt: the quasi-instantaneous part
and the pert due to creep stain.

Thsfirst part of settlement is determined
as the seepage consolidation settlement and
the second part is the secondary consolida­tion settlement (for cleyey sci s).

The paper deals with the model c a foun­dation with the finite thickness and a crack­
extending below the front face of the struc­ture (fig.l).

The uesi-instant e us dis l cement canbe appro ma e e e e e variatio­
nal Kantorivitc -Vlasov's met od developed
by I.E.lileJkovsky and N.N.Leontg7v, usingthe differential equation /l/, / :

5° J-V” G 6’1r+0.6-0.9 of the settlement plate diameter. /-(gf " _ °. " iffso;
|97



in which U- generalized displacement; _
qs- generalized force expressed int/m.

For tne design layer with the thickness of
H=0.4B+hs, (fig.l.) the following displace­ments can be obtained:

I. Displacement of a concrete structure at
h =0 (single-la er foundation with the
tgiclcness H); ay due to the shearing forceQ = '_"'0 L- =Eo7 _Vf"(‘(° ,L-°

u’ _Ee2`St)e, lo E¢l' 2({-(iff)
b) due to the seepage force qso at x=0:

L<,’=0V-5;-”6f; (1 ­53- f _ _
52,1 f%dB5+£-gif - GA Q’-5; 7al

in which:

£2 Z-€(51Y+;))' %"=¢~/1, J/­° /22f _
°{=_"i/f"']//'_/11° J

QI- is assumed being uniformly distributed'. in the zone BS; g
5f‘- is determined by me location of the

downstream drainage system;
17- is the average gradient in the zorn
"7  Q d`=Imo£1 :r

_"Q _':_ /ls L: g.gcrac -- ,_
|| ® gif a4u|:1.‘| @ "E | lf.;-Q- ___Ura- _,_ _
:_ B4

determined :Ln the load plate tests at the
structure foundationdor clayey soils m _-,_
Oe6‘POe7§

G- is the shearing modulus beneath the
shear zone;

hs- is assumed to equal the design depthof the shear zone below the downstreamface of the structure.
Cree dis lacement is recommended to be deter . . as ov°s formula /5/.
Stud of prototype observations results

(the "gydroproject" Institut) demonstrates
that analysis of foundations of concrew hydraulic structures based on deformations
leads to a more economic design of hydraulicstructures.

LITERATURE

l. Vutsel V.I., Samarin LK., Sinjav-ski 3_v
"On the analys stabilitinand deformation
dam slopes of water-pump g storages" ,Hydroproject Transactions, N 52, 973,
2. Samarin LK. The malysis cf hydrauug
structures foundation. Building House pub1;|_­sher, Moscow, 1971.
j. Maslov N.N. "Long term stability and
shear strain of water-retaining struc-|;m-,BnEaergija Publishing House, 198. '
Chairman Prof. Bengt B.Broms

Thank you ||r.Yutsel for your diB°\BB1on.
Now llr. Sobolevslq will you please,

Sobolevsky U.A. (USSR)
The mechanical anisotropy is supposed tobe absent while solving the probdem concez,

ning the initial stress in anisotropic pal..vious soils.
Using the following equation the initial

stress distribution of anisotropic pervious
soils undor a quickly applied load my bedefined.

f”6x + dy ’-=0j3' 36” any .W°'_"""'?""" L;---=0.3 . 51 .Ju ¢9X 'Fig., / 'aa ~
- +  + x,___;,,_‘iv 5,0 dy ’

2.' Displacement at h equalling the shear 2 2
zone deEthQ(two-laygr §oun‘1ation,Fig,I); J/7' Ky 97,41U = -'H-:--9 ’ ( -_-a- _ » °`_`“ "'f"" 1 22 G.B.¢; HS + I‘“ )' 6/ K1 3_5/2 0'
in which m is the plastic defamation degree & (I)
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where The expressions characterizing the initial
stress state of the isotropic medium may be,D ~ K’ _g AP' obtained from equation (5) and equation (4)

Hal U,-GL E- _Q _f  by means of the ultimate transition according,gf .9 g 'Y js' "6; » ,H to the Lopitsl rule.
X- 1+ ~~~0 The initial peicolagion gonaiuionsiggg- - boundary express ons or t e str p

lr- 3_;’;§§%;%;nt of permeability ln horizontal under the load 2b (F1g.1) were used for
- coefficient of permeability in vertical --3--9-,fK1 d-i1`°°ti°° -x 5 ff 3 z M ! || | Pg 2 J o 5 ,X'1‘he expressions for the stress components f / 6-‘\ rm -°I \ Q] ru 4/\for two cases have been obtained.: Q  4 V ,pp \\ ’ M '12 pp V \/

ia ]L ' '_ ,n ‘Qin l ~l/2a) the horisontal water permeability preva- \ ` ,P . , \\ /
lance over th.e)vertical one (peat,varved - \ _ _-’ e I l  >_l _ / m_3clays and etc. U _ 1__ _Y L, _,_,_,,, , .,/I5 K' L l V “’r /1. WW ll g s - ~ A ~-s -Y e ~  ~_,: I a-- --~f~ Circ --`~­Gy f ,_ _Q J” X-fK9 -x 3 2  A 2 J +1A' /4 V -`“» 'l \y _Q 9, -l y _f ./ f i Q? _~\§>~+-f-- If- -f ”~ f “” f v”-arc ,y --- - cm 5; 1--+c'/rc 5) ---»~ ___ _____  qv _g\__l_ 2A’+£ ;(-5' X4-K 1 I/   X_,_  _ " 2  ,T_______,..3+_ 2 '  `
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a) solid lines-for isotropic soils;
b) the vertical water permsbility prevalence gi” 1in°S°f°r ~=1°°*=f°P1° Bula when

f:vtgr)the horizontal one (loess soils and ~ :low dot_md,_dash lin” for anisotrwAf, p o soils51 21% 1/Ay 9 y when k = 1
6, =1?*T"ff@-*”””447 ' ‘I 10°7*”/F' *K 'H b) the same lines for equal normal stresses’ 6, and 6 ,KA _Q 4'

/Dv 7+@` zl ' 'Wy Ai 9 solving the problem on me initial stability",:' *Aj* C?/`C §7'*'° -0/t'z9+ of the quickly loaded soils aooozding toJ' 7` “i XJ X“"° v'g°i'°§§1§;.'Bky ¥°th§dmd.i° ulti 1 cl/r a o a one or ng mate oa s
y 2 andlslip neiss fointgje satugated anisotropic2 A/ so e are g ven gure .

p # (x-6y+y 2 (X~ 5) + _y 2 'me calculations for tm uma P°=20¢_ 0 3 6) _fn 5' (where o = soil cohesion were carried. outy- f T I 2 2 `“""'-;k'o' by the Minsk-22 oomputez).' 7_ _j (X+)+y (x*6>)»{* l 2 In most oases the initial ultimate stress,fy K9 5/ state is characterized by the internal Swel­
ling for the medium with the vert:|.oal.perv:I.­(4) ousneee prevalence.
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Fig.2. Slip nets for anisotropic pervious
soils with transient loading which is
P°£0c

a) for soils with vertical permeability pre­valence
b) for soils with horizontal permeability

prevalence.
To confirm a theoretical qualitative pic­

ture of deforming quickly loaded anisotropicsaturated soils aboratory tests :Ln a metalbox were carried out. This box was filled with
dry, fine sand :Ln layer£n3mm to 5% gndlglzwder of Kaolinite clay la ers o .
By these tests the permeability coefficient
ratio in mutuall perpendicular directions
was found to be goo cr Féa _

The soil was saturated from bottom and sl­
des. Loading was carried out By means of asettlement plate to be 260 cm . 6 kg load
was applied to the settlement plate with
1-2,5 m interval. The loading was made until
a complete destruction occurred under the
unit pressure of 0.1-0.25 kg/cm2.The deformation of the soil mass with the
horizontal permeability prevalence is cha­racterised by soil swe 1 g in sides from
the centre of the settlement plate. In this
case no soil wedge was found.

The intemal swelling defamation occursin soils with the vert cal permeability pre­
valence. The settlement of the plate was
accompanied by some rise of the side surface
without an obvious damage of the soil soli­
dity. Hanover, :ln the depth of the mass both

sides 6: the :edge distinctly seen thrcuga
the front glass wall had this damage.

The depth cfthe deformed zone was emai­
derably greater than that of the medium with
horizontal layers (fig.5).
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F1g.3. The nature of deforming models of
anisotropic parvious soils.

a) for soils with vertical permeability pre­valence

Kx=_L‘I; an
b) for soils with horlsontal permeability

prevalence

.irc
‘s

CONCLUSIONS

l. Filtration anisotropy influgces, to agreat extent, on the nature of d ormug and
stability of the quickly loaded saturatedS0 |s

2. The stabiliw loss is accompanied by
the formation of the surface swelling for
the saturated soils with the horizontal pez.­
neability prevalence.

5. A considerable settlement of the plate
with the wedge and internal swelling is chrracteristic of to saturated soils w th the
vertical permeability prevalence.

Chairman Pro.f.Bengt B. Brols
Thank you lr. Scbolevsky. Now I pass thework to lr. Ballssat from Switzerland

llr. Iarc Balissat (Switzerland)
glgopsis

A hydropower plant on the Reuss River (Swit­zerland) s located entirely on a silty sub­
soil. The design of the dam is completed bytwo cutoff walls in order to reduce the see­
page flcws md to assure the stability of
the structure. For the analysis the apron
was considered together with the cutoff walls
as a rigid frame. Furthermore,tln influence
of the elasticity cf the subsoil on the sta­tic forces at the tops of the walls was ln­
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l. INTRODUCTION

The hydropower plant of Bremgarten-Zufikon is located on
the River Reuss, one of the most important rivers of the
Swiss Plateau. At the site (elevation 375 m a.s.l.) the
Reuss describes a series of meanders cut out of a pre­
glacial moraine. The proiect envisages to rise the warer
level about ll m by means of a 85 m long concrete dam.
This dam will be composed of 5 independent spillway
bays and one power house block with 2 bulb turbines.
With a maximum discharge of 200 m3/s the installed capa­
city will be IB MW and the energy production will reach
about |00 million kWh per year. The plant should be
ready for operation in I975.
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FIG. l. LONGITUDINAL SECTION OF A SPILLWAY BAY

2. GEOTECHN ICAL DATA

The subsoil is constituted by a thick moraine front pre­
glacial times, the exact depth of which is unknown. None
of the borings which were drilled to a maximum depth of
75 m reached the b'FdY0df The moraine contains dense to
very dense materials without any orderly stratification.
The most frequent soils are silts with low plasticity (ML)
more or less sandy (SM - ML) with an important percentage
of stones and boulders. Furthermore, there are thin inter­
calations of clay (CL) as well as sand and gravel (SM, GM).
The average permeability k of the subsoil varies in the
range frofn 2 . |0-7 tg 5 - lO'5 cm/s. In certain fine sand
deposits (SM - ML) k reaches 2 - l0'4 Cm/S.

Stondcrd penetration tests as well ns sheet piles penetra­

LEGEND

I Pier
2 Apron
3 Intermediate beam

4 Flop gate
5 Radial gate
6 Upstream stop logs

7 Downstream stop logs

B Cut-off walls

9 Stilling basin
l0 Drainage blanket

ll Morainic deposits

tion tests have shown that the density of the subsoil‘is
quickly increasing with the depth. Interesting too is the
low compressibility of the clayey and silty material
(CL - ML) extracted at depths of 5 to I7 m. Their void
ratio e varies from 0.425 to 0.700 and their compression
index Ce from 0.042 to 0.082.

3. FOUNDATION DESIGN

Each element of spillway is ll.B0 m wide. lt is composed of
a thick apron, framed by two half-piers with an opening
of B.80 m (see Fig. l.). A beam which supports a flap
'gate is located between the piers. Under this beam are
openings closed by radial gates. In this way each element
constitutes an independent stiff structure.

3.l Cutoff Walls and Drainage Blanket

For the stability of the structure as well as in order to re­
duce the seepage flows under the apron, it was necessary
to provide two cutoff walls upstream and downstream from
the dam (A and B). The depth of the walls was determined
by means of flow nets for equal and different permeabilities
in horizontal and vertlcal_directions, kh and kv. The stilling
basin is independent from the rest of the structure in order
to allow differential settlements. Under this basin a drainage
blanket is provided to relieve water pressure and to prevent
piping. Seepoge water is estimated to be very low, i.e.
0.6 l/min. per bay assuming a permeability of k = 2 ° l0'5
cm/s. Furthermore, the blanket will reduce the uplift pres­
sure of 0.3 kg/cm2.

In view of the high density of the subsoil and the existence
of large boulders, the following solution was adopted for
the construction of the cutoff walls; ioined bored piles
with a diameter of 90 cm each in which sheet piles (New
Larssen 22 section) are placed. In order to assure sufficient
stiffness for the stability against sliding, the tops of the
sheet piles will be fitted into the apron.

3.2 Method of Analysis for the Apron

For the calculation of the apron, the assumption was made
that together with the cutoff walls it forms a rigid frame
resting on elastic supports. The supports were materialized
by values of compressibility modules ME = f - Qi- - D
(where f is a farm factor and D the smallest dimension of
the foundation). The supports were introduced horizontally
along the cutoff walls as well as vertically under the
apron, taking into account different values of ME in
order to reproduce the variation of density with the depth.
The calculation was made by means of a STRESS-computer
program. The results are summarized in Fig. 2 for two cross­
sections near the tops of the cutoff walls. The assumption
of an even not very deformable elastic support, at the
bottom of the walls entails an important reduction of the
vertical forces (V'A and V'B).
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In the figure l are indicated in a theoretical p-q dia­
gram the conditions which produces the collapse of ­
one soil of this type. The collapse can be originated
by the failure of the bonds in three different ways: by
tensile, shear and compression stress. Failure by ­
shearing stress can take place if the bonds are short
and wide. On the contrary if the bonds are long and ­
slender only collapse by tension or compression is ­
possible. The formulas indicated in figure 1 refer to
homogeneous and isotropic soil. If the cementation ­
presents preferential orientations, the relative posi­
tion of the lines p-q would be different it being possi­
ble that one of the three types of failure can predomi­
nate.
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FIG. 2. INFLUENCE OF COMPRESSIBILITY MODULUb ME I - “E N"
ON THE FORCES V AND H AND THE MOMENT M
AT THE TOPS OF CUTOFF WALLS /\ AND B

Ohsirmn Prof. Bengt B.Broms
Thank you llr. Balissat. Now we shall listen
tp lr. Uriel from Spain. lr. Uriel will you,p ease.
lr. S.Urie1 (Spain)

GEOTECHNICAL PROPERTIES OF TWO COLLAPSI;
BLE VOLCANIC SOILS OF LOW BULK DENSITY AT
TIIE SITE OF 'IMLDAMS IN CANALYLISLAND.,
. Uriel and A. A. Serrano.
Among the several types of collapsible soils, this rg
port deals with those which has a sudden change ­
stress of the apparent modulus of deformation when
the effective stresses reach a certain level, due to ­
the failure of the bonds between the particles of the ­
soil. This is the case of cemented clays or silts, ­
rocks of a great porosity, volcanic ashes, etc, which
collapses when summited to increasing stress field.

FIG.1

In the figure Z and 3 are presented the result obtained
in triaxial tests for two volcanic cemented agglomerg,
tes of the Canary Island, which will be the foundation
soil of two dams: Los Campitos and Arifiez dams. It
can be easily seen the tensile and compresive type ­
of failure, although the tests are few for clearly ob ­
served, if it exists, the shear stress failure.

The volcanic soils of the Los Campitos dam, having
a bulk density between 0. 7 and l. O, seem to follow a
law similar to the one iust indicated. although there
are not enough,data to establish correlation between
the different types of failure.

For the volcanic conglomerate oi the Ariiiez dam, ­
which has a higher density (I. 2 to 1.4 Tons/m3), ~
collapse takes place when the major principal stress
reaches a value ranging from 27 to 35 kg/cmz, due
probably to an anisotropic distribution of the bonds.

For the Los Campitos dam the solution finally adop­
tcd was thc removal of the material; For the Ariiez
dam the major principal stress was required not to
exceed 5 kg/cmz.
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Chairman Prof. Bengt B.Broms

Thank you ltr. Uriel for gour interestingdiscussion. New I pass t e word. to lr.
Herzog (Hungary)

lr. Henrik Herzog (Hungary)

BE'1"lIL1ilENT ANALYSIS OR PREDICTION OF HUVEIIENTS
OF THE GROUND. CONCLUSIONS T0 BE DRAWN FROM

A SERIES OF lEASUREM.ElVTS

flood plain; after construction, water
will be closed. The subgrade of the foun­
dation consists of Pleistocene sediments:
alternating layers of silty fine sand and
clay, down to depths exceeding 200 m. The
ground water was lowered in multiple
stages.
Part of the bench marks involved in the
observation of ground motions had been¢
placed in boreholes below the reference
plans, before the excavation. Other bench
marks were placed on independent founda­tion blocks on berms of the excavation
pit, on the flood protection ccfferdams,and also in areas remote from the construc­
tion site.
Investor: National Investment Agency for

Agency for Hydraulic Projects,
OVIBER, Budapest

Designer: Institute for Hydraulic Planning,
VIZITERV, Budapest

Building contractor: Enterprise for Hyd­
raulic Construction, VIZQP,
Budapest

The observations are being made by:Research Institute for Water
Resources Development, VITUKI,
Budapest

The results of measurements showed that
during the excavation of the working pit
the bench marks placed in depths went up
to considerably higher elevations /they
rose by 5 8 cm/;
though motions occurring after the begin­
ning of concret pouring generally bear the
character of settlement, after longer in­
tervals /a few weeks/ in concreting, ele­
vations from 0,5 to 1,5 cm may also occur;
bench marks on the cofferdam placed at a
depth of 20 m suffered settlement with­
out exception /j N cm/;
bench marks placed on a berm in adepth of
7 m below the original ground level showed
motions of a few mm in alternate senses;vertical movements under the influence of
construction activity /excavation of the
pit, groundwater lowering, building of the
structure, back filling, etc./ did not
accur beyond 300 m from the structure;
the structure showed, after groundwater
lowering had been discontinued, an eleva­
tion from 1 to 2 cm, and about the sameamount of subsidence after the river was
led into the new channel.

Over the area of the river barrage under
construction at Kiskore, Hungary, move­
ments of the ground have been observed +ever since the construction work started.
The river barrage comprises the power
plant /U units, 28 MW/, the weir /5 spans
of 2h m each/ and the ship1cCk /12 bY 85 m
clearance/, one attached to the other.
The area containing the structure is 230
by 150 m in size, with a maximum founda­
tion depth of 22 m. On the upstream side
a concrete diaphragm wall has been built,
it reaches to a depth of about 20 m. Theentire structure is constructed over the

203

Although the results of measurements per­
mitted tc give predictions on the basis of
which the structure floors having an opera­
tional importance could be located - within
permissible tolerances - on to the designed
elevations, quantitative conclusions can not
be transferred to other structure. However,
some qualitative statements can be made,These are:
- vertical movements of structures depend on

stress changes as related to the natural
conditions;

- expansion accompanying a stress decrease
is a time-dependent process.



It can be concluded that the predictions of
movements can be reliable only if the sequ­ence ahd'the time schedule of the activities
construction, /excavation, dewatering

etc./ the extension of layersconcreting,
affected by stress changes as well as their
compression and expansion coefficients, are
known.
Net all of these conditions can be fulfilled
at present To fulfil them all, further in­
vestigations are required e.S. the physics
of the expansion of soils. A more precise
knowledge of stress distribution at depths
would be also necessary, a special consideration being given to the interaction of fac­
tors increasing and diminishing stresses
/e.g. the influence exerted by shootings and
diaphragm walls on the distribution of _
stresses, the effect of pressure level fluc­
tuations of deeper lying artesian waters and
of pit dewatering, etc./
Not before we are in possession of knowledge
as indicated above shall we be in a positionto draw the limits within which conventional
methods of calculating settlements can meet
the requirements of practice, that is beyond
which an analysis of the entire process will
be required.

Ohairssn Bengt B.Brass
Thank you I . Hersog for your contribution.

New I should like to sell ss l.V1g§1an1from Italy. lr. Vlggieni |111 yea p ease.
lr. vi§1l-D1 (Italy)

srrmmmr or A mn mu DUE 'ro coNsoLIm\=
'non .IITDUOED BY SEEPAGE roncns.

In fig. 1 a schematic section of the Ca:
priai weir dam on the river Tagliamento,
in Italy, is shown; the average subsoil
constitution and some typical soils pro:
parties are also reported.
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Fig. 1. Sohesatic.section of the Capriei
weir dam and its subscil. Figures shown
are elevations in meters above sea level

The behavior of the dam during operation
has been characterized by a slow settleme=
nt °¢°°mP3ni9d by a progressive tilt tc:
ward the reservoir. In fig. 2 the observed
settlement of two points of the dam are
reported; the measurements cover a period
of 16 years after the end of construction.
B9tlB9H 1960 and 1965 the settlement rate

I!

is affected by grouting work carried out
in the gravel underlying the dam in the
P°ri°d Bh0In in fig. 2; anyway, after 1965the effects of this perturbation may be ,
seen tc_have practically vanished,
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Fig. 2. Calculated and observed time-set:
tlement behavior of two points of the
dam. The location of points A and B is
reported in fig. 1.

In examination of the problem revealed
that the observed behavior is controlled
by the consolidation of the clay layer
under the action of seepage forces. With
the occurring boundary ccnditio s such
forces produce a
located upstream
downstream. As a
tilts toward the
ing wall founded
tilts toward its

compression of the clay
the cut-off and a swell
consequence, the dam
reservoir like a retain­
on compreseible soilsfill.

The settlement-time behavior has been ins
terpreted by means of some simple calcu­
lations. The total stress, the immediate
settlement w, and the undralned pore pres­
sure have been calculated by means of the
elastic theory, while the final steady
state pore pressure distribution has been
obtained by seepage theory; the clay layer
las assu ed homogeneous and isotropic.
The two-dimensional pore pressure dissipa­
tion has been calculated by numerical tre­
atment of the stsple=Tersaghi-Rendulic
diffusion 1:1-pe theory (evans, APUh1os, 1972]

settle ent wt by means of thethe final
oedometer method.



Details of the calculations are reported
elsewhere (vlggiani, 1913); in fig. 2 the
calculated time-settlement curves are
superimposed to the observed points. The
best fit is obtained with ev-2.~1;1o'3
omqfsec; laboratory values of the consoli­
dation goeffiolent range between 2.3 and4.5x10' cmq/seo.
The surprisingly good agreement between
such a simplified analysis and the obser­
ved behavior may be largely fortuitous;
neverthelesslt is believed that this case
history demonstntes the importance of a
proper consideration of seepage forces.
In the present case these forces are res=
ponsible for the unexpected upnrd tilt
of the dam under a unter thrust tending
to rotate itein the opposite sense.
References

hvis EJ., Poulos l-!.G. (1972) -_Rate ofsettlement under two- and three-d1men­
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Chairman Prof. Bengt B.Broms.
Thank you lr. Viggiani.
Now I want to pass the word to llr. Kulikov
from the USSR. lr. Kulikov will you please.
Kulikov K. It (U$R)
OPTIIIZATION OF BASEIIENT WORK UNDER THE
CONDITIONS OF PLAIN STRAIN

Development of the experimental technique
and vast investigations of the strain dist­
ribution and the basement bearing ability
carried out by Evdokimcv P.D. llalyshev M.V.
Llpovetskaja T.F. ,Krdvorotov A.P., Vinoku­
rcv E.F., llurzenko U.N. , Snlrjaev RA., Ta­rlkuliev Z.J. and others created a modern
experimental base and methodics for conduc­
ting complex investigations of basements andstructures. ' A

The aim of carrying out our researches was
studying peculiarities of interaction mecha­
nism of system "basement-structure" ami re ­
vealing optimum conditions of basement work
depending on the initial data of the experi­
man t-f lexibi lity, deepening .

Experimental investigation of work of the
compact sand basement under the conditions
of plain deformation were carried out in the
laboratory "Basenents and foundations" of
the chair "Engineering structures" of the
lcvocherkassk Polytechnical Institute. 'mess
investigations were performed upon the uni­

versal testing machine ll¢-l as well as :Ln
the field conditions using soil pressure
metres and registering devices designed. by
Prof. Murzenko U.N»

50 experiments dealing with this theme
upon the rigid and flexible structures( H=0 + 20 according to the Gorbunov-Posa­
dov method) from 250 till 1200 m in width
with the relative deepening H: B=0.0+J.5 wencarried out all :Ln al »

Loading in the qpgéperiments was accomplishedby means of the ' IG "a sdzeme mainly.
The results of the experimental researches

indicated that in general case the theoreti­
cal conclusions concerning foundation work
under conditions of plain deformation are not
observed. Longitudinal epures of contact
stresses (main criterion of the basements
"plain strain") are not of a line character
having vividly erpressed wavy character,
wave picks alternating in a multiple way tothe structure width.

Load increasing, a successive transforma­
tion of alternating spatial saddle-shaped
epures occured under the absolutely rigid
structure. These epures transformed firstly
into wavy ones, and then immediately underthe crit cal load :Lnto completed pick-shaped
attended by the edge ordinetes' dropping(points 1, l-a, l-b Fig.1).
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with the :Lncreasin of the structures'
initial flexibility ?;:§=2,0t5,0) transfoma-»tion of epures from s dle-shaped into wavy
and bell-shaped ones was observed. The cha­
racter of epures las influenced by structures



consoles deflection, which excluded initial
seddle-shaped form of the epures and acce­
lerated the general process of transforma­
1710110

Measurements of the baseusnt contact layer
field of density under the load conditions
below limiting showed the identity of dist­
ribution of contact stress and changing
density in the contact layer,but under the
conditions of limiting load they showed the
identity of the density and the contact
stress epures' outline with the outline of
the fixed at that very moment limit resili­
ent pick-shaped core.

Nonlinear character of longitudinal epu­
res of the contact stresses gives rise not
only to the consoles bending,but bending
with torsion, what considerably complicates
the working conditions of the“basement­
structure" system and provokes longitudinal
stretching stresses in the upper z ne of the
structure not taken into account during the
cilculations according to the existing theo­1' asc

Difference in the values of bending mo­
ments of the adjacent transverse ranges
bei2$*at the distance of 0.2+0.4 B equalsto 505|

Investigation of influence of the flexible
structure cutting into blocks (tg=5.0) withdifferent ratio of structure width to that
of the block (in the plan) showed that non­
out monolithic structure is optimum for the
conditions of maxim m using of bearing abi­
lity of a basement and a structure. But asfar as conditions of the crack-resistance
of a structure is concerned the structure
made of blocks with the ratio 0.5 (in the
plan) is optimum. Fig.2 denotes a dimension­
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Fig.2
less diagram of changing of settlements of
uniform sand basement for various medium
pressures in shears of the critical loading
upon the basement for a rigid non-buried
structure depending on the initial flerlbl­
lity of the structure and deepening.In eneral case non-buried flexible struc­
ture ?1.0< tg < l5.0) when loaded undergo
distortion of basement less than a rigid
structure of different dimensions.

Transiti n from an absolutely rigid struc­
ture to the flexible ones with'the figures
tn. 2.5 and 5.0 are characterized by decrea­

IM

sing of settlements relativly for 20 and 40%.
In the constructions having initial flexi­

bility 10 and 20 for the account of greatdeflection of consoles the cross-section ac­
quires a form of a crimple, favouring lesse­
ning the resistance of ground and increasingof settlements.

The character of dimensionless settlements
changing depending on the initial flexibility
permits to determine the optimum initial fle­
xibility (tg=6.5) of the structure,which beizg
loaded experiences the least settlements.

#ith the increasing of the rigid and fle­
xible structures relative deepening
(H:B=O+l.5) general regularity of settle­
ments' decreasing is observed.

Settlements of rigid structure at the re­
lative deepening 0.5 and 1.0 were 20 and 40%
less than those nonburied structure (like in
the case of increasin flexibility in the
nonburied experiments§.

with the increasing of relative deepening
in the interval 1.0-1.5 further diminishing
of gettlements was not observed.

The settlements during the deepening equal
to H:B=l.0; 1.25 and 1.5 are practically
equal. The same regularity was observed in
the case of changing critical loads upon
the basement. For instance,during the rela­
tive ueepening 0.5 the meanings of critical
loads are equal to doubled,but during the re­
lative deepening 1.0 to trebled meaning of
critical loads for ncnburied rigid structure.
Further increasing of deepening (HsB=~l.O)
was not accompanied by so intensive rise of
oriticalload. The latter reveals qualitative
changing of influence of lateral increasing
of load upon the supporting power and defor­
mation eb lity of the basemmt beginning withdeepening H: =l.0.

Deepening H:B=l,0 is optimum (t¥<l.0) fromthe conditions of minimum deforma ion-ability
and maximum using of supporting power of the
basem nt. For the structure flexibility 2.5
relative deepening 0.5 is optimum.

General analysis of the results of the in­
vestigations carried out by us showed that
there are existing: optimum flexibility,de­
opening, cutting structures into b1ocks,which
permits to apply supporting power of the base­
ment in the best way for the account of the
proper determination of the initial conditi­ons of the basement work.

Chairman Bengt B. Broms
Thank you very muah lr. Kulikov.
The next will be lr.Jakovlev(USSR)

P.I.Jakovlev (USSR)
ON PRACTICAL IETHODS FOR CALCULATION OF BEA­
RING CAPACITY OF FOUNDATIONS WITH COIPLICATED

BOUNDARY CONDITIONS

The calculations made for designing of real
foundations are always practically connected
to the necessity to consider complicated
boundary conditions. For example, while cal­
culating marine hydroteohnical structures



one should in all cases consider complicated
tensile loads, multilayer foundations and
stability of slopes under inclined uneven
stretched load applied at a certain distance
from the edge, etc.

0urrent]y,there are suggested many empiricmethods of foundation strength calou ation
based on different subjective assumptionsand some experimmtal data. Natural y,these
methods cannot evaluate the influence of
applied assumptions on the final results. Onthe other hand the methods based on a series
of experiments cannot be successfully appli­ed to the calculation of constructions with
different boundary conditions.

The most promising way for solution cf
various practical problems is to develop
approximate engineering methods of calcula­
tion based on a general theory.Coulomb's
theory is an example of the viability of
such approach. Himdreds of scientists and
engineers using extrens prlnciples of this
theory and making some additional assumpti­
ons got engineering solutions practically
for every problem encountered. These -methods
were successfully applied in the course of
many decades and are still used in enginee­
ring practice.

T e problems relating to bearing capacityof foundation are presently solve us ng t e
general theory of limiting balance elabora­
ted by soviet scientists V.V.5okclovslcy,
S.S.Golushkevich, P.D.Evdokimov (1956),
F.l.Sh:lkhiev and others. 'me engineering
methods of calculation making account of the
most complicated boundary cmditions can be
developed on a basis of this theory. In the
ussn such methods had been developed for the
cases of multilayer foundat1ons,aeism:l.c ao­
tivity, dee ly laid foundations,stc (Jakov­lev 965,lS72). The application of founda­
mental principles of safe stress state theo­

enables to achieve satisfactory results
:gen solving the most complicated practical
problems.

It should be noted that the theory of li­
miting balance treats equally all problemsarising in the process of interact on bet­
ween structure and soil, which is its great
advantage.

In the USSR cn a basis of this theory there
have been developed engineering methods for
calculation of back-fill pressure on retai­
ning walls at different boundary conditions
which are applied for solving various prob­
lems relating to stability of slopes md
other fields (Shikhiev, Jalnovlev,l9‘72).
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Chairman Prof. Bengt B.Broms

CONCLUDING REMARKS

The specialty session on "Soft Soil Bases
of Concrete Hydrotechnical structures" focu­
sed the attention on the effects of progres­
sive failure and liquefaotion on the founda­
tion strength and the stability of gravity
and buttress dams, offshore structures locks,
drydooks and ligthouses. It was pointed outthat the risk o progressive failure must be
considered in the design of such structures
particularly when they are founded on over­
consolidated plastic clgis. A reduced shearstrength between the pe and the residual
strength should be used.

It was also pointed out that earth quakes,
blasting and wave forces can cause liquefac­
ti n in fine uniform sand. Ldquefaoticn oc­
curs when the pore pressure increase caused
by cyclic loading approach the initial ver­t cal effective stress in the soil. The de­
velopment of liquefaotion is dependent onsuch factors as the shear stress ratio in
the soil, the initial relative density and
on the drainage conditions.

Attention was also focused at this speci­
alt; session on the use of the finite elementmet od for the prediction of settlements andlateral displacements. With the finite ele­
ment method it is possible to study the ef­
fects of such factors as creep and consoli­
dation. The success of the finite element
method is, however,dependent to a large exted:
on how accurately the soil parameters used
in the analysis can be determined. It is ne­
cessary to pay more attention to the develop­
ment of in situ testing methods for an imp­
roved prediction of these parameters.

Hydrctcchnical structures are frequently
large. Size effects becomes important when
the results from small scale test are analy­
zed and applied as pointed out by Mazurkie­
wicz. He found that the measured settlements
of a dry dock were considerably s aller than
those predicted from plate load tests or
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from oedometer tests.
Giroud discussed the rotation of rigid

slabs founded on a compressible elastic fo­
undation. The results were presented in the
form of nomographs. Giroud has investigated
also the area (core) within which a vertical
load will only cause cc pressive stresses
below flexible or rigid slabs.

Samrin presented a method to calculate
the lateral displacement of rigid structures
bimconsidering first the def rmations at thet e of loading and then the time dependent
deformations.

Fukuoka described the design of the Sabai­
shigawa dam in Japan which has been construc­ted on soft sandstore and mudstone.The stren­
gth and deformation properties of the rounda­
ticn materials were evaluated by insitu di­
rect shear tests.The dam and the foundation
was analyzed by the finite element method.

The design of a concrete dam founded on
silt was discussed by Balissant. The dam
was provided with two out off walls and an
apron to reduce seepage below the structure.
The cut off and the apron were analyzed as a
rigid frame supported on elastic springs.

Savey described the design of a 265 m long
lock which has been constructed on cla¥,olay­ey silt and peat. The shear strength o the
soil was increased by preloadlng. Band drains,
reinforced with fibre glass wicks, were usedto increase the consolidation rate. The ob­
served settlemsnts were larger than the cal­culated settlements.



WRITTEN CONTRIBQQONS
FOUNDATION QF A RIVER DAM ON SILTY SUBSOIL.
Marc B'éTiesat /SF:l'tzerf|an¢U

SYNOPSIS

A hydro cwer plant on the Reuse River (Swit­
zerlandg is located entirely on a silty sub­
soil. The design of the dam is completed by

two cutoff walls in order to reduce the seepa­
ge flows and to assure the stability of the
structure. For the analysis the apron was
considered togetherwiih the cutoff walls as
a rigid frame.Furthermore,the influence of tb
elasticity of the subsoil on the static for­
ces at the tops of the walls was investigated..
1 . INTRODUCTION

The hydropower plant of Bremgarten-Zufikon islocated on the River Reuse one of the most
important rivers of the Swiss Plateau./\t the
site (elevation 575m a.e.l. )the Reuse deso­
ribes a series of meanders cut out of a pre­
glacial mora1ne.'Ihe project envisages to
rise the water level about ll m by nsane of a
85 m long concrete dam.'1‘h.1.s dam will be com­
posed of 5 independent spillway bays and one
power house block with 2 bulb turbinesdlitha maximum discharge of 200m /s the installed
capacity will be 18 MW and the enera produc­tion will reach about 100 million k per ye­
axulghe plant should be ready for operationin 75|
2, GEOTECHNICAL DATA
The subsoil is constituted by a thick moraine
from preglacial timee,the exact depth of which
is u.nknown.None of the borings which were
drilled to a maximum depth of 75m reached the
bedrook.‘I‘he moraine contains dense to very
dense materials without any orderly strati­
fication. 'lhe most frequent soils are silte
with low plasticity (ML) more or less sandy
(SM-ML) with an important percentage of
stones and boulders.Furthermore,tl:Bre are

thin intercalati one of clay (OL) as well ae
sand and gravel (S|l,GM). The average perme­

ability k 8:8 the subeoil varies :Ln the rangefrom 2.10" to 5.10-5cm/s.In certain fine
sand deposits (SM-ML) k reaches 2.10"*cm/s.
Standard penetration tests as well as sheet
piles penetration tests have shown that the
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Pier
Apron
Intermediate beam
Flap gate
Radial gate
Upstream stop logs
Downstream stop lqsOat-off walls
Stilling basin
Drainage blanket
Morainic deposits
the subsoil is quickly increasing
pth. Interesting too is the low

compressibility of the clayey and silty ma­
terial (CL-ML) extracted at depth of 5_to
l‘7m. The:Lr void ratio e varies from 0.425 to
0.700 and their compression index Co from0.042 to 0.082.

2| FOUNDATI Ol] DESIGN
Each element of spillway is ll.8Om wide. It i

of a thick aprcn framed by two
half- iers with an opening ct! 8.80m (see
Fig.1 .A beam which supports a fla gate is
located between the p:Lers.Under this beam
are openings closed by radial gates. In this
way each element constitutes an independentstiff structure.
}Jl,pCutoff Walls and Drainage Blanket

is composed

For the stability of the structure as wellas in order to reduce the seepage flow un­
der the aprcn,it was necessary to providesf
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two cutoff walls upstream and downstream from
the dam (A and B)l'l'he depth of the walls was
detemined by mans of flow nets for eqxal
and different permeabilities in horizontal
and vertical directions ,kh and k.,,.The stil­
ling basin is independent from the rest ofthe structure in order to allow differential
settlements. Under this basin a drainage
blanket is provided to relieve water pres­
sure and to prevent piping.Seepage water is
estimated to be very lm i.e. 0.61/mig.perbay assuming a permeabil:|. of k=2.l0' om/s.
Furthermore,th.e blanket wi 1 reduce the up­
lift pressure of 0.5 kg/cm .
In view of the high density of the subsoil
and the existence of large bculders,the fol­
liwing solution was adopted for the construc­
tion of the cutoff walls:joined bored piles
with a diameter of 90cm each in which sheet
piles (New Larssen 22 section)are placed.In order to assure sufficient stiffness for
the stability against sliding the tops of
the sheet piles will be fitted into the apron.
}.2.llethod of Analysis for the Agon
For the calculation of the apron,the assumg­tion was made that togetknr with the outof
walls it forms a rigid frame resting on elas­
tic supports. The supports were naterialized
by values of compressib ility modulus

\lE=f.-A-1 .D (where f is a form factor and DAh
dimension of the foundation).the smallest

The supports were introdmed horizontally
along the cutoff walls as we ll as vertically
under the apron,taking into account different
values of ME in order to reproduce the varia­tion of density with the depth.The calculati­
on was made by means of a STRESS-computer
program. The results are summarized lu Fig.2for two cross-sections near the tops of the
cutoff walls. The assumption of an even not
very deformable elastic support, at thebottom of the walls entails an important re­
duction of the vertical fcrces (WA and WB).
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-u- er, :.G.Lykoshin, v.A.Dourante, . .

Griaznov, B.L.Gorlovski, A.I.Tour (Ussa)
Studies of soft soil foundations by a

complex of field methods on a basis of the
results of large-scale studies of soils by
express methods and those of a limited mem­
ber of detailed studies of soils in typical
$"key") places of their occurrence allowor improving the reliability and thorough­ness of studies.
for ourring down the time of carrying out:
the studies and reducing the cost of desig­
ning research and construction work. The
filed methods can be divided into tm-ee
main groups:

Group I - ccnvetional methods of direct
determining of the design characteristics of
the mechanical pro erties of soils and the
pile capacity (Ep 3.0 P pileg;

Group II - methods whic require preli­minary ca ibration to define the physical
state and design characteristics of soils;

Group III - methods of indirect deter­
mining of the soil state and propertiesfrom the correlation relations. lost of the
methods placed into Groups I and II, require
the preliminary driving of underground wor­ings;

Groups II and III cover mainly the
methods of accelerated tests of soils (ex­
press-methods) which are standardized andhere is special standard equipment produced
in the USSR to carry out these tests.

lhen working out the methods of field
studies the authors proceeded from the to
day knowledge of the nature of the physical
and mechanical properties of soils theirfaciea variation and from the results of the

|`l OF 0 PLBXBS OF F BLD IBTHODS IN STU­
| ll ` | L '\: : "0 | ' DY; O ` O ' : I lf" |_ 7| .Th | :` 9 \" '- eBeI T A theoretical and experimental studies of the

physics of phenomena observed in the soils
during the tests when different methods are
applied.

Based on the acquired experience the
following procedure of studies of soft soil
foundations of hydraulic structures using a
oomslex of field studies methods is recom­men ed below:

1. Analysis of the data available of
the construction area to effect its preli­
minary engineering and geological zonation.

2. Choice of a complex of field methch
depending on the soil type and design par­
ticulars of the proposed structures.

3. Large-scale soil studies by express­
methods parallel with a limited number oftest boreholes drilled.

h. Choice of a limited amount of "key"
places typical for the area considered ba­
sed on the above data and detailed studies
of the soils using a complex of selected
field methods.

5. Intercorrection of the data obtain­
ed in “key” places by different methods and
defining the calibration relations for
methods entering Groups II and III.

6. Application of the results of the
detailed studies of soils in "key" places
over the whole area under study by the
express-methods.

The optimum combination of the amount
of "key" places and places of soil studies
and testing by express-methods is dictated
by designing stage, complexity of engineer­
ing and geological conditions, the ares of
the territory under study and by the design
features of the proposed structures.The schematic classification of the
field methods and complexes of methods seein the Table given be ow.

Soil pgoperties to be f Field Methods Groups Complexes of field methods°fiD°d I . . . .
I I Q II I III I Sand soil 2 Clay soil2    A  F  A § B

Physical Pfam D363 na l’K(l'IKK) I ca orIIXI rx
leohanioal oompressibllity bln' rlllx D3C3 D3(C3) C3 of I1KK(D3) l||m,|'IM
-shear et;-eng,-tn eq' sc’ n3c3 n3(c3) nc-in loose C3 dr nn c,nosoils C4-instabilized

soils
-dynamical stability KB! Bum D3 D3 xs,sum - ­
ripe capacity c..c uc* C3(D3) c3(n3) uc D..c(c-.c) c3 or mac no c..cDNC (D3) (ntc)
Notes: 1) A - express-methods of large-scale testing of soils; B - a comples cf methods

for "key" places;
2 A possible alternative methods is indicated in brackets;
3 Physical properties of soils by direct methods are defined in laboratories.

NOTATION: Un-stamp; Cu - pillar shearing test; caving and building of prisms; KB - "camouf­
let" blast' CuC and DuC - static and dynamic ile tests; PK - radiation logging'
UKI - penetration and logging complex tests; EC3+PK); HM - tests by pressure meter;
BC - vane tests; Bunn - vibrating stamp- D3 and C3 - dynamic and static sounding;
HC - pile model; x - methods which require preliminary drivinf of underground
workings.



CALEUL DE LA ROTATION DES CONTREFORTS DB BARRAGES
BN BETON SUR SOL NDN ROCHBUX.
J.P. Giroud et J. Garnier (France)

Parni les ouvrages hydrotechniques en béton sur fonda­
tions non rocheuses, on rencontre de nombreux barragas
3 contreforts. Ceux-ci subisaent une rotation du fait
de la charge inclinée et excentrée qu'ila exercent
sur le sol. Dans le domaine des petites déformations,
la théorie de l'élaaticité permet, en supposant une
distribution linéaire des réactions sous la fonde­
tion, de calculer la rotation mnyenne. Nous montrone
alors que; si l'excentricité et l‘inclinaiaon de la
charge respectent une certaine relation, la base ne
subit aucune rotation. Cette relation fait intervenir
le rapport des c8tés du rectangle et le coefficient
de Poisson du sol. Un abaque (Fig.I) permet de
l‘obtenir immédiatement. Ajnsi, connaissant deux des
trois paramétres (excentricité, inclinaison et
rapport des c6tés), on en déduit le troisiéme pour
qu'i1 n‘y ait pas de rotation de la base. Ce résul­
tat a un intérét pratique, car de petites rotations
du nnntrefnrt entrainsnt ds grande diplacamsnta an
crSte du barrage.

Mais, du fait de la rigidité du contrefort, la distri­
bution linéaire des réactious n'euL qu‘une hypothése
approchée. Dans le cas d'une charge excenttée normale.
la rotation calculée en tenant compte de la grande
rigidité du contrefort est plus faible de I5 Z que
dans le cas d'une répartition linéaire des réactions.

L‘excentricité de la charge a une limite, le noyau
rvnrrnl : In pninr d‘application de la charge doit s'y
trouver pour éviter 1'apparition de contraintes de
contact négatives (tractions). Avec l'hypothése de la
distribution linéaire des contraintes de contact, le
noyau central a la forme d‘un loaange occupant le tiers
central de la base. Si l‘on veut tenir compte de la
rigidité de l'ouvrage, la détermination du noyau

-ala.

Fig. 2 Noyau central d'une fondation carrée rigide.
central ne peut se faire que par une méthode nwmérique
Lc calcul quc nous avons fait, pour plusieurs valeurs
du rapport des c5tés de la base rectangulaire, montre
que le noyau central d'une fondation rigide a une
forme curviligne et qu'i1 est plus grand que le tiers
central. L‘exemple de la tondation carrée est donné
sur la figure 2.

En conclusion, on retiendra deux résultats concernant
la rotation des contreforts :

- le respect d'une certaine relation entre
l'inclinaison et l'excentricité de la charge (compte
tnnu du rapport des c5tEs de Ia base du contrefort
et des propriétés du aol) permet d'annuler la rotation
du contrefort.

- le noyau central tel qu'il est habituelle
ment déterminé (tiers central) est nettement plus
petit que celui que l'on obtient en tenant compte de
la rigidité dn cnnrrefnrr, ce qui eat dans le aena ds
la sécurlté.
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It is customary to assume that, sand
strength is mainly determined by its coar­
seness and porosity. Therefore, cohesion
of sand when it gains in strength, its
mineralogical composition, grain morpholo­
gy and texture were not usually studied
and evidently underestimated in civil
engineering practice. These factors take
account of a complex of conditions of
sand deposits formation and that is whey
sand of one and the same coarseness and
porosity but different in genesis or oc­
curring in different climatic zones are
characterized by different strength and
deformability.

This is approved by numberous studies
carried out by soviet specialists during
the last years ln a number of regions of
the Soviet Union.

In 1955 in the Soviet Union when tak­
ing dynamic sounding of alluvial quartzsand before and after disturbance of its
structure it was first found that sand
possess cohesion when gaining in
strength.

During the ensuring years the soviet
engineers studied the process of formationof water-resistant cohesion in artificial­
ly aggradated sand gaining in strength and
estimated its positive impact on increase
of dynamic stability, modulus cfrgeforma­e re­tion and shearing strength
sults of these investigations were publi­
shed in Transactions of Power Conference
on soil lechanics and Foundation Enginee­
rin s (V.A.Dourante 8: others, London,
I95g; N.Y.Denissov, B.F.Peltcv, Paris
I962; N.Y.Denissov, I.V.Doudler, V.A.fou­
rante, l.I.Khazanov - liesbaden, 1963'
l.r.nen1ssov, 1.v.noua1er Oslo, 19675.

These and more recent investigations
showed that along with the possibility of
mobilisation of sand cohesion in the
foundation and body cf earth filled struc­tures under static loads it should be
borue in mind that dynamic effects lead
to decrease of strength in sands with de­
velop ed cohesion even in those cases
when ghere is no sand liquescenoy and
compression occurs to an extent.Publication gives appropriate re­
commendations on study and prediction of
dynamic stability of sand and establish­
ing increment in magnitude of possible
earthquake intensity in seismic yoning.

Effect of grain morphology on the
sand strength was noted in publications
more than once. However up to now atten­
tion was paid only tc the grain shape.
lith the advent of electronic scanning
microscope, it became evident that study
of nature of grain surface holds a great
promise The investigations carried
out showed, that 0.25 mm is a determining
size in morphological studies carried out
for civil engineering purposes.

\|°1'Pl1°10K3V of grains conside
on the te:::ture peculiaritiesrgglgenggeotBwhich are also he functions of thg1r
strength .sand deformability It is just
differane=<9 in microstratification, cr1¢n­
t°*i°¥1 Bl-<1 495116 Of oompeotness cf grainsthat is r-i sponsible for a pronounced dif_
ference 1.11 oommressibility of equally­
-strong sand foundations made using diffg­rent methods of sand filling. This fggt
was stated by Research Institute of Foun­
dation 1­One mportant trend of stud
strength :nature is the study of ghggigggg
-colloidal processes on the surfgog gf
sand particles. Well known publication,
or the ecrviet (I.V.Grebensh:lkcv, N.I,Dg­
nissov, B-F.Heltov) and foreign scign­tists prove promising value of these
investigations. At present it can he said
wish gonfigenoe that the value gf sandco es on 17 en it ains in s
colloid of silicagcan make ggegggh-dgejto
38 P°;‘h:¢g~°:i andtegexi more.9° B U Y n the fc
sands of £ydraul:lc strugtures anugdgggg.
-filled élsums it is necessary to assess
their gezaetio peculiarities, to take intg
account'tlae possibility of mobiliyationof structure bonds under static logdg
and to foresee changes in sand strengthafter dynamic actions.



IDIS DE L'lNI‘ER°tCTl0N DE FORCE ET DE!
DEZF`ORMA'I10N ENTRE LES PLAQKES RIGIDES
ET DE SOL DB F`Ol\DA'I!0N.
P.D. Evdokimov, T.F. Llpovetskaya, P.N. Kachka rov
(U.R.s.s.)

La slmllitude mécanlque de l'é-tat de contralntes
dans les fondations sablonneuses ( 0-O) des plaques
rigldes est assurée sous les conditions sulvantes:; i"i¢| (1)‘iz 'Jr
J., J , ,gr et J, étant respectiven-nent les coeflici­

ents clféchelle pour les contnalntes, les dimensions
linéahes, le polds volumlque et l'ang,le du frottement
interne du sol de fondatlon [1]. Pour les conditions
de la déformation bldimensionnelle les critéres de
similltude de l'état de contraintes d'une (ondatlon
sablonneuse des plaques rlgides sont exprlmes par
les nombres de slmllltude Ng et N., [213

NSF Sn.” rv ;'
N..f¥‘Z.“fT.:= N.._=%F‘Pff= <2>
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Les résultats des recherches expérlmentales sur
l‘inte|-action de [urce entre les plaques rigides de
deux dimensions et ln frmdation cn sable ci grains
moyens dans les conditions de la déforrnatlon blcll­
mensionnelle sont donnés plls loln. Les néthodes
expérlmentales sont décrites dans les ouvrages [2,3].
La llg. 1 donne la courbe exprlmant ln nelatlon entre
les déplacements relatifs horlzontoux des plazues -§-­( Ll - déplacement horizontal de la plaque, - sa
largeur) et le nombre de simllltude tit pour les
dillférentes valeurs de Ne .

U Nt Y No=2.0M eb-|» 'Ls
N.-4.0

UA

- 50.5
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0.0041 |1000 0042 0.040 0.010 0.024 0.029

Fi&1La lig.2 représente la c rbe des relations entre
Nth et Ne construite salon les résultats eitpérlmen­

laux en pleine confomilté avec les critéres de simili­
fxain [21
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La courbe exp -rlmant les relations entre les dé lace­
ments relatifs horlzontaux llmites des plaques
( Liam étant le déplacement horizontal de la plaque
en état d'équ.Uibre limite) et N,est donnée sur la
lig.J.

0.04H
Les résultats des essais relalits A la déterminatlon
des contralntes normales de contact ellectués sur
les plaques de quatre dimensions ( 'B-0.70 m; 1.42 m;

démontrent que les valeurs relatives1.75 rn; 3.5 m)
des ordonnées correspondantes des diagnarnmes Cin
des contraintes nornmles de contact  ( Gmétant
la valeur moyenne des contrslntes dnnsmla semelle
d'uno plaque) ne dependent que de la valeur N, [3].
Les résultats experlmfontaux justilienl les critéres de
slmilitude (1) et (2). On les employait avec succes
dans les recherches sur la capacité portante, les
déplacementset l'état de contraintes des fondations
sablonneuses des ouvrages, et, an particulier, pour
la resolution du probléme de contact. Corrme lfgn
volt de la lig.2, la courbe dé ld capicité portante
des londations sablonneuses a un troncon linéaire
qui caractérise la resistance au cisalllement spéci
Lique (la capaclté portanle) Tam identique pour les
dillérentes largeurs de la semelle d'une plaque et
les memes valeurs de Gm... se trnuvant dans les.
llmltes des nomhnee critiques de slmllltude, PL", [2]
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CONCRETE GRAVITY DAM FOR FLOOD CONTROL

QONSTRUCTED ON SOFT SOIL BASE. M.FUKUOKA (JAPAN)

What we call Sabo dams are constructed to prevent
outflow of sand and gravel from the mountains
during flood time. They are often constructed on
soft bases composed of soft rocks, sand and gravel.
There are many examples of damage to the dams
caused by piping. Large cavities developed and
cracks were observed in the dam. The design cri­
teria based on the research and experience have
been established as shown in Fig.1. The point of
application of the resultant force is kept in the
middle third of the base, when the design is made.
Earthquake forces are neglected, but no damage has
been reported yet.

Dams constructed for storing water have been
designed much carefully. Dam sites having very
good foundation for the construction, become com­
paratively few nowadays. Therefore, it is neces­
sary to build a dam even on a soft soil ground,
where no dam was contemplated before. It is quite
natural to build a concrete dam instead of a fill
dam, as latter is very weak against overtopping.
Sabaishi Dam, now under construction, is one of the
dams which is designed reflecting the above require­
ment. Fig.2 shows the plan of the dam. The soft
soil base is composed of tertiary sandstone and
mudstone. The stratum is almost level, but in­
clined slightly towards the downstream direction.
Height of the main dam is about 37 m, and span is
about 200 m. The blockshear tests, permeability
tests, and grouting tests were performed. The
mechanical tests were made'on the samples taken
from the dam site by drilling. The avergge valuesof the test results showed that c=6O t/m and ¢ =
40° for mudstone and that c=4O t/m2, and ¢ =3O° for
sandstone. Coefficient of permeability of sand was
k=lO cm/sec. Fig.3 shows the cross section of the
main dam, the apron and the end sill. The thick
concrete slab is constructed as the apron, and the
end sill is placed at the end of the apron, in order
to prevent scoring the overtopping water. Stresses
in the dam and the base were analysed by the finite
element method. Fig.4 shows the arrangement of the
curtain grout to prevent the seepage water through
the subsoil. The finite element method is applied
to analyse the seepage flow. There are no reliable
design criteria about the seepage flow, but perhaps
the velocity of seeping water should be kept below
l0'4 cm/sec, Consolidation grout under the dam is
made in two series, namely primary and secondary.

This dam is under construction as stated above,
but the plan of grouting will be changed during
.he construction according to the result of obser­
vation.
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Fig.F SABO DAM
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SETTLEMENT ANALYSIS OR PREDICTION OF
IOYEIENTS OF THE GROUND. CONCLUSIONS TO
BE DRAWN FROM A SERIES OF MEASUREH NTS.Henrik Herzog (Hungary) `

Over the area of the river barrage under
construction at Kisk3re,Hungary,movements of
the ground have been observed ever since the
construction work started.+

The river barrage comprises the powerplant /4 units, 2 MW/, the weir /5 spans
of 24 m each/ and the shiplock /12 by 85m
clearance/, one attached to the other. The
area containing the structure is 250 by 150m
in size, with a maximum foundation depth of
2 2m. On the upstream side a concrete di­
aphragm wall has been built it reaches to a
depth of about 20m. The entire structure is
constructed over the flood plain: after cons­
truction water will be closed. The subgradeof the foundation consists of Pleistocene
sediments: alternating layers of silty fine
sand and clay, down to depths exceeding 200m
The ground water was lowered in multiple
stages.Part of the bench marks involved in the
observation of ground motions had been pla­
ced in boreholes below the reference plans,
before the excavation. Other bench marks
were placed on independent foundation blocks
on berms of the excavation pit, on the flood
protection cofferdams, and also in areas re­mote from the construction site.

+
Investor: National Investment Agency for

Agency for Hydraulic Projects,
OVIBER, Budapest

Designer: Institute for Hydraulic Planning,
VIZITERV, Budapest

The observations are being made by:Research Institute for ater
Resources Development, VITUKI,
Budapest

The results of measurem nts showed that
- during the excavation of the working pit

the bench marks placed in depths went up
to considerably higher elevations /they
rose by 5 8 cm/;

- though motions occurring after the begin­
ning of concretspouring generally bear the
character of settlement,after longer in­
tervals /a few weeks/ in concreting, ele­
vations from 0,5 to 1,5 cm may also oc­
our;

- bench mrks on the cofferdam placed at a
depth of 20m suffered settlement without
exception /5 4om/'

- bench marks placed on a berm in depth of
7 m below the original ground level showed
motions of a few m in alternate senses;

- vertical movements under the influence of
construction activity /excavation of the
pit, groundwater lowering,building of the
structure,back filling,etc./ did not occur
beyond 500 m from the structure;

- the structure showed,after groundwater
lowering had been discontinued,an elevation
from 1 to 2 cm, and about the same amountof subsidence after the river was led into
the new channel.
Although tha results of measurement por­

mitted to give predictions on the basis of
which the structure floors having an'opera­
tional importance could be located-within
permissible tolerances- on to the designed
e1evatlons,quantitative conclusions can not
be transferred to other structure. However,
some qualitative statements can be made,
These are:
- vertical movements of structures depend onstress changes as related to the na ural

ccnditions|
- expansion accompanying a stress decrease

is a time-dependent process.
It can be concluded that the predictions of

movements can be reliable only if the sequen­
ce and the time schedule of the activities
construction, /excavatlon,dewaterlng concre­
ting,etc/ the extension of layer effected by
stress changes as well as their compression
and expansion coefficients, are known.Not all of these conditions can be fulfil­
led at present. To fulfil them all, further
investigations are required e.g.the physics
of the expansion of soils. A more precise
knowledge of stress distribution at depths
would be also necessary,a special considers­
tion being given to the interaction of fac­
tors increasing and diminishing ntrccscs
/ e.g. the influence exerted oy sheetings and
diaphragm walls on the distribution of
stresses, the effect of pressure level fluc­
tuations of deeper lying artesian waters and
of pit dewatering, etc./.

Not before we are in possession of knowled­
ge as indicated above shall we be in a posi­tion to draw the limits within which conventi­
onal methods of calculating settlements can
meet the requirements of practice,that is
beyond which an analysis of the entire pro­
cess will be required.

216



S0 H 'ROBLB;§ ONCBRNING T:H BVALUAT.0‘ OF
:MIC -Y. Fo | Q" |; or "'|: il: :" |:| : :|" 1:lv EVTIeonyEhev (USED

In a number of cases the design and
construction of hydrotechnical structuresinvolve certain difficulties associated
with the utilization of chalk deposits, as
foundation, the strength and deformation
properties of which are far from having
been studied sufficiently.

The studies of typical kinds of purechalk of the Russian p atform (with a con­tent of insoluble sediment of less than 5
per cent) made for some full-scale structu­
res have shown its natural incomplete con­
solidation; and this can be proved by the
relation of porosity ratio 9 of the chalk
of natural formation to porosity ratio of
remoulded chalk with a moisture content at
yield point Qs, which is 0.9 - I.I.

This specific feature of physicalstate of chalk substantially affects its
geotechnical properties.

For example the tests with application
of laslov - Lourie single-dimension shear­
ing apparatuses have disclosed that the
shearing resistance of monolithic chalk
depends on "density-moisture content" (the
method suggested b B.N.laslov in I9hI).
The typical graph (as applied to a chalkvariety with fd =I.3Bg'I‘/cm ) is shown inF1g.I and it is represented by'a system of
flattening curves with the biggest steep­
ness in the area 5'< 0.5 R (where R ­
ultimate resistance of chalk to single­
-axial crushing).

Q?I5 N | | _ll
={30 ¢'m; -v"‘°Q5 "' 1 ' 'A I" ~

' 'd.cf6"k 'wir

ur giilr ¢~“‘ -"" pi,­"E‘  H
/ *U-“L/T _0 2_5 5 25 /a /as I5 125 zap

rig. I. Combined graph of shearing resis­
tance of pure white chalk cf undis­
turbed structure (according to
shears of monolithic samples and

those with ready made surface of shear)Notation: continuous line - branches of
curve for monolithic chalk; dottedline - branches of curve for shear of
chalk along plane of weakness.

The respective analysis confirms regu­
larity of such configuration of the graph

branches in the given area 5' eoified by
a possible development of thesgensile
stresses in the shear zone and mobilisa­
tion cf the chalk structural strength as
67 increases in the zones weakened by mio­ro feasures.

At the same time determination of-the
angle of internal fr:lction¢, and cohesion
C by the flat branch of the graph extgnd­ed to intersection with the oralnste is
justified.

Tests have resulted in establishment
of relationship between the angle of in­
ternal friction and "density-moisture con­
tent" (Fig. 2) as well as cohesion which,for chalk varieties with an undisturbed
structure and jdd > 1.30 gr/cm3 can be de­
termined from the empirical e uatioc,,= cc +z,,= 6309- 1. 0) + o.12w.,- wY2

Cc - cement type cohesion kgécmZ, - water film bond kg/cm
wo - full moisture retention capacityn .

¢W W - moisture content of chalk.
_ :W-3?
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Fig.2. Relation of angle of internal fric­

tion Qw of chalk to moisture con­
tent (W ) and density (]° ) of com­

O 8 0 I - =I. 6 Om ' 2 - =I,j8N 1: ti Position 33 / 3 d7'
g/cm ; 3 -76 =I.l+Ig/omg; lg -5 =1,l|3
g/cm ; 5 -Z; =I.56g/cm .

The tests have revealed rather a com­
plicated nature of chalk behavior along the
plane of weakness when within the limits of
some initial range of normal stresses the
shear along the smooth plane is similar to
that cf two sc%:ld bodies atq) = 35 andC = 0.I kg/om . Yet with the increase in
a certain load being e ual, for exampleto 2 kg/cm? and 7.5 kg7cm for water satu­
rated chalk with rd = 1,33 and 1,38 gr/Qma
at W= 1425 and 35% respectively the shear­



ing resistance along the plane of weakness
is single-valued to that of monolithic
chalk. Graphically it is manifested by
merging of the moisture one valued branches
of the curves showing_the shearing resis­
tance of chalk along the plane of weaknessand that of monolithic chalk. This can be
illustrated by a typical graph I derived
for a chalk variety with 7" ==I.3B/cm3.One should recognize i§portance of the
established nature of chalk behavior along
the plane of weakness in particular for
analysis of the structure stability against
one dimensional shear.

Of great interest are the studies to
determine the coefficient of lateral expen­
gularity of manifestation of lateral pres
sure according to hich the coefficient of
lateral expansion of water saturated
chalk at 6'<R which is 0.1 fo monolithio chalk regones the value or
for micrcfissured chalk. Thus, in some ca­
ses (at Q = 0.1) the settlement of a struc­
ture can be determined by the conditions of
one-dimensional problem. Three phases of
Elfestation of lateral pressures of chalkvc been estab ishe .

The second phase (with loads withinihe
range of Ho<b -L 2B ) which is charac­
terized bpgthsgfoefgicient of lateral pres­1

sion (Po:Lsson's ratio) of chalk and the re­

$ = 003 _

ma­

sure of = = 0.05 - 0.1 is of an ut­
most interest from the point of view of
designing a foundation.

The analysis of the effect of ouch a
low coefficient of lateral pressure uponthe behavior of the foundat on and the
sequenoe.cf the expansion of areas of dis­
turbance (A.V.Lecnytchev,1971) has proved
the necessity of taking it into account
while designing the hydrotechnical struc­tures.

Besides the studies have shown that
the pure chalk is very unlikely tc manifest
creep deformations which probably will be
worth being taken into account in some
particular cases; and this can be provedy the coefficient of viscosity of chalk

Q - a ~ 101" - a » 1015 pcises.
The studies have shown that the com­

pression properties of chalk depend on theegree of preservation of structural con­
nections, initial (natural) density and
intensity of loads. When load acts upon
the kinds of chalk incompletely consolida­
ted by nature their behavior has much in
common with that of highly porous britle
materials (I.I.Tcherkassov, 1967).

It might be well to point out diffi­
culties that are met in quantitative deter­
mination of compression properties of mono­
lithic chalk when pure indicating or weigh­
ing methods are used, which lead to under­rated values of the modulus of deformation
(on the order of E = 3000 - 5000 kg{cm2).At the same time the deformabi ity of
monolithic water saturated chalk with

Z§?I.38 gr/om? at loads which do notcause the crushing of its structure is

characterized by the modulus of deforma­
tion gf the order of E - 10000 - 30000kg/cm . The deformability was determined
by testing prismatic samples with compres­
sion strain being measured by tensiometers
in the middle part of the samples or by
plate loading.

The studies made proved some particu­
lar geotechnical properties of chalk de­
pending upon its composition and state,
as well as the necessity to study them in
detail to make then applicable to a sse­oific hydroteohnical s ruoture to be c­
signed.
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THE INFLUENCE OF LOADING AREA ON SUBSOIL. n­. . . zur ew cz oland/
During the oonstruot1on of a heavy dry

dock a great number of tests was performed to
determine the prospective settlements of the
dock for different stages of lcad1ngs.Thesubstrata below the foundation level could
be divided into three main layers,v1z|a)the
layer of sandy soils of a mean thickness of
about 2.5 m below the foundation base,oove­
r1ng the s1lty and olayey sands,natural and
depcs1ted,the last originating from the ex­
change of peats and muds;b{the layer of clayey so1ls covering varved o ays of a thickness
reaching to about 20m,and o)the layer of gra­
vel soils, about 24m th1ck.As the most impen­
tant layer to determine the settlements of
the structure,the layer of stiff silty ver­
ved clays was taken 1nto considergtion, ha­vingzunit wo1ght'f=1.90-1.98 G/cm ,water con­
tent w-25,2-2B,4%,plast1o limit wp=24.1-24.7%
liquid limit wL=61.7-60.8%.l1qu1d1ty index
IL=0.14-0.2% and deformation modulus from
oedomgter tests for Stress range up to 1.22kg/cm ED=36-49kg/cm .

As it was appreciated that the laboratory
tests by means of the oedometers have sup­
plied too small values of Ep,1t was decided
to carry out loading tests covering all ba­
sic layers.The loading tests of sandy layers
pegformod by means of square plates of 5000om area and placed about 50cm below the foun­
dation level,havg given for the stress range
up to 1.25 kg/cm tae mean modulus of defor­mation ED=181 kg/om .The loading tests of theclay layer were performed with a plate of an
area equal to 9.5x19.0=180.5m2.The modulus
of deformat1on,calculated from the measured
settlements was obtg1ned for the stress ran­ge up to 1.22 kg/om equal to ED=»110 kg/cmz.It has to be noted tim the modulus or aeron­
mat1on obtained from the above tests fog thegravel layer was equal to ED=2900 kg/om .The results of the tests have shown that
the assumption of the moduli of deformation,
obtained from oedometer tests,1n the calcu­
lations of the dry dock structure treated as
a plate of dimensions in plane equal to 49.7
I 256.7m,would yield too high values of the
expected settlements. It would also 1nvolvo
the necessity of performance of very compli­
cated protectlon structures,part1culary onthe transition of the crane tracks from the
assembly yards to the dry dock superstructure

Taking 1nto.oons1derat1on the moduli of
deformation obtained from the loading tests,
the calculation of settlements of the struc­
ture were performed by means of the stress
method.It was found that the mean settlement
of the sandy layers was equal to s5=1.83 om,
of the clayey layers s°=11.35cm and of the
gravel layers s =1.01cm. The total settle­
ments of the dr§ dock s = 14.19 em.

From the beginning of the building period
measurements of settlements were performed.As a result it was ascertained that the ave­
rage settlement of the dry dock during the
building period was equal to s=3.54cm,1.e.1t
very obviated from the calculated value with
an assumption of the moduli of deformation
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obtained from the loading tests.The perfor­
med comparisons of the measured settlements:
the ma.x1mum:| and average ones,and of the cal­culated settlements have shown that the real
settlements would correspond to the calcular
ted 1f the moduéus of deformation was equalto ED=340 kg/om .The above corrected modulus
was adopteci 1n further calculations and de­
sign works­

The mmaesuremsnts of the dry dock settle­
ments 1n tlae initial period of dock opera­t1on show 'the existence of elastic deforma­
t1ons of tl16 subso1l,the magnitude of which
was dependn d on the actual state of dry dock
loading. Tl1erefore it was decided to perform
further mezasurements of vertical displace­
ments of 1116 dry'dock to obta1n not only ma­gnitude of elastic settlements but also cha
ges in perlnanent settlements due to soil 1n­
teraction ¢>n the time-variable load1ngs.The
results of those measurements,performed du­
ring the next 6 years of dock operation
(1965-1972),have shown, that the difference
between the empty and flooded dry dock was
0.6 cm on EDI average. The maximum differen­
ces betweala the dry dock bottom plate levelafter disconnecting the installation of the
water pressure reduction and the level mea­
sured after more than 6 years of further
operat1on_1|ere 0.13 and 0.33om for empty and
flooded dry dock respectively. The above re..
sults indica te no increase of the permanent
settlements of subso1l, although variable
loadings were applied. That shows also that
the interaction between the structure and
subso1l,as a result of certain 1n1t1al over­
load of uae soil (the building period cf thedry dock and the period of action of the in­
stallation. for water pressure reductlonjhascaused a soil stabilization sufficient for
safe exphritatlon of the dry dock.

From Hue performed calculations and mea­
surements the following conclusion can be
drawn:

B/ The performed displacement measura­ments ofldry dock with a base of 1276 m and
founded M1 a vcrved clay layer show that the
modulus of deformation of clay resulting 2
from therneasured settlements(EB=340 kg/cm )is not only much greater than t e modulus
obéalned from the laboratory tests(ED=43 kg/
om )but also than obtained from loading %esU
by means of plate 180.5 m2 gED=170 kg/cm ).b/The above statement al o shows a consi­
derable interaction between the magnitude ofthe structure and the reaction of the suhsoil­
decrease of settlements with the increase of
the magnitude of loading area.

o/ The performed displacement measure­
ments ot the dry dock during the nearly
10-year period of building and operation
have shown that the static loading of the
bottom plate to its maximum value and then
its stress-relieving allow an application of
loadings which change their magnitude with­
out developing additlonal soil deformations.



RESISTANCE AU c1SA1x,1.EMEN'1‘ AvEc RO’D°.TlON
DES EONDATIONS MASSNES.

A.L.M°zheviun0v, S.A.Kouz'mine, A.1=‘.P0p0v (URSS)
Dans la construction civile et hydrotechnique la

perturbation de la stabilite des fondations s'eIfectue
Souvent Sous la Iorme cl 'cisaitlement avec rotation
autour d'un certain polea. Dans ce cas ta capacilé
portante de la Iondation R-¢se trouve lnférieure 5 celle
qul a lleu lors du cisalllement de translation R; . Les
auteurs ont élabore pour la premiere [ois la méthode
du calcul de la résistance au cisalllement avec rota­
tion des [ondatlon [1]. Lors de la rotation de 1.2. ron­
dation. Sur la Surface de semelle autour du pole U
les contraintes Hnngentielles réactives limites danschaque élément Sde la surface de se ll- se came-­
térlsent Par le critere de Coulomb (D=g&$“°'c et ontla direction opposée au mouvemenl, sul nt la nor­
male vers le rayon-vecteur 'if de Uélément. La sta­
bilitef de la fondmion en état umite est dérerminée
par trois équations d'équllibre:

Jsfwn U/ws=o; jsmws=s.; j;c.¢.s=n.o~~e><1>
ou l'origlne des coordonnées coincide avec le pole.
l'axe d'ou l'on commence a compter l'a e polaire
\|/ est normal A la force de cisaillement ; Q ­

excentri ité de la lorce't'; mln- projections sur lesnies 31, des distances entre le p6le et le contre
de gra te E de la surface de semelle pondé e pro­
portionnellement aux contraintes tangentielles . La
resolution du systems (1) délinit les coordorinées
|T|.,|"l du pole, l valeur de la résultante Ry, des con­
traintes lirnite Qt et le coeflicient de sécurité cle la
roimaeuwl F-= . L'artlcle [1] donne pour les ron­
dalions a se elle rectangulaire les équntions analy­
tiques qul découlenl du systéme (1) et perrrettent
de déterminer le coelliclent de sécurlté pour les cas
dlfférents ayant un intérél pratlque. Ces equations
correspondent A Uhypothése de la répartition linéaire
des contraintes normales 6' selon la surface de la
ecmellc. Le: équations
par voie experlmentale
la fondatlon au cas du
été détermlnee sur les
de dimensions 1.0 xO.5
le sable et se trouvant

théoriques ont été ve’riEées
[2] . La capacité. pnrtnnte de
cisaillement avec rotation a
plaques rectangulalres rigides
et 1.8 x 0.9 m2 reposées Sur

dant aux nombres de slmilltude ' - 0.6 - 2.0.
Les essais ont été realises our une :ge gamma
d‘excentrlcités de la (once , its embrussalent
aussi le cisaillement de translation des plaques et
leur rotation sous l'action d'un couple des forces.
Les résultats de ces investigations ont été générall­

sous les char¥s correspon­
N~ ni

sés et confronlés avec les résultats des calculs cor­
respondents. lla ug. 1 représente les courbes theo­
rlques qui caracterisent la position de pole et
la capacité portante de la fondation -BJ" en onc­
tlon de Uexcentrlclté -E- de la force EE clsaillement
T . On V n DOl‘ié aussi les puinls |"XlN['l'|||ll3|’||»'\||¥

obtenus pour les plaques de deux dimensions et
pour tous les cas de chargernent Nc. Le graphlque
démontre une petite dispersion des points expérimen­
taux; en ce qui conceme les valeurs qui les carac­
térisent elles sont proches aux résultats des calculs
théoriques ettectués pour une large gamme de
charges et d'excentricltés.
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1-M/auqe l.U*U.5m’; 2'[1,tauq4e4.8*[l.9m".
C'est avec Uaugmentation de la charge et de
Uexcentricité de la force cle clsnlllement que In
divergence entre les résultats expérlmentaux et
théoriques devient plus accentuée, les résultats
expérlmentaux donnent une valeur'de la capacité
ortante plus petite ue les résultats thcforiques,

K NG- 2.0 et 21.0 la divergence attelnt9% et lors de la rota on de lu plaque sous l'auliuu
de la couple des forces ( _%.=c%> ) cette diminu­tion devient égale A 12-19%. Evxdemment cette diver­
gence est lmputable a la non-linéarité des courbes
des contraintes normales dans la semelle de fonda­
tion. Par exemple, l'emploi des nnzirbes. non-linef­
aines (convexes) des contraintes normales recom­
mandecc par VNIIG (Narmes ll-- l/1 12-67) pour les
Sables donne une coincidence pratique des resultats
de ca.lcul avec les données expérimentales. Donc,
bien que dans la plupart des cas les calculs de
la resistance au cisaillernent avec rotation des ion­
dations puissent etre bases sur l'hypothese de la
répartllion linealre des contraintes nomiales, tout de
meme dans le cas de la cnmhlnnisnn des charges
consldérables et de grandes excenlrlcités de la
force de cisaillement il taut tenlr compte des donnée
plus préclses relatives a l’allure de la courbe des
contraintes normales.
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AUGMEITTATION DE LA RESISTANCE AU CISAILLHVAENT
ET DIPA [NUTION DE LA COMPRESSIBILITE D'UN SOL
DE MAUVAISE QUALITE POUR EONDATION D'UNE
ECLUSE. P.SAVEY et IHGAYET' (FRANCE)

Duns lo cadre de 1'anénugeme|1t 5 buts multiples
dit "du Palier d'Ar1os", la Commguie Nationale du R.h8nc
o conutruit une écluue dans le delta du Rhone (France),
sur don alluvions récentes non consolidées, fonnéea
d'arg.l1es et de silts plus ou mains urgileux, et compon­
tent cn outre des horizons riches on mutiéres orgnniquen
(tourbe).
1 - Ie terrain

Ie substrntum réuistant, constitué de eablcs et
de graviors, so trouve 2| une pnofondeur de 24 m. I1 ost
surmonté par 16 m de silts arglleux et B m d'argi1es,
avec des intercnlations de tourbe dont 1'épnis:eur totale
est dc 1 m environ.

In nuppe phgréatique, saumitre, est située il moins
d'un metre sous le terrain naturel.

Les alluvionr. récentes (dont len courbos granule­
métriqucs moyennes sont représontées sur la figure 1)
préeentent des caractéristiques mécaniquen tres médiocres¢

`Na\ure du W WL lp 1, Cu `f» C' Cc cvterrain '/. °/» 'l. U kPa kPa m'/s
agua :uso sean no a L1 n no aw za’ no me a o,ss z,sno"'

ar§‘,1ff__ zaaua 3L 5 u s a us o zoaas az' no o.\o 5 o.zs 1a»\o"’
"'Conjf§c"tenu de ces caructéristiqnos, lun diffi­

cultés principales étnient les suivantes 2
- pour 1'exécution des terrassements, le coefficient de

sécurité au soulevement du fond de fouillc était infé­
rieur 21 1'unité, m8me en rabattant 1:1 nappc phréatique
(1) :

les 'tassements absolus et diI‘i`6rentiels que 1'on pou­
vnit prévoir étaient trop élevés pour les ouvrnges enbéton ; .
sous 1'effet du poids des remblais lntérauz, il y avnit
risque de soulévemcnl. du sas de 1'éc1use lors d'une
mise il sec de cclle-ci.

_A2t;..n.|sL§ 'mb I !°J!MLQ.!!\|1lm|.
12|__Jl3 Gain @|_ lléllmln

N'\‘\»|v \ V smmomumcan umm sm. l sn un'im -» -~- W- '.9 . ) ,_ _., , , _.Q .. _ SW  2 S _o_oii eo »f - - -»-- ­Q 53 _ _  .,,52 `i;e;;;i ‘ _e_\~E n- - - - . A A - e­E .. ce _ S
ozgn in ro up § 'g__l oil: o:_2gs an am Su In upll Ll Il ll 39 JL ll Il It Il ID llmiuln AFNOR

Courbu |1lI'\\|0|'|\‘|f|Q|lCl dn llluvlolu modornn
at dn nbll nlllhi pour los dnhs

2 - Los dimensiggs do ljgunmge et do }.n foui1],g_
L'éc1use a 265 ui de longueur et 12 m de largeur

utilo. Compte tenu de Pépaieseur des bajoyers, des esta
mdes, et des besoins de la construction, la superficio
du fond de fouille atteint 23 OOO m2.

In profondeur de ln fouille varie de 6,50 il 8 m
sous le terrain naturel. Lee remblais latéraux ont une
épaisseur de 3 E1 5 m au-desaus du terrain naturel,

|»5_5D|».1'Janlm{r du cnyggganl pour la §yn|ol_>d|lIor!___ __ ________ __ _ _ _ _ _/ V |»U \_\., ,/ _ mu _» mm). ____ IN(-1l~'* "' :sn rs/s* Mlvvlunx nvnnnuu neun; |»h\‘“"° , .._£'2$2L,__._. -__ /~ mv°L-/""" ,,____ up 0.25 _ f-"5\¥’|"` "' "' "' "` " "' ._ll__:;;__,`f;___.,,..________2l_Z_ml.'(-9,0U\ 1-QDO)|~|no| L-|1001Alluvlons mndmun :lla-urdsuun _ _Reima mx 1

_ ___ "|'£!L" ___ _ MGT.. I§|§»W»T¢IE|T_
_[_|iQ_ Coup: \r|n.|vor|||c do In lo\l|| do I' kluu
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qui ntteint localement 8 m nu droit des
du pont Pmnehissnnt l'éc1use.

rnmpes d'ecc¢-Es

Ie volume total des déblais est de 220 O00 m3 ;
les bétons représentent 30 000 m3.
3 - Q mémode de consoligtion

les études ont montré que la solution la plus
sire et la plus économique consistait 5
lsblemsnt lu résistance su cisaill ent
ehnrgeant par des remblais proviaoires,
ouv-rages our le terrain einsi consolidé

Pour mettre eu point le projet
du terrain, il fallait tenir compte dee
:Lmpératifs suivants :

améliorer préa­
du terrain, en le
et 21 fender les
(2).
de consolidation
données et des

- exécution rapids, de l‘ordre de 9 mois, déterminée par
le programme général de 1'aménagement, dont fait partie
1 °écluse ;

- utilisation, come rembleis de chsrgement, des mnté­
rmux nécessaires 21 la constitution des ouvrages défi-7
nitifs ;
vitesse de chargement ne dépaseant pas 1 m par semaine
(risques de poineonnement du terrain)

anisotropic de la couehe arfrileuse feible (%( 5) ;
coefficients de sécurité sur les mractéristiques moyen­
nes du terrain spree consolidation :
. pour les ouvrages en terre, 1,5 en cours de chnntier

et 2 en situation définitive ;
. pour les ouvrages en béton, respectivement 2 ot 5,5 ;
tnssemont résiduel ne dépassant pee xme dizaine de
centimetres pour les ouvrages en 'béton ;

- recherche d'un degré de consolidation égnl Z1 B0 95, pour
se limiter h la fraction la plus repide de la consoli­
dation.

Afin de limiter B 5 moia environ le. durée deID 5 | I 1- I I 5 _s I V L_ , _` ` ;` " ‘tgps »
in 5 g , CIIDIIID /_ /I `,_ Duniya" _:1 E# ,,,, _
in 3 é 1 J; , , “T ‘ I _no = an ,.._. ­
5-it .eLL1a=.,1....a.~

Lt;  \:|:n::. e:n;‘1n°“V5|1I:lr: r um".u ' ' " V  __u__ ____  t- _
m. __n_ _ _ __ __ _ _ _ ___ _ __.!. ' _lm, ‘l|_ . __ _; .... _"_ 5.1 _ f _ ‘lo ‘L_'n §1 _ .'___ _
Q |_ __ ___ __ _ _  ._ .
1: -:_»-2 ,/ef~ee_m»rin ia. __ _ _ _ _ _D al. ____ _ _ _ _ _ _"1 f' I M f ° I°" ° 0 i i Q 1 t i aiu.;-Q1

B51 Mllylil dn ||Il2|||O|\\l 01 0 In plhenlirle
Comelddlsn 00 In IUIO do le |610 umunl do fklun.

consolidation ap:-hs ehurgement do cheque zone, il a fal­
lu exécuter 4 600 drains verticnux, en sable, esprmcés
de 4 m.

Cos drains, de 0,30 m de diambtre et 23 m de
profcndeur, ont été réalisés par lnncage. lhns les
zones soumisea ia des cisaillements, ils ont été équipés
de mieches en fibre de verre. Le hzseou grsnulométrique
du sable utilise est indiqué sur la figure 1.

Les rembhis de ehznrgement, de hauteur compri­
ses entre 4 m et 10 m suivnnt les zones, avaient une
superficie totale de '75 O00 m2.
4 - Les résultuts obtenun

L'évo1ution de la consolidation a été suivie
au moyen do repizres de tnssement et de piézometres.

La durée de consolidation constntée a' été con­
forme aux prévisions.

Les tacsements théoriques ont égnlemcnt été
atteintu pour les zones les mains chargées (4 In de :em­
blnis et 0,50 m environ de tnssement). Par contre, pour
les zones les plus clmrgwées (10 m de remblais), les
tassemants (1,6O m) ont nettement dépassé los prévisions||'l)v `,

lee figures 3 et /I donnent l'évo1ution dec
tnssements et de ln piézométrie, eu cours de le consoli­
dation, pour deux zones dc ohargement.

_ L‘importance dos ‘tassements nbsolus et diffé-_
rentiels a eonfirmé qu'1l n‘auz-nit pas été possible de
fender les cuvrages sans traitemnt prénleble du terrain.

Apron 1'en1évement des nenblnis de chnrgenent
on a mbattu le nappe A l‘ui.de de pointes filtrantes
plneées dans des drains de sable situés h la périphérie
do la fouille. les termesements ont été exéeutéa sans
difficulté juuqu'aux nivaoux les plus bas et le béton­
nage a été réalieé sans incident.

A l'en1i=vement des remblaic, on a obscrwé une
légere détente du terrain, de l'ordre do 5 im 10 $1 du
tassementde consolidation ; elle a été partiellomont
éliminée par la mise en oeuvre du béton.

ln mise en service de 1'écluse_a eu lieu en
Mars 1973. Les tassanents résiduels ont atteint 10 h
15 cm, sans oceasicnner de désordres aux ouvrages. On
peut ninsi considérer que ls 'consolidation a été plei­
nement efficece.

(1) In profondeur FI de la fouille ne pouvait pas excéder
5,50 m pour avoir un coefficient de sécurité supé­
rieur ou égal A 1. En effet, soit :
- If _ paid: :pécifiqw du terrain = 18 1<N_/m3

(1.8 t/-115)
- (hx = cohésion apparente = 20 kPa (2t/m2)
- Ns = 5 env:Lron
- F = coefficient de sécurité = 1

0I‘lB1B1B1B.tiOlJ.2xH-TQ* =0
d'0tl I H = 5|50 |11­

(2) Notammant, une solution consistent 2: reporter les
charges sur le suhstratum graveleux par 1’intermé­
diaire de caissons haves et de pieux, e. été étudiée
en détail.



GEOTECHNICAL PROPERTIES OF TWO COILAESIBLE
VOICANIC SOILS OF LOW BULK DENSITY AT THE
SITE OF TIO DAIB IN CANARY ISLAND (SPAIN)
S.Ur1el and A.A.Serrano

Among the several types of collapsible so­
ils,this report deals with those which has a
sudden change stress of the apparent modulusof deformation when the effective stresses
reach a certain leve1,dus to the failure of
the bonds between the particles of the soil.
This is the case of cemented clays or silts,
rocks of a great porosity,volcanio ashes,
etc., which collapses when summited to inc­
reasing stress field.

In the féiure l aretical p-q agram theduce the collapse of .
The collapse can be originated by the failu­
re of the bonds in three different ways: by
tensile,shear and compression stress. Failu­
re by shearing stress can take place if the
bonds are short and wide. On the contrary if
the bonds are long and slender only collapse
by tension or compression is possible. The
formulas indicated in fig.l refer to homoge­
neous and isotropic soil. If the cementation
presents preferential orientations,the ro­

lative position of the lines p-q would be
different it being possible that one of the
three types of failure can predominate.

indicated in a theore­
conditions which pro­
one soil of this type
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FIG.1

In the fig.2 and 5 are presented the result
obtained in triaxial tests for two volcanic
cemented agglomerates of the Canary Island,which will be the foundation soil of two dams
Los Campitcs and Arinez dams. It can be easi.
ly seen the tensile and oompresive type of
fai1ure,although the tests are few for clear­ly observed, if it exists,the shear stress
faééure.e volcanic soils of the Los C it
dam,having a bulk density betweenag?7 osand 1.0, seem to follow a law similar to
*=h° 011° :lust indicated, although there

are not enough data to establish correlation
between the different types of failure.
For the volcanic conglomerate of the Arinez
dam, zgich has a higher density (1.2 to 1.4Tons/ , collapse takes place when the ma­
gor principal stresi reaches a value rangingrom 27 to 55 kg/cm , due probably to an sn
sotropic distribution of the bonds.
For the Los Campitcs dam the solution final­
ly adopted was the removal of the material;
For the Arinez dam the major principal 2stress was required not to exceed 5 kg/cm .
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