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MAIN SESSION 1

SEANCE PLENIERE 1

STRESS DEFORMATION AND STRENGTH CHARACTERISTICS, INCLUDING TIME EFFECTS
CARECTERISTIQUES CONTRAINTES DEFORMATIONS ET RESISTANCE, COMPTE TENU DE L'INCLUENCE DU TEMPS

Chairman/Président: J. G. ZEITLEN (Israel); General Reporter/Rapporteur Général: R. F. SCOTT (U. S. A)

Chairman J. G. ZEITLEN (Israel

We will now, as they say, get the show on the
road.... I wish to thank the Organizing
Committee for the very nice gesture of hav-
ing given me the honor to chair at the Open-
ing Session of the business side of this Con
ference. I appreciate it very much because
it is not only the First Session, but one
that deals with the most important subject.
Stress Deformation and Strength Characteris-
tics Including Time Effects. We have had an
excellent General Report prepared by profes-
sor Ronald F. Scott. Dr. Scott on my left,
is professor of Civil Engineering at the
California Institute of Technology in Pas-
sadena. He has been interested in the basic
aspects of soil mechanics for many years; of
course, we all know of his textbook on the
subject. Particularly, he has been interes-
ted in soil mechanics not only on earth but
on the ocean floor and on the moon, he has
been working with one of our panelists, Prof.
James K. Mitchell, as part of a team, with
the Apollo XI program on the lunar-soil in-
vestigation. Prof. Scott had his bachelor's
degree from Glasgow University in Scotland,
his master's and dorctor's from M.I.T., des-
pite that he can still think in practical
terms. We are very fortunate to have him
presents us today with his General Report.
Please, professor Scott.

General Reporter R.F.SCOTT (U.S. A}

Prof. Scott's State-of-the-Art Report appears
on pp. 1 of the State-of-the-Art Volume.

Chairman J. G. ZEITLEN

Thank you very much Dr.
appreciate your report;
short break.

Scott., We greatly
we will now have a

RECESS

Chairman J.G. ZEITLEN
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Associate Reporter/Rapporteur Adjoint: HON-YIM KO (U. S. A)

Members of the Panel/Membres du Groupe de Discussion:
J. BIAREZ (France)

R. E. GIBSON (Great Britain)

C. KENNEY (Canada)

J. K. MITCHELL (U. S. A)

T. MOGAMI (Japon)

We will now hear the prepared discussion of
the panel. Allow me a few minutes to intro-
duce the gentlemen that you see before you;

I shall introduce them in no particular order,
I have on my right Dr. James K. Mitchell who
is professor of civil engineering at the Uni-
versity of California at Berkeley. He is, as
mentioned before, a member of the soil mechan
ics investigation team which is currently ana
lyzing the Apollo XI results. Immediately on
my left beyond Dr. Scott is Dr. Takeo Mogami
who is professor of Civil Engineering at the
University of Tokyo. Incidentally, he will
be the new Vicepresident for the Asian Region
of the International Society as soon as we
conclude this meeting in México City. We
have, agein on my right, Dr. Jean Biarez, pro
fessor of the Faculté des Sciences, University
of Grenoble, and at the Ecole Centrale de
Paris. He is as well known, I think, in the
field of applied mechanics as he is in soil
mechanics. On my left again, Dr. Robert
Gibson, professor of Engineering at King's
College, University of London, and on the far
right Dr. T. Cameron Kenney, professor of
Civil Engineering at the University of Toron
to in Canada. At the far left is Dr. Hon-Yim
Ko who is assistant professor of Civil Engi-
neering at the University of Colorado in
Boulder, Colorado. He has been associated with
Dr. Scott in the preparation of the excellent
State-of-the-Art paper, which we have just
heard in very brief form. And of course you
all dnow Mr. Pedro de Alba who is the contri-
bution of the Mexican Organizing Committee to
help us run our session. May I now ask Dr.
Mitchell if he would be kind enough to give
us his discussion?

Panelist  J. K. MITCHELL (U.S.A)

SYNOPSIS

This contribution to the Panel Discussion for
Session 1 deals with the following topics:

1. Applications of rate process theory.
Phenomenological relationships are pre-
sented which describe the estress-strain-
time behavior and time to failure under
sustained loading.



SEANCE PLENIERE 1

2. Three examples of the application of em-
pirical constitutive relations to the
prediction of stress-deformation behavior.
These include stresses and deformations
in a stabilized soil layer, settlement of
footings on eand, and the heave and slope
8tability of a large excavation. The re-
sults show good agreement between predic-
ted and observed behavior.

3. The validity of Darcy's law in saturated
claye. The resulte of recent studies
support the validity of Darcy's law in
intact saturated clays. Some earlier
work purported to show non-linearity
between flow rate and hydraulic gradient.
Data are accumulating, however, to show
that under some conditione consolidation
and swelling may be influenced by water
flowe induced by chemical gradients as
well as hydraulic gradients.

INTRODUCTION

Professors Scott and Ko have done an outstanding job
In summarizing recent developments In the study of the
stress-deformation and strength characteristics of
solls, Including time effects. The State-of-the-Art
Reporter has suggested that panelists in Session 1
concentrate in particular on the application of soil
mechanics to soil engineering, and has proposed
several areas for discussion.

Professor Scott has pointed out that the individual
papers will provide the intricate technical details,
and the task of the panel is to assess the overall
state-of-the-art of Session 1 with respect to prac-
tice. The writer concurs with this point of view,
and the following discussion has been prepared in
that light. This approach is not indended to imply,
however, that "intricate technical details'" or
"minor" details may be bypassed in the solution of
problems in soil engineering. On the contrary,
experience has indicated clearly that proper atten-
tion to such detaills has often held the key to the
successful solution of many difficult problems.

The following topics from those suggested by the
State-of-the-Art Reporter have been selected for dis-
cussion herein:

1. Rate process theory and its applications.

2. Continuum constitutive relations and the

application of empirical nonlinear expressions
to the solution of stress-deformation problems.

In addition brief amplification of two additional
topics covered by Scott and Ko in their report will
be given. These are:

1. Property interrelationships in sensitive clays.

2. Comsolidation and swelling: Darcy's law and
water flows caused by other than hydraulic
gradients.

1. RATE PROCESSES

Scott and Ko have summarized the development of rate
process theory for application in soil mechanics to
problems of creep and consolidation. The papers by
Mitchell et al (1968, 1969), Murayama and Shibata
(1964), Murayama (1969), Singh and Mitchell (1968),
and Wu et al (1966) in their list of references pro-
vide details of the concepts advanced. Additional
relevant papers include those by Murayama and Shibata
(1961) and Christensen and Wu (1964).

1.1 Objectives of Studies Using Rate Process Theory

it appears that most soil behavior studies using rate
process theory have had as their objective either or
both of the following:

1. Development of an improved understanding of the
factors controlling the strength and time-
dependent deformation characteristics of soils.

2. Development of quasi-theoretical relationships
for description and prediction of time-
dependent deformation phenomena.

The writer's studies, which have been extensively
quoted by Scott and Ko in their general report, were
undertaken primarily with the first objective in
mind.* As a by-product of this work certain empirical
phenomenological relationships have emerged which
appear useful for descriptive and predictive purposes,
and these are presented in subsequent sections of

this discussion.

Studies undertaken primarily to meet the second
objective have generally used rate process theory for
the development of a non-linear viscosity relation-
ship for use with a dashpot which is in turn incorp-
orated into a rheological model; e.g., Fig. 2.4.1(b)
of Scott and Ko's report.

*On page 6 of their report the authors state that the writer's procedure for determination of the activation
energy for creep of sand did not involve tests at different temperatures, and imply that because of this, the
results obtained are not directly comparable to those obtained for clay. In fact, the tests did involve measure-
ment of creep rates at different temperatures. Thus while ambient vibrations might have been responsible for a
part of the observed creep deformations, as suggested by Scott and Ko, the strain rate change used to compute

activation energy was temperature induced.

The authors state that the conclusion of Mitchell et al (1969), that the strength-generative and creep-
controlling mechanisms may be similar in both sand and clay, may be too sweeping, because of the difference in
the nature of the structures of the two materials and their response to applied loads. 1In the view of the
writer, the facts that (1) activation energies, (2) number of interparticle bonds per unit area, (3) solid
particle surface structure, and (4) the form of the stress-strain-time behavior are similar for sand and clay all
argue In favor of such a conclusion, although the degree to which specific facets of the total deformation
process manifest themselves in the two types of material may differ.

The tendency in soll mechanics has been to emphasize the difference between sands and clays. There may be merit
in considering their similarities, particularly if the behavior of cohesive/frictional materials is to be cor-

rectly understood.
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1.2 Rheological Models

A number of different rheoclogical models containing
linear springs, linear and non-linear dashpots, and
sliders have been proposed for description of time-
dependent deformation and volume change phenomena in
soils. Difficulties associated with the application
of these models to a description of real soil behavior
inc¢lude the following:

1. Once a particular arrangement of model elements
has been chosen, the resulting model equations
depend only on this arrangement and the char-
acteristics of the different model elements.

2. The number of constants associated with a model
of several elements may be large; the mathe-
matics become cumbersome; and the solution may
not be unique.

3. Because a particular model provides a reason-
able description of some aspect of soil behavior,
it does not follow that the physics represented
by the model and that actually controlling the
behavior of the soil are the same.

4, Viscoelastic madels represent only one-
dimensional behavior.

5. Non-linear material response is often neglected;
superposition is then not valid.

6. No model proposed thus far is sufficiently
general to account for the range of behavior
exhibited by different soils

Barden and Poskitt (1969) have presented arguments in
support of the use of rheological models:

1. Simple three parameter models can be used to
represent the development of pore pressure-
time as well as compression-time relations.

2. Rheological models can be extended to stress
states more general than that corresponding to
one-dimensional behavior; e.g., axisymmetric
and plane strain.

Little application of rheological models to the
solution of soil engineering problems appears to have
been made. This 1is not surprising, however, because
only since the last International Conference has
significant progress been made in the solution of non-
linear stress-deformation problems in soil mechanics.
Most prior work was concentrated on the application
of equilibrium methods and examination of conditions
at failure. With the exception of simple one-
dimensional consolidation, stress-deformation-time
problems are considerably more complex than most
stress-deformation analyses.

Whether or not with the aid of new computational
methods; e.g., finite element and finite difference,
adequate solutions may be obtained for problems in-
volving time-dependent deformations, remains to be
seen. In the view of the writer success is likely,
provided adequate representation of soil properties is
used in the analysis. Whether this representation
should be by means of a rheological model or by means
of phenomenological relationships derived using curve-
fitting methods will perhaps in the long run be
largely a matter of convenience. Since both approaches
are empirical, the choice should depend on which is
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the simplest.

1.3 General Stress-Strain Time Function

From the results of a large number of sustained stress
creep tests Singh and Mitchell (1968) suggested a
simple three parameter equation relating strain rate,
stress, and time; i.e.,

t

ab 1
e = ()
where €& = strain rate

A = strain rate at time t = t and D = 0
(extrapolated value Fig. la)

m

(1.3.1)

a = slope of the mid-range linear portion of
a plot of logarithm of strain rate versus
stress for a fixed time after load appli-
cation. (In Fig. la strain rate 1is
plotted vs. stress level. 1In this case
the slope is aD , where D is the

max max
strength.)

t, = unit time,

m = slope of a plot of logarithm of strain
rate versus logarithm of time (Fig. 1b).

te-percent/doy

StrenR¢

A s London Clay
Blahop,|1966)
0.0001 E :
v} 20 40 60 BO 100 120

Stress Laval-percant

Fig. la - Variation of Strain Rate with Deviator
Stress Level for Drained Creep of London
Clay 3
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This equation has been found to account well for the
creep behavior of a variety of soils and conditions;
e.g., undisturbed and remolded saturated clay, dry
clay, dry sand, overconsolidated clay, and drained
and undrained loading conditions. No simple rheo-
logical model has yet been reported which adequately
represents such a variety of conditions over the
range of stress intensities above that needed to
cause measurable creep strains (25-30% of the failure
stress in normal strength tests) and below that which
failure is likely within a short time (80-90% of the
normal strength).

The parameter D in equation (1.3.1) has been taken as
the deviator stress under triaxial loading; other

ou T T
oo —
§
t Develor Sireas=80-94%
! of Initial Strengih
;; / zad T0-02%
E | 4 —58-69%
- /
00O N ‘Q‘\//f-b_\-ar\
\ Q)(\\"\\(-m—ms
) \\<S§
London Clay |. N
{Data from Biahop, 1968
000D |
| 10 100 1000
Time - days

Fig. 1b - Strain Rate Versus Time Relationship During
Drained Creep of London Clay.

measures of shear stress may be just as suitable. If
gtress 1s expressed as a stress level; i.e., the ratio
of creep stress to strength at the onset of deforma-
tion, D/D?‘x, then a in equation (1.3.1) is replaced
by (quax , a dimensionless parameter which has been
found to have essentially constant value for a given
soll over a range of water contents. It appears
possible, then, to predict the strain rate-time
behavior for any stress and at any water content for a
given soil from the results of creep tests at any
other water content (a minimum of two teste are needed
in order to determine the parameters in equation
(1.3.1)), provided the strength versus water-content
relationship i1s known. Since normal strength tests
are considerably simpler and less time-consuming to
perform than creep tests, the uniqueness of (aD )
may be of considerable usefulness in predicting

creep behavior ower a wide range of conditions from
the results of a limited number of creep tests.

Integration of equation (1.3.1) yields expressions for
strain as a function of time under sustained stress.
Thege are:

AeuD A tlm eaDtl-m
£ = 91 - 1_m+ T-m (m*l) (1.3.2)
abD
and € = €, + Ae Int (m=1, t>1) (1.3.3)

These equations provide a basis for estimation of the
influences of stress and time on both rate of strain
and total strain. They can be used for prediction of
future time-dependent shear deformations from past
obhservations. Since the influence on creep of other
than triaxial loading conditions has not yet been
determined,and field problems usually involve both
shear and volumetric time-dependent deformations, the
present state-of-the-art does not allow for direct
application of laboratory determined values of A, a,
and m to field problems, however.

1.4 Time to Failure Under Sustained Loading

In a paper to this conference Singh and Mitchell
(1969) have proposed a methaod for determination of the
time required to achieve a specified strain or creep
rupture under a sustained load. It has been observed
that soils with a value of m, equation (1.3.1), less
than 1.0 fail eventually under sustained stresses less
than their short-term strength. For such soils a plot
of € (log scale) versus time (log scale) has the char-
acteristic form shown by Fig., 2(a). At some time
after loading the strain-rate ceases to decrease and
begins to increase, thus signalling the onset of
failure., A plot of €t (log scale) versus time (log
scale) exhibits the form shown by Fig. 2(b). The
break in the slope of the line represents the point of
strain rate reversal shown in Fig. 2(a).

| T
' 7 UNDISTURBED
w REDWOOD CITY CLAY
& STRESS LEVELz290%
3 o )
W |
< h\\\
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> 0.01 } ! Fm%uRE
b
o
—
W |
t
oml A 1 |
i 10 100 1000 10,000
TIME - MIN.

Fig. 2a - Characteristic Form of Strain-Rate vs. Time
Relationship for S that Fails Under
Sustained Stress.

10
—RANGE OF (£1) VALUES AT
ONSET OF FAILURE
3t
Y
“~
|
0. | |
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Fig. 2b - Characteristic Form of (c€t) vs. Time
Relationship for Clays that Fail Under
Sustained Stress.
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It has been found that the value of (ét)F corres-
ponding to the onset of failure varies within rather
narrow limits for a given soil subjected to tests at
different stress levels, (see Figa. 4 and 5 in the
Singh and Mitchell paper). Thus if the value of (€t).
is determined for a test at high stress level, times
to failure can be estimated for lower stress levels
provided either A, a, and m have been determined or
a test of sufficient duration to establish the first
part of the relationship between (€t) and (t) for the
lower stress levels has been conducted.

With the aid of equation (1.3.1) and the fact that
(ét)f is a constant for a given soil, it may be shown
that the relationship between time to failure and
stress is given by

In(t,) = ﬁ; (const. - aD) (1.3.4)

This relationshlp is of the same form as that develop-
ed by Murayama and Shibata (1961) using a rheological
model with a dashpot coefficient derived using rate
process theory.

2, CONTINUUM CONSTITUTIVE RELATIONS

In their report, Scott and Ko discuss the problems
associated with the proper mathematical description of
the relationship between stress and deformation in
soils for use in the solution of boundary value
problems. Limitations of classical linear elastilc
theory are noted, the inadequacy of failure theories
when applied to sub-failure conditions are pointed
out, and principles which a constitutive relation has
to satisfy to insure that the solution of a boundary
value problem applied to the material will be unique
are listed.

It appears that no completely suitable constitutive
relationship for soil which satisfies all of the
listed criteria has yet been advanced. It may be

some time before such a relationship is developed, and
even then mathematical complexities may limit its use-
fulness. Nonetheless problems are continually
encountered for which solutions are needed, and con-
siderable effort has been expended in the search for
empirical nonlinear stress-deformation relationships
that will give a reasonable representation of actual
behavior., While fundamental criticisms, as listed by
Scott and Ko, can be levelled at the use of such
expressiona, considerable success has been achieved in
the prediction of stresses and deformations in complex
boundary value problems. Three examples are presented
in the following paragraphs to illustrate the useful-
ness of such an approach. In each case a non-linear,
stress—-dependent modulus has been incorporated into
the analysis, as well as limiting strength criteria
for different soil materials. In each case the
solutions were obtained using the finite element
method.

2.1 Plate Load Teats on Cement-Treated Silty
Clay Overlying Clay Subgrade

Wang (1968) performed eircular plate repeated load
tests on the surface of cement-treated silty clay (CL)
slabs of 8-inch thickness overlying a clay (CH) sub-
grade. Undisturbed samples from the slab and subgrade
were tested in triaxial compression and flexure in the
laboratory for determination of the stress-deformatiom
and strength characteriastics.

From the results of these tests it was established
that the elastic modulus in compression could be
expressed as a bilinear function of deviator stress,
D, according to the following relationships:

(D<K,)

(D>K2)

M, = Kl + (l(2 - D)K3

R (2.1.1)

and HR - l(l + (D - KZ)K“ (2.1.2)

The modulus in tension was found to be a constant, in-
dependent of stress intensity. Table I 1lists the
values of coefficients for equations (2.1.1) and
(2.1.2), modulus in tension, and strength for

the subgrade soil and the cement-treated layer after

a curing period of 2 days.

These values of soil properties were then used, irn
conjunction with the axisymmetric finite element
program developed by Duncan, Monismith, and Wilson
(1968), for prediction of stresses and deflections
under repeated plate load stresses. Fig. 3 shows a
comparison between predicted and measured compressive
strains in the stabilized layer for a range of
applied stresses and three plate sizes. It may be
seen that agreement is good for two of the plate
sizes. Predicted and measured values cf compressive
stress at the boundary between the treatéd and un-
treated soil are compared in Fig. 4. Agreement in
this case 1is excellent.

® MEASURED VALUES
PREDICTED VALUES USING EQNS Anl
(R-1-2) AND FINITE ELEMENT ANALTAIS

COMPRESSIVE
S

4
»
|

K.
2
~

STAS

RES
K
>

/ . .

0 20 40 [ 80 0 2 aC 60 0 x a0
PLATE PRESSURE- PSI

Fig. 3 - Predicted and Measured Compressive Strains
in Cement-Stabilized Silty Clay Overlying
Clay Subgrade (Wang, 1968).

Thus an empirical non-linear elastic constitutive
relationship has been utilized to provide a reasonable
basis for prediction of stresses and strains for the
case of axisymmetrie loading on a layered system.

2,2 Load-Settlement Behavior of Footing on Compact
Sandy and Clayey Soils

2,2.1 Hyperbolic Stress-Stratin Relationships.
Duncan and Chang (1969) obhserved that the simple,
hyperbolic stress-strain relationship proposed by
Kondner (1963) and Kondner and Zelasko (1963)

(0. -0.) = —= (2.2.1)

1 3 atbe

where (0, - d,) is the normal principal stress
difference, € is the axial strain, and a and b are
related to the initial tangent modulus and ultimate
strength at large strain, respectively, represented
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TABLE 1

PROPERTIES OF SUBGRADE AND CEMENT-TREATED SILTY CLAY

Compression Modulus

Constants, psi Tension Compressive Tensile
X X K X Modulus  Strength Strength Poisson's
1 2 3 4 psi psi psi Ratio
Clay Subgrade 3,500 5.39 0.16 - i 40 0 0.48
Silty Clay Treated with 3% Cement 4.5 14,500 1,000 -67.0 30,000 26 17 0.20

the atress strain behavior of a wide range of soils
very well up to failure. They observed that the
actual stress at failure (0, - d,;) . is usually some-
what less than the value predicted according to
equation (2.2.1), (©, - oz)fh' and defined a hyper-

bolic failure ratio by
@, - 0,)¢

R, = —————
f (0: -oa)fh

(2.2.2)

(O) - oa)fh is then given for any soil by

2
g -0,) & ——————— (ccosd+0,, sin
(@,= 93 ¢h = R _(1-singy (CS08¢+Ty¢ sind)
= (2.2.3)
r N 1
® MEASURED VALUES
~=— PREDICTED VALUES USING EQNS (2-1-1] AND
(2-1-2) ANQ FINITE ELEMENT ANALYSIS
;‘ | ;% A PLA 2w DA PLATE B-in D'A MLATE
5
w ; ./
Q /
| s x” /
p
" -~ o
/
B { '/
N .
& A ) /
= Kl /
> ol il S . ) o
(4] 20 aC 60 80 0 & a( 80 ¢ 20 a0

PLATE PRESSURE - PSI

Fig. &4 - Predicted and Measured Vertical Compressive
Stresses in Clay Subgrade Underlying Cement-
Stabilized Silty Clay (Wang, 1968).

where ¢ and ¢ are the unit cohesion and angle of in-
ternal frietion, respectively, and 0, . 1is the minor
principal stress at failure. Then through manipula-
tion of equation (2.2.1), Duncan and Chang derived the
following expression for tangent modulus at any value
of principal stress difference

(0, -0 ]2

- SR U - 2.2.4
E, = E [1 e . ( )

where Ei is the initial tangent modulus.

A number of previous studies have shown that E, can be
represented quite well by a relationship of the form

E, = Ko )"

1 (2.2.5)

where K 1s a constant, O, is the minar principal
stress, and n ranges from about 0.4 for gravels and
rockfills to 1.0 for saturated clay and intact rock.
Kulhawy (1969) has tabulated ranges of K and n for
different soil types.

2.2.2 Comparison Between Predicted and Actual
Footing Behavior. The linear, elastic, axisymmetric
finite element program was modified to incorporate
the non-1linear representation of modulus given by
equation (2.2.4). 1In addition provision was made to
incorporate failure conditions within the analysis.

Full scale footing load tests were made on square
footings 5 ft by 5 ft and 1.5 ft by 1.5 ft in plan
founded on the soil conditions shown in Fig. 5.

o

~

200 Footing  ~i§'* ' Feoting

P e e —
—w @ ps 2 T ‘
- i . = w -10
- e ™ s
b 0 "

N
4

.V .‘7\;" —® ,’————’_/_—.7'_

; - 5
% 0 ~ s -|40
W ‘l P
o |Medium pense to Very pense Slity Medumto Fine Jsund
y Eﬂ, B-34
~e0r- Numbers on Borings Indicate lit;
Standard Penetration Resistance
S S 2 water table
” " 30 teet =g
= ] O—IO 20— I 30
[T Horlzontal Scale

Silty Sandy Topsoil and Loose fo Medium Dense
Medium to Fine Sand.

2~ Very Dense Silty and Clayey Silt.

3— Very Dense Sand with Silt and Clayey Silt

4.— Dense Silty Clayey Fine Sand

5.— Very Stiff Sandy Silty Clay.

6 — Dense Silty Fine Sand with Lenses of Silly Clay.

Fig. 5 - Soil Conditions at Footing Load Test Site

It may be seen that the footings were located above
several layers of different characteristics, that the
deposits were variable, and both cohesionless and
cohesive layers were encountered. Since no undis-
turbed strength values were available it was necessary
to estimate the strength and modulus parameters for
the different strata. Values assigned, listed in
Table II, were selected using the summary ranges
developed by Kulhawy (1969).

The finite element analyses were made assuming equiva-
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lent ecircular footings and incremental loading.
Pressure was increased in incrementa of 500 psf.
After computation of stresses and displacements for
all elementsa in any increment, new modulus values were
computed using the new atresses, and the process was
repeated using the next pressure increment.

TABLE T

SOIL PROPERTIERS USED IN FOOTING LOAD-SETTLEMENT ANALYSES

e
N ¢ ¢ K

Poisson' s Effective Unil

(Fig.5) degrees pst psf  n  Rf "Ratio _Welght-pef
I 30 0 20000 055 0.85 0.45 110.0
2 35 500 25000 055 085 0.45 72.5
3 30 1000 25000 065 0485 0. 45 72.5
4 35 500 25000 060 085 Q45 675
5 35 500 25000 060 Q85 0.45 67.5
6 35 0 20000 060 Q85 045 440

Fig. 6 shows a comparison between predicted and

measured load-settlement behavior for the two footings.

It may be seen that the agreement is quite good,
particularly for the 5 by 5 ft footing. In view of
the soil property assumptions that were needed and the
very small settlements that were observed, it is con-
sidered that the results are quite acceptable.

FOOTING PRESSURE- TONS/SQ FT
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z \5|* 5 Foorme | N
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(G 08| —— PREDICTED USING RELAT 3 |
» IN SECTION (2-2-1) PROPERTIES
IN TABLE 2, AND FINITE ELEMENT ANALYSS l I
10 ! '

Fig. 6 - Predicted and Measured Settlements of

Footings on Sandy Soils.

2.3 Foundation Heave Due to Excavation and
Excavation Stability

An excavation 200 ft deep for the Buena Vista Pumping
Plant near Bakersfield, California, required removal
of over 5 million cubie yards of earth, A photograph
of the excavation when the 160 ft depth had been
reached is shown in Fig. 7. While the usual methods
of slope stability analysis indicated that the excava-
tion would be stable when carried to the 200 ft depth,
rebound markers had been sheared off and heave of the
excavation bottom had developed causing concern over
the stability of the project.

The problem was studied by Chang and Duncan (1969),
vho analyzed the ground movements and stability using
the finite element method and the empirical constitu-
tive relationships presented in Section 2.2.1.

Fig. 7 - Buena Viata Pumping Plant Excavation (State
of California, Department of Water Resources)

A generalized soil profile across the excavation is
shown in Fig. B. Strength parameters and hyperbolic

stress-atrain parameters
different soils from the
on undisturbed samples.
property values could be

zonea I, III, and V (Fig.
clays in zones II and IV,

listed in Table III.

were determined for the
reaults of laboratory tests
It was found that one set of
used for the sandy soils in
8), and another set for the
Valiues so determined are

Slopes used In Finlte Element _
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¥ .- Highly Consolidated Siltstone and Dense Sandy Silt

Fig. B - Generalized Soil Profile at the Site of the
Excavation for the Buena‘Vista Pumping Plant

(Chang and Duncan,

1969).

Two extreme cases regarding drainage conditions were

used for analyses.

"Undrained” implied that construc-

tion proceeded so rapidly that the clays in zones Il
and IV did not drain during the conatruction period

(although the sandy soils were assumed fully drained).
Undrained stress-strain properties were used for the
clays in the analysis. 'Drained" analyses assumed
complete drainage, and drained stress-strain properties

were used for both sandy and

Rebound of the bottom of the
of excavation depth is shown
aeen that the observed total
within about B8Z of the value
analysis.

clayey soils.

excavation as a function
in Fig. 9. It may be
rebound of 2.43 ft. was
predicted using the "slow"

Similar computations for other points with-

in the excavation gave comparable results.
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TABLE 111
VALUES OF PARAMETERS USED IN HYPERBOLIC STRESB-STRAIN

PORMULATIONS FOR BUENA VISTA SOILS

Sandy Soils 1in Clayey Soils In

Zonsa I, III, and ¥V Zonea II and IV

c' (ug/aa?) 0.26 1.0

¢' (degrees) 38.7 35

l‘ 0.74 0.83 (aesumad)
Loading-Undrained:

X (pef) - 178

n - 1.0
Loading-Drainad:

X (paf) 16,500 4.0

n 0.59 1.18
Unloeding~Undrainad

X (pof) - 220

n —_ 1.0
Unloading~Drainad

K (pef) 4R,000 14.4

n 0.59 1.18
Poisson's Ratio:

Undrained - 0.49 (assumad)

Drained 0.2 0.3

Contours of percentage mobilized strength for an
excavation depth of 160 ft. were determined using the
samc procedures, with the results shown in Fig. 10.

It may be seen that two local zones of failure were
predicted on the side slopes, as well as a thin failed
zone along the bottom. The rebound markers which were
sheared off were located near the base of the excava-
tion where the finite element solution indicated local
failure would occur. Since the percentage of strength
mobilized decreased rapidly away from these zones no
overall instability was indicated and excavation was

carried to the 200 ft. design depth without difficulty.

2.4 Conclusion

These three examples indicate that reasonable correla-
tions between predicted and observed stress-deforma-
tion behavior are possible using empirical constitu-
tive relationships for the soil and computational

properties, such as the finite element method. None of
the constitutive relationships used in these studies
satisfy the criteria established for an ideal relation-
ship; nonetheless, if used with care and for loading
conditions reasonably representative of those used for
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Fig. 9 - Variations of Calculated and Observed
Rebounds with Excavation Depth
(Chang and Duncan, 1969).

determination of the necessary soil constants, they
can provide very acceptable solutions to complex

methods which allow for spatial variations in problems.
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3. PROPERTY INTERRELATIONSHIPS IN SENSITIVE CLAYS

Scott and Ko refer to a recent study by Houston and
Mitchell (1969) which indicated that the properties
of sensitive clays fit a pattern which can be pre-
dicted using concepts concerning the influence of
effective stress and void ratio on volume change
tendencies during shear. Liquidity index was used as
a normalized water content, and a generalized
relationship between sensitivity, effective stress,
and liquidity index was derived that appears applic-
able to a range of normally consolidated clays. This
relationship is shown in Fig. 11 as a sensitive con-
tour pattern.

20

Contours of
Sensitivity

7

-as i |
/ 0 oo
Effective Stress— Kg per sqcm

Fig. 11 - General Relationship between Sensitivity,
Liquidity Index, and Effective Stress.

The relationship shown in Fig. 11 may be used to:

1. Estimate sensitivity when undisturbed samples
are not available.

2. Estimate changes in sensitivity that will
accompany a change in effective stress and/or
liquidity index.

3. Extrapolate a small amount of sensitivity data
into a larger, more useful pattern.

4. CONSOLIDATION AND SWELLING

4.1 Validity of Darcy's Law

A number of investigators have suggested that under
some conditions at least, Darcy's law may not be valid
in fine-grained soils (Hansbe, 1960; Miller and Low,
1963; Swartzendruber, 1962; Florin, 1951; Mitchell and
Younger, 1967). The possible consequences of a thres-

hold gradient and non-linearity between hydraulic flow
velocity and hydraulic gradient at low gradients on
the consolidation of clays has been considered in
several papers; e.g. Hansbo (1960), Florin (1951),
Roza and Kotov (1958); Mitchell and Younger (1967).

Fig. 12 shows the relationship between hydraulic
gradient and time factor according to the Terzaghi
theory for variocus depths in a clay layer during
consolidation. This ‘figure shows that hydraulic
gradients during consolidation of clay layers in the
field rarely exceed one or two. On the other hand,
in laboratory tests the gradients may be several
hundred. If significant deviations from Darcy's law
do exist, and in particular if there is a threshold
gradient for flow, it is surprising that consolidation
in the field bears any relationship to predictions
according to theory. The fact that it does suggests
that actual discrepancies with Darcy's law may be
minor.

I1S004 3.09 30 = =
- ~
\ i
1250{28{ 25+ —1 _8p*ug L |
0000"
i
10004 204 20——F—1 ™ ]
[ ] b
7501 1S e .
5004 1O
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—— 35355::
04 |04 _ 1 : =3 I
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FOR 2 « 500
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\ FOR =% |
TaH

Fig. 12 - Hydraulic Gradients during Consolidation
According to Terzaghi Theory.

Olsen (1965) has reviewed the evidence in support of
deviations from Darcy's law in saturated inorganic
clays and has shown that much of it could be challenged
on experimental grounds. He subsequently (Olsen, 1966)
presented data to show that flow rate was linearly re-
lated to gradient in the low gradient range for kaoli-
nite. Similar results for other clays were reported
by Gray (1966), and Miller et al (1969) have shown the
absence of threshold gradients in a clay-water system
which had been thought (Miller and Low, 1963) previous-
ly to exhibit large threshold effects.

Thus available evidence from recent carefully con-
ducted experiments supports the validity of Darcy's
law in intact saturated clays. It does appear, how-
ever, as noted by Scott and Ko in their review of the
work of Olsen (1969), that since flow of water through
clays may be induced by electrical and chemical grad-
ients as well as hydraulic gradients, Darcy's law aleome
may not be a sufficient basis for analysis of water
movement in all cases.
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4.2 Coupled Flows in Saturated Clays

It has been found that hydraulic flows may be induced
through saturated clays under the action of several
different types of gradient; e.g., hydraulic, electri-
cal, chemical, and thermal. Such flows are termed
"coupled" flows. Advantage of electrically induced
hydraulic flow has been taken in the application of
electro-osmosis to soil stabilization for many years.
Relatively less is known about the practical import-
ance of flows (and therefore consolidation) caused by
chemical and thermal gradients. The work of Gray
(1969), however, suggests that thermally induced flows
may be of relatively minor importance in saturated
clays.

On the other hand, water flow induced by chemical con-
centration differences across a clay layer may be
significant, particularly under conditions where the
hydraulic permeability is very low; e.g. in highly
plastic clays at the low void ratios corresponding to
very high consolidation pressures.

Treatment of flows of one type in response to grad-
ientas of another type are most conveniently handled
wvithin the framework of irreversible thermodynamics.
If all flows are linearly related to the driving
forces, as appears to be the case for saturated clays,
then the following equation is applicable,

J, =L X

1 TRy (4.2.1)

wvhere J1 = flow of type 1

Lij = coefficient for flow of type i due to
gradient of type ]
XJ = gradient of type {.
Olsen (1969) has adapted equation (4.2.1) to the
special case of one-dimensional hydraulic flow under
hydraulic, electrical, and chemical gradients
according to

C
A A 1 A
ay - _kH(l)AH + kc(iﬁ log E: - kE (E)AE

(4.2.2)

where kH' kc. kE = coefficients of hydraulic flow due
to hydraulic, chemical, and
electrical gradients, respectively

A = cross sectional area for flow
L = thickness of clay layer
C,»C, = electrolyte concentration on opposite sides
of the clay layer

AE = electrical potential difference between
opposite sides of the clay layer.

The ratios kc/kH and kE/kH provide a measure of the
relative importance of chemically and electrically
induced hydraulic flows. The fact that kE/kH is
significant in fine-grained soils has been well
established, and Esrig (1968) has shown that the
negative pore pressure, u, that can be induced at any
point during electro-osmotic consolidation is given by

kg

u= -—= Y, V

"

where V = the voltage at the point

Y = unit weight of water.
w

(4.2.3)

Only limited data are available to indicate the
possible importance of chemically induced flow and
consolidation in clays. One set of such data from
Olsen (1969) is shown in Fig. 13 for tests on
kaolinite. It may be seen that for consolidation
pressures greater than about 10 atmospheres, the
hydraulic flow rate under a 10-fold difference in
concentration across the clay layer becomes signifi-
cant relative to the flow rate induced by a unit
hydraulic gradient. Since kaolinite is a very in-
active clay mineral, it is likely that chemically .
coupled flow may be of even greater importance in more
active clays.

OVERBURDEN DEPT FEET

S —— —

CONSOLIDATION LOAD IN ATMOSPHERES

Fig. 13 - Ratio of Chemical-Osmotiec to Hydraulic
Conductivity Coefficients for Kaolinite
(Olsen, 1969).

Hydraulic flows and possible consolidation of clay
layers due to chemical osmotic effects may become of
importance in soil mechanics in connection with
problems of sea water intrusion of aquifers in con-
tact with clay layers, underground storage, and waste
disposal. Analysis of consolidation in such situa-
tions will require extension of classical consolidation
theory to take account of flowa induced by other than
hydraulic gradients.
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Chairman J.G. ZEITLEN

Thank you Dr. Mitchell for your interesting
discuseion. Dr. Mogami, will you please let
us have your comments?

Panelist 7. MOGAMI (Japan)

l. Various Models.

When we study the properties of the materi-
al, we have several ways of approach.
Replacement of the material by simpler
model is a powerful one. Granular materi-
al is composed of partioles, henoe a model
composed of sphsres is attractive, Even
1f we adopt an assembly of equal spheres as
a model, the mechanios on this model is not
80 easy, so that some regularly packed equ-
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al spheres are widely used. Though the
difficult mechanice on such regular model
could be solved, 1t would be much harder to
generalize the results to actual material
which 18 composed of irregularly packed
irregularly shaped particles,

On the other hand, the continuum models are
also famiiiar to researchers. When the
stress distribution in a ground is studied,
the Boussinesq's or modified Boussinesq's
theory based on elastic model is used.

Theory of plasticity offers also a powerful
model. Researches on mechanical behaviour
of clay or granular material which have
successfully been promoted by Cambridge
school concern with this model.

Whatever model one may adopt, he would aim
at

(i) clarifying the behaviour of the
material by replacing it by a
model of which properties we are
femiliar,

(11) finding out some aew postulate, on
which one could build up a new
theory,

(ii1i) finding out some law useful for
engineering purpose between quan-
tities obtainable by some measure-
ment,

The first and second of aims are of rather
academical character, whereas the third is
much practical. The third would be most
important, because the engineering science
is to supply materials to the engineering,
however we have to polish up our theory on
any model so as not to contain contradic-
tions in itself. It is because we have an
anticipation that incomplete theory would
not bring fruitful result.

2. A Model which the Author Proposed.

The author himself has developed for years

a model, which belongs to the probabilistic
model. When the author wanted to develop
a theory of mechanics of granular material
in similar way to the classical statistical
mechanics, the author felt that his way was
entirely in the midst of dense fog. On the
one hand, he is not so familiar with the
theory, on the other hand, as far as he knew
classical statistical mechanics deals with
conservative system. He noticed that the
mechanical behaviour of the material is
governed by its void ratio., but the void
ratio 1s an average quantity. He noticed
also that two samples can have the same
void ratio even when the distribution of
voids in sample differs from each other.

At the first step, the author assumed the
material composed of particles of equal
volume and calculated by combinatory analy-
@is the number (Z) of configurations of
particles for given void ratio and given
deviation of void ratio from its mean de-
fined by

o

L4
™
_—
[ ]
oy

[}
®
~

» Where ey ie the i-th void ratio when the
total range of vold ratios is divided into
n subinterval of_equal width, e is the mean
void ratio, the e is verified equal to the
void ratio e.

Later, the authur could show that even when
the material is composed of particles of
various siges, the number of configurations
of particles for given void ratio and given
deviation of void ratio can be expressed in
similar form to that for equal particles.

By experiment on an assemblage of equal
spheres, he could confirm that the frequency
curve of voids in the material is suffici-
ently represented by e and s.

After getting the expression of the number
of configurations in terms of e and s, he
had to proceed assuming that the entropy of
the material is proportional to the loga-
rithm of the number of configurations as in
the classical statistical mechanics. He
thought that this assumption is questiona-
ble, because as stated before, the classical
statistical meohanice is constructed for
conservative system and our material is not
conservative system. 8ti11 he thought that
if he could have some relationship between
quantities which can be measured by direct
observation and the relationship could be
shown valid, the validity of the assumption
would be confirmed at least approximately.
Fortunately he could get some relationships
between void ratio and the angle of internal
friction which were shown valid by experi-
mental data.

Gudehus told his question about the author's
assumption in his private letter to the
author and in his paper. His question was
the same as that of the author, however the
author relied upon the fact that his rela-
tionships were confirmed by experimental
data.

3. Refinement of the Author's Theory

When the author could know the thermodyna-
mics based on the theory of information, he
felt if he could have a little hope of re-
fining his theory.

As explained above, some finite numbers of
configurations correspond to given e and s.

These configurations are designated as A,
Ao, .....y Ay and each of them is called
tﬁe "state",

The configuration of particles in the mate-
rial is one of Ay, A3, ....., Az, however,
we cannot know in which state the material
is. When the material is deformed the
state of the material changes. The number
of possible states also changes as the void
ratio and its deviation change.
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know in which

can assume that

1,2, ¢.., 2z; 18
The values of

Notwithstanding we cannot
state the material is, we
a probability; P(A4), i =
attributed to each state.
such probabilities cannot be known in gene-
ral case. The degree of uncertainty about
the knowledge concerning the material, in
another word knowledge about the state in
which the material is, is expressed, follow-
ing the theory of information, as

U = -K3 X P(A4) log P(A4) (2)

s where K7 is a constant.

This function U plays similar role to the
entropy in thermodynamics. hence this is
called the entropy also in the theory of
information.

By -observation of an assemblage of equal
spheres, it was recognized that some struc-
ture is developed in a material when the
failure stage approaches. In actual mate-
rial direct observation of its interior
part cannot be made. However, formation-
of slip surface in the sample is observed
on its outer surface. The fact that slip
surface is formed means the development of
some structure.

The structure
ticles of the
and particles
Each group of

means that constituting par-
material cannot move freely
are gathered into groups.

particles moves as ome body.

In another word, all of the mathematically
possible configurations are not necessary
realigable, hence the physically possible
configurations, realizable states, are a
part of all mathematically possible states.
Therefore, for example, we have

} (3)

P(A1) % 0, P(A2) X 0, ....,P(ap) % O,
P(A.m+1)=P(Am+2) = .....P(Az) =0

as the shearing deformation proceeds and
approaches the failure stage, the number m
in (3) would decrease.

If at a stage of deformation far from fai-
lure hence the distribution of particles ie
almost random, each particle is fixed with
each other with a kind of paste, and this
configuration is called as A), after this

stage configuration of particles cannot
change and we have
} (4)

Hence, the condition (3) 1s satisfied, but
there exists no structure in the material.

P(Al) = 1
P(A3) = p(13) a evececem P(Ay) = 0

The "structure" should be considered in
close connection with the deformation. When
the material is not deformable, the arrange-
ment pattern of particles has no concern.
The fact that the material has structure

171

during deformation means that the configu-
lation of particles does not change so much
during deformation. Hence we can say that
the number of physically possible, realiza-
bele states in material having structure is
not so large and the state of the material
travels around among the possible states one
after another. In another word, the proba-
bilities of all physically possible states
do not differ so much with each other when
the stage of deformation of material app-
roaches failure and structure is formed in
the m terial.

Hence the mathematical formulation of the
condition that the material is in the fai-
lure stage and structure is formed in the
material is
} (5)
0

By the above explanation, it is clear that
in failure stage, the scattering of voids
in the material around their mean is not so
large.

P(Ay) = P(Ap) = +---o= P(Ap)

P(Ag+1) = P(Ags2) = «cvv= P(4y) =

In the previous paper, the author assumed
the scattering of void ratios around their
mean, expressed by a letter n, be very small
compared with the total number N of parti-
cles, Therefore, the number of states cal-
culated in the previous paper by combinato-
ry analysis can be considered as equal to m
in the expression (5)

When the condition (5) is satisfied, the
entropy defined by the expression (2) is
reduced to

U = -K2 log P(Ay), 1ifm (6)
, which has the same form adopted in the

previous paper.

Chairman J. G. ZEITLEN

Thank you very much Dr. Mogami. I would like
to ask professor Biarez to present us with
his prepared discussion.

Panelist J. BIAREZ (France)

RESUME:

L' auteur suggére quelques definitions pour
les lois rhéologiques et les limites de lois.
Pour la plasticitg parfaite, il lui semble
bien &tabli qu'il n'y a pas de variation de
volume 2 tenseur de contrainte constant, donc
que le potentiel plastique standard\ne peut
®tre accepté. D'autres hypothdses, a preciser
semblent préférables, comme la similitude du
tenseur accroissement de déformation et du
tenseur déviateur de contrainte ou la déri-
vation d'une fonction constante G( @ ij) de
section hexagonale régulidre differente de
la fonction statique F( 0 ij).
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Depuis quelques annés, les recherches en
Mécanique des Sols se rapprochent de la Meca
nique des Milieux Continus classique mais 1V
on peut se demander si 1l'étude détaillée des
lois générales tensorielles peut aider 1'ingé
nieur qui "calcule" toujours ses fondations
d partir du SPT. Il serait souhaitable que
d'autres recherches, plus difficiles, essai-
ent d'améliorer la pratique actuelle:

- Mesures en chague point du sol interessé
par la construction. Il est préférable de
connaftre sommairement les propriétes de
chaque zone du terrain (par exemple d'une
couche d' un centimétre d'argile), plut6t que
de parfaitement connatftre les propriétés de
quelques décimdtres cubes qui se préteraient
4 une loi mathématiquement simple. D'impor-
tants progrds sont & faire dans les préléve-
ments continue et la connaissance des appa-
reils de mesure in situ.

- Mesure des propriétés des sols difficiles:
enrochements, graviers in situ, vases, sols
fissurés, fragilité et naissance de fissura-
tion, relation eau-air-solids.

Si des travaux doivent ®tre orientés dans ce
sens, 4 court terme, il faut tenir compte de
la mutation apportée en mécanique par les
ordinateurs. Dans quelques années, ceux-ci
seront assez importants pour calculer un
probl2me & trois dimensions avec une loi rhéo
logique satisfaisante depuis les petites
jusqu'aux grandes déformations, avec condi-
tions limites et hétérogénéités quelconques.
I1 est nécessaire de préparer cette période
par des recherches permettant d'expliciter
les propriétés des sols sous une forme ac-
cepatable, ce qui se fait, mais aussi de pré-
parer les techniques de mesure pour le ter-
rain intéressé, ce qui reste & faire.

Les propriétés mécaniques du sol font inter-
venir les lois rhéologiques de chaque phase
(solide, liquide, gaz? et les lois inter -
phases ZSolubité...). Les théories mathéma-
tiques actuelles (comme la plasticité) sont
trop élémentaires pour satisfaire le constru-
cteur, .car elles ne coincident en général
qu'avec des parties de loi du solide seul,
ignorant le r8le de l'eau par exemple, qui
constitute le grande particularité du sol.

Si 1'on se contente de la phase solide, la
loi est une relation entre des chemins repérés
en fonction du temps dans les espaces des
contraintes et déformations. Seules les expe-
riences ol ces champs sont homogénes perme-—
ttent la mesure de ces lois. D'importants
progrés ont été faits grfice aux appareils
triaxiaux avec lubrification des extr&mités,
mais ceux-ci sont limités aux chemins sans

rotation des directions principales par rapport

au matériau (axes rhéologiques). Les deforma-
tions avec rotation sont étudiées par ROSCOE
et nous avons proposé récemment un appareil
pour de trés grandes déformations de ce type
(Réf. 1-2). Pour obtenir un chemin probable,
il faut faire un calcul préalable approximatif
élastique plastique par exemple, puis faire
des expériences avec des chemins voisins, et
recalculer avec cette nouvelle loi, par elemen

ts finis par exemple (Ré&f. 1-2-8) (Fig. 1-2).
Mais 1l'on sera longtemps encore incapable de
reproduire ces déformations experimentalement
i'une mani2re correcte sur le sol représentan
1'état in situ, sauf les cas simples olU la
rotation est négligible.
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Pour faciliter la discussion, bornons-nous a
favoriser un vocabulaire comun pour l'experi-
ment-i..u et lecalcu” 2ieur, [.'ercai selon le
chemin triaxial habitiuel conduit & une loi
que 1l'on sépare souvent en limites. On peut
distinguer les parties suivantes par exemple:

1. Elasticité.

a) Au sens strict, il s'agit d'une relation
biunivoque linéaire ou non contrainte-defor-
mation, donc pour phénoménes réversibles
(avec une précision donnée). Tetfe lol n'est
valable qu'a 1'intérieur de la limite élas-
tigue qui peut s'exprimer sous forme f(0 1)
=0.C'est une surface dans 1l'espace des con-
traintes.

b) En pratique, "la" courbe contrainte-defor-
mation présente souvent un "coude" assez net
(1a loi de variation de pente change). Ce
coude sépare un domaine peu réversible d‘'un
domaine qui 1' est beaucoup plus, et limite
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Fig. 2. a) Trajet dans l'espace des contraintes.

principales pour différentes cotes A,

B, C, a, b, c, lorsque la charge se
déplace.

la validité pratique des calculs d'élasticité
pour un premier chargement. Nous suggérons
d'appeler le lieu du "coude": surface limite
"elastique" ou surface de surconsolidation

et de discuter la validité des calculs d'
écrouissage en ce lieu. Cette expressionsemble
plus précise que surface d'écoulement. Le
coude et la différence de réversibilité seront
d' autant plus mets que le chemin utilisé

sera proche du chemin de surconsolidation si
elle est anisotrope.

2. Surface maximale dans l'espace des con-
traintes ou courbe intrinsédque maximale.

Si 1l'on trace l'ensemble des cercles de MOHR
(effectif...) pour un triaxial a pression
latérale donnée (totale), il existe une
enveloppe que nous appelons courbe intrinseéque
maximale; ceci correspond a 1l'enveloppe des
chamins dans l'espace des contreintes, au-
dela de laquelle il n'existe aucun point

(pour une vitesse donnés de déformatiom...)

On peut tracer tout autre courbe ou surface

selon le critere choisi, par exemple maximun

de 01/ 03 etc... m ais il faudrait en mon~

;rer 1'intéret, sauf pour les sols ou c=0 ou
= 0.

b) Contraintes principales: rotation,
intensité (charge mobile).

¢) Isobars de la contrainte moyenne en
traction.

3. Plasticité parfaite.

A partir d'une certaine déformation dans le
triaxial. le tenseur de contrainte reste
constant, d' ou une loi en contraintes F(

ij) que 1' on peut appeler surface de plas-
ticité parfaite. Elle peut #tre par exemple
conique de section hexagonale et correspondre
a la loi dg COULOMB. Cette loi n'est appl-
icable qu'a partir de déformations assez
grandes, correspondant a ce palier contraire
ment a ce que peut laisser supposer l'expres
sion "rigide plastique". La déformation n'est
pas quelconque d'ou une loi cinématique
complétant la précédente.

a) A notre connaissance, si le tenseur de
contrainte est constant (Réf. 3-4...), il
n'y a pas de variation de volume, Le vecteur
déformation est donc orthogonal a la trissec-
trice et non a la surface F( 0 ij). Cette
non variation de volume ne peut @tre consta-
tée que si 1l'on effectue d'assez grandes dé-
formatione homogénes d'ou le grand intérft

du perfectionnement des appareils dans ce
domaine.

Si 1'on se déplace sur la surface de plas-
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3. Potentiel Plastique.

ticité parfaite, il sera parfois nécessaire
de modifier cette loi en tenant ocompte de 1'
augmentation densité critique avec la partie
isotrope du tenseur de contrainte (R&f. 4-7
Ceci est facile si le chemin dans 1°*
espace des contraintes croit d' une maniere
simple.

b) En premiere approximation il est peut-
etre possible d'admettre l'identité des di-
rections principales des tenseurs de con -
traintes et accroissement de d&formation: a
deux dimensions, ces deux conditions cinéma-
tiques sont suffisantes, un calcul de force
portante de fondation a montré que les tra-
jectoires ainsi obtenues étaient nettement

en meilleur accord avec l'expérience que le
calcul avec le potentiel plastique (Réf 5-6)
(Fig. 3). Toutefois, ces directions sont peut
etre différentes dans les cas ou la rotation
des directions principales du tenseur de con-
trainte est importante (dans les sols).

¢) A trois dimensions, on ajoute une con -
dition supplémentaire qui ne semble pas en-
core parfaitement définie. On pourrait sup-
poser que l'accroissement de déformation est
semblable au déviateur de_contrainte. Une
autre hypothése consiste 3 supposer que le
vecteur accroissement de déformation est or-
thogonal & un cylindre G ( ¢ ij) paralldle a
la trissectrice etvde section hexagonale regu
liére. On peut encore modifier cette loi

91 1l'on veut tenir compte de l'augmentation
de densité avec la pression moyenne. Divers

calculs on été faits avec ces hypothéses
(Réf. 9-10).

Par ailleurs, il serait souhaitable d'uti-
liser des monts différents pour les domaines
de contraintes et déformations. Par exemple,
ne pas appeler ligne de rupture ou de gli-
ssement une ligne ol la loi de COQULOMB est
satisfaite ( T =
ristique statique: car c'est une condition en
contraintes et les mots rupture ou surtout
glissement ont un sens flou ou plutbt cinéma-
tique. L'expression ligne de glissement dési-
gne la discontinuité cinématique (que l'on
peut parafois observer). Ceci est d'ailleurs
a distinguer des bicaractéristiques cinéma-

c +0 tg @ ), mais bicaracté

Non variation de volume.

tiques. Parfaois, ces Ligues scont 1itférentes,
De méme, dans l'espace des contraintes, la
surface maximale ne devrait pas s'appeler
surface de rupture car une discontinuité
cinématique ne lui est pas nécessairement

lies.

En dernier lieu, il est bon de distinguer les
lois relatives a des déformations continues
et les lois pour déformation discontinue.

Par exemple, si l'on impose une deformation
continue homogéne, c'est-a-dire qu'un carré
se transforme en rectangle par exemple, le
palier de plasticité parfaite peut 2tre
différent de la déformation qui permet ou
impose une surface de discontinuité. Nous
avons montré 2 deux dimensions (Fig. 4) (Réf.
1-8) que cette différence &tait négligeable
pour des particules circulaires, 2t tres im-
portante pour des particules hexagonales;

il en est probablement de méme pour des ar-
giles a particules plates. Il nous semble
nécessaire de préciser si la loi de plastici-
té parfaite correspond & une déformation
continue ou avec une surface de discontinuité.

4. Ecrouissage.

Nous appelons écrouissage une mcdification
due a une déformation irréversible. Il nous
semble indispensable de séparer les parties
isotropes et déviatoires de cette déformation.
La déformation isotrope modifie toute la loi,
en particulier "la surface maximale'" dans 1*
espace des contraintes; par contre, nous
pensons qu'elle ne modifie pas la surface de
plasticité parfaite en déformation continue.
Celle-ci nous paraft indépendante de l'his--
toire des déformations irréversibles et donc
de la fabrication de 1l'échantillon, au moins
en premidre approximation (R&f. 2-8).

La déformation déviatoire, bien connue dans
les mé&taux, modifie la lImite élastique mais
en général d'une manidre anisotrope (génera-
lisation de l'effet BAUSCHINGER-R&T. 8); sa
représentation compléte doit donc €tre envi-
sagée dans un espace a six dimensions et non
dans g1 ¢2 003. Par ailleurs, pour une
contrainte moyenne donnée, 1l‘'échantillon se
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tasse ou se dilate selon la valeur de sa
densité initiale par rapport a sa densité
critique. I1 ne nous parait pas possible, ici
encore, d'utiliser le potentiel plastique
standard, et meme le potentiel plastique géné
ralisé. Pour le cas d'une augmentation conti
nue des contraintes, il semble que la simu-
lation approximative du chemin dans l'espace
des contraintes donne une loi utilisable pour
la methode des éléments finis, comme 1' ont
fait de nombreux auteurs.
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Chairman J.G. ZEITLEN

Thank you Dr. Biarez. Dr. Gibson, please.
Panelist  R. E. GIBSON (England)

1. The Reporters for this Session deserve our
thanks and congratulations for having carried out
their difficult task with imagination and
presenting their material in such a way as to
stimulate interest. They have referred, of
course, to recent work on stress-deformation and
strength characteristics of soils published in the
engineering and geotechnical literature. But in
addition they have performed the valuable function
of drawing our attention to pertinent refereuces
culled from the wide field of general continuum and
granular mechanics. Many of these appear in
comparatively unfamiliar journmals but report
advances which will, no doubt, influence future
developments in our discipline.

A ]

The experienced soils engineer when faced
with a problem may draw upon theory, from his own
and other's case records and upon intuition and
judgment. But this does not and must not prevent
him, on occasion, from treating the first with
apparent contempt and the second with suspicion.
This can often prove puzzling to the young engineer,
but is dictated by the nature and special features
of each case. In other words: his method of
procedure is appropriate to the circumstances.

I wish to limit mwy remarks in this Panmel
Discussion to two specific investigations in the
area of mechanics with which I have been concernmed.
These exemplify the role which I believe is
appropriate to mechanics in the practice of soil
and foundation engineering. It happens also that
they serve to contrast the advantages and dangers
of using either analytical or numerical techniques,
each to the exclusion of the other, in solving
problems where a choice between these approaches
is open to us.

2. Before turning to these I ghall mention,
briefly, circumstances where the application of
sophisticated mechanics at the design stage would,
in some sense, be inappropriate for one of the
following reasons:

a) Entirely misleading conclusions may follow.

The physically relevant factors have either
not been identified, or have not been - and
perhaps cannot be - taken account of in the
analysis.

b) It is wmecessary.

Simpler procedures are entirely adequate
and, being more flexible, may lead to sounder
conclusions.

c¢) The reliability of the predictions may be
illusory.

An adequate theory can be rendered impotent in
practice by our inability to measure and assign
numerical values to the parameters. This lack
of knowledge may be peculiar to a particular project,
or it may reflect difficulties of a more fundamental
nature. If the forecast is sensitive to changes
in the values of these parameters, the uncertainties
will be correspondingly magnified.

The illustrations I have chosen are naive
and well-known, but I make no apology for that.

2.1 A good deal of attention has been given to

the problem of determining the magnitude and
distribution of vertical stress beneath a loaded
area. But a knowledge of this quantity per se

is very rarely required. The design of a lining
for a tunnel beneath a pre-existing surface load,
for example, is hardly furthered by this information.
Even if the solution to the problem in mechanics
takes account of the presence of a cylindrical
cavity in the medium, of a lining around this
cavity and of the non-linear stress-strain
behaviour of the soil, its worth would scarcely

be enhanced. In reality any of the following
factors may be relevant either in the short or long
term:

(a) the depth of the tunnel;
(b) the type of lining and its mechanical behaviour;

(c) the stresses induced by the erection procedure;

(d) the nature of the contact between lining and
soil;

(e) the type and properties of grout if this is
used; and the grouting pressure;

(f) the time-dependent creep and swelling
characteristics of the soil, and the time-
dependent distribution of pore water pressure;
and this catalogue could easily be extended.

The majority of problems of this kind are
not susceptible to overall analysis, although the
influence of isolated factors may be examined.

2,2 In the application of one-dimensional

consolidation theory a knowledge of the vertical
stresses through the clay stratum is needed, both
to estimate the initial pore water pressures
developed and the primary settlement likely to
occur. If the layer is fairly thin this can be
estimated with sufficient exactness by taking an
appropriate 'angle of spread' of the load. A more
'exact' treatment would be both wnjustified and
unnecessary. Of course, if fthe layer were thick
a complete investigation might be required.

2.3 Finally, it is sometimes advocated that the

76

design of foundations on sands and gravels should
be based on ultimate bearing capacity theory.
Many expressions relating this quantity to the
angle of shearing resistance are available in the
literature, some of alarming complexity, but all
based on simplifying assumptions.
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But how is the angle of shearing resistance
to be determined? By what process is a factor
of safety or load factor selected which will ensure
that the settlements are acceptable? In fact,
used in this way, the equation merely replaces one
unknown by two.

Both theories I have referred to have, of
course, their rightful place and function.

I hope it is clear that it is not mechanics
or its application as such that I have questioned,
only its unnecessary or inappropriate use.

3. I present now two cases where solutions were
developed to answer specific questions. The
ansvers were found, but in both cases more emerged:
in the first a lesson in tactics, in the second a
result of some generality.

3.1 The first concerns the progress of three-
dimensional consolidation of a clay layer of thick-
ness h and infinite lateral extent, loaded on its
surface by a preesure p distributed over a
circular area of radius R.

This reduces, effectively to a standard onme-
dimensional problem when (R/h) is large, The
Reporters have drawn attention to a solution
available for a Biot half-space: this corresponds
to small (R/h).

In many cases of practical importance, the
conditions for the validity of these limiting
solutions are not even approximately satisfied and
to meet this need the layer problem was examined.
The tedious but straightforward analysis was
completed some years ago and led to this unpromising
expression for the surface settlement S:

S@e) . pdsw) [T 1 }*i’ R(r,)) F(8,))
K E .
x exp(-12+s)T ds d) (1)
where
Jo(xr/h).ll(m/h) tanh A
K(r,}) = A({1+)x cosech) sechl)’
F(s,)) = — T
s+L())-M(2)s* tanh 8
(1-2v) A coth )
MO) = HSY(I+% cosech) sechi )’
L)) = AM(2) tanh X - A2,

The moving singularities made a hand calculation
impossibly lengthy and as we had no access to a
large computer at that time, work ceased. I
then realized that this was in no real sense a
solution at all: the problem, essentially ome of
numerical analysis, had merely been recast in a
different form.

Some years later Professor Robert L. Schiffman,
of the University of Illinois at Chicago Circle,
rescued the algebra and undertook with Dr, Pu the
formidable task of numerical evaluation. It took
some weeks to evolve a suitable strategy and by
the end a lot of computer time. The paper by
Gibson et al (1968) records the results but the real
lessons were not reported there. They were:

1. Despite very simple geometry, loading and
highly idealized constitutive relations, algebra
of such complexity results that to obtain numerical
answers a comparatively large amount of time and
effort must be expended on numerical analysis and
programming.

2. A comparable investment would be required
for each variation of the basic problem.

3. A numerical attack from the outset might be
rewarding. This approach could possess a generality
lacking in our procedure.

Progress along these lines by us and others
has been referred to in general terms by Professor
Scott.

3.2 That analysis still has its place is illustrated

by my final example.

In connection with studies of the settlement
behaviour of structures on over—consolidated clays,
Dr. Noel Simons, then of Imperial College, asked me
to extend the claseical solution for a flexible
circular load on an incompressible elastic half-space,
to take account of a linear increase with depth (z)
of Young's modulus:

E(z) = E(o) + 3mz (2)

Solutions for particular values of Poisson's
ratio and depth variations of E are available in
rather inacceseible journals but nothing quite
meeting our needs could be discovered. A
numerical approach was indicated but, because
the incompressibility condition can cause trouble,
I chose to use analysis. By pure chance it was
found possible to obtain expressions for the
displacements and stresses (Gibson, 1967, 1968;
Gibson et al, 1969). In particular the surface
settlement, under uniform pressure p, is:

= J (rg) J, (RE) dE
R o 1
S(r) = ,%E jo R (1 p 3)

vhere A is defined by

AQX) AEi(-22) exp(2)) + 1 + 1/2)

E(0)/3m.

™
1

Thie nearly made us revert immedlately to a finite
element program.

However, it reduced correctly to the classical
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solution for constant E(m=o). At the other limit
E(o)=0, a wholly unexpected result emerged from
equation (3):

sy - B J 3,00 3,0 a, )
= p/2m (r <R)
= 0 (r » R).

This meant that the flexible load settled uniformly
by an amount p/2m while no surface settlement
vhatever occurred outside the loaded area. The
result can readily be generalized, using super-
position, to show that for arbitrary loading over
any area, the gettlement at a point of the

surface is proportional to the local pressure:

s-lz’;

Thie non-homogeneous elastic solid responded
exactly like Winkler's layer of springs, while
the term 2m can be identified as the familiar
coefficient of subgrade reaction ks'

Incidentally, in this limiting case, it was
also shown that the stress components are
identical with those in the homogeneous elastic
medium,

If a numerical procedure had been employed
from the outset it is difficult, for the
following reasons, to imagine how these results
could have been established, wnless they had
already been anticipated intuitively.

(1) The results are valid only for a half-
space: a numerical attack would have, of necessity,
been concerned with a layer of limited depth.

(2) Serious numerical difficulties would,
almost certainly, have occurred due to the
presence of a singularity around the edge of the
loaded area, which the analysis revealed.
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Correspondence.

Chairman J.G. ZEITLEN

Thank you very much Dr. Gibson. Dr. Kenney
will you continue?

Panelist C. KENNEY (Canada)

Professors Scott and Ko must be congrat-
ulated and thanked for preparing the report on
Stress-Deformation and Strength Characteristics.
Their coverage of the research developments in
this field is so comprehensive and so complete
that after reading it several times I found
myself asking the question - "is there anything
that can be added?" Also, when studying the
material content of the report that Professor
Scott magnificently organized and presented, I
experienced the frightening realization (as I
expect many others did) that I had read only a
few of the references sited in the report and
was unable to understand the basics of many of
the recent theoretical developments. As a
university professor it is not always easy to
admit not being able to understand the basics of
one's technical field. The problem is not
necessarily lack of mental ability (although this
might be my problem) but rather a problem of not
having sufficient time to put towards the study
of new developments. For the practising engineer
the problem is probably an order of magnitude
greater than that for the university professor
and it comes as no great surprise to any of us
that the gap existing between theory and practice
appears to be widening at an ever-increasing rate.
If we care to look back to the Proceedings of the
1st International Conference it can be seen that
many papers contained both theoretical develop-
ments and their applications to engineering
practice. It is a relatively rare occurrence
that this is found in new literature today
This general problem is not confined to soil
mechanics and foundation engineering but is
prevalent in all branches of engineering.

If for no other reason but to be provocative
I will say that much of the blame for this
situation must be taken by the university
communities. There are ever-increasing pressures
building up in the academic world for professors
to do research and to publish their results. 1In
itself this is not an unhealthy situation because
the advancement of knowledge is a prerequisite
to all material and human advancements, but the
key 1s that the research should be of value and
of relevance. We would all agree that there is
being done today perhaps the highest-quality
research of all times, but we would also quickly
agree that this forms a disturbingly small
proportion of the total research being published.
Again to be provocative with my academic
colleagues, there are many of us at universities
that are not scientists and who have little hope
of making significant scientific contributions to
our field. Rather, we are primarily engineers or
scientific engineers, and therefore we are best
qualified to work at the interface between science
and engineering practice, the interface that we
realize is being sadly neglected today. Is it not
possible for more university personnel to become
involved in research problems associated with
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engineering practice? And it can also be asked -
cannot more consulting companies take some of
their difficult problems to the universities for
the purpose of applying co-operative approaches
of research and engineering experience to the
problems? I might simply add to my academic
colleagues that the potential rewards in working
(and publishing) at the interface between science
and engineering practice can be much greater to
many of us than working in science or pseudo-
science when measured with respect to challenge,
stimulation, interest and professional recognition.
This ie not meant to down-play science but rather
to indicate that today the important point on the
critical path of engineering progress is the
effective application of theory to engineering
practice, and that we at universities are best
equipped and qualified to attack this critical
area.

The four major Sessions following Session 1
deal with various areas of engineering practice
and deal with problems centred on stress-deforma-
tion and strength characteristics of soils, the
subject of Session 1. Perhaps the panel could
spend a little time to discuss to what degree has
the research activity contained in the Report for
Session 1 helped us (or will help us) (1) to
understand basically and (ii) to predict the
movements of earth structures and foundations. It
is probable that, coming out of such a discussion,
a way will be indicated by which the gap between
research developments and engineering practice can
be narrowed.

Chairman J. G. ZEITLEN

Thank you very much Dr. Kenney, and I wish
to again thank all the members of the panel.
We will have a ten minutes break. Thank you

again.

RECESS

Chairman J.G. ZEITLEN

I would like to call on professor Murayama of

Kyoto University. Will he come up, please?

Panelist S, MURAYAMA (Japan)

1. Theoretical Considerations

In the author's paper "Stress-strain-time Be
havior of Soils Subjected to Deviatoric
Stress" presented to this Conference, the
flow behavior of clay skeleton under the tri
axial compression test has been expressed by
the following equations (the following nota-

tions are identical with those in the paper):

Y= AW.2 w.Z =P
(1

where z=gy/(0pm+0p), 0O4= 0 -0y

1f the flowing proceeds under the state of
retarded elasticity, it has been given as

Z < Zg| , W: constant
(2)
A=A ¥ (t) , Ae: constant

According to the paper, the time function

¥ (t) can be calculated by simulating the
flow behavior with that of the generalized
Voigt model whose individual retardation ti-
me is v (t = 4{;/6;). If the retardation ti-
me spectrum M(ln T ) is expressed by a box-
type distribution from v; to T, ¥ (t) is
given by

y (%)
¥ (t)

where a and b are constants at a constant
temperature. At the end of flowing after a
long period of stress application, the mobi-
lizing probability P reaches a finite value,
which is denoted by P.,,. Hence,

Pyoo P 4)

Since the increase in the probability of the
actual mobilizing particle P is caused by
the displacement of the particle which is re
lated to the displacement factor A, the fol-
lowing relation may be proposed.

a+blnt for Ti<t <1
(3)

1 at t — o

1 dA = 1 [0 (5)
X Tat P at
Solving the above equation and substituting

Eqs. (2), (3), and (4) for the condition of
Ti<t < Ty, we get

A=A (a + bln t)
(6)
P=Pgpl(a+bln t)
Therefore, Y in Eq. (1) becomes
Y = APw(a+bln t)? (7)

From Equations (1), (6), and (7), the follow-
ing relation is obtained.

d
1n (1%'/0"1) =B-1ln (g4+0y,) - 1n t 8)
B =1n (2Aebw): (const)

This is a relation between the strain rate
and tipe t as far as the deviatoric stress

o4 is constant. If the mean effective stress
on is constant, the strain rate or the creep
compliance decreases with log t. As op is
time dependent, however, the rate of stirain
does not simply decrease with log *t.

When the clay sample is subjected to deviato-
ric stress, a porewater pressure u is usually
generated. In the case of the normally consg
lidated clay whose preconsolidation stress is
Omo’ m is given as follows:
Om =Omo + A O
(9)

AU'm=(Td/3- u
As the intermal confining stress ogp is affect
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ed by the nearness among particles due to the
consolidation, op should vary with the precon
solidation stress opg.
op is adopted as a standard and is denoted as
Opor Op of any clay can be expressed as fol-
lows:

Oy =0py * 40, (10)
Hence,
o *sz{" S(Ao-,,’,ua'b)}(crmchJ lL(”)
where 0q = |/ Opet Tpo! J
In Eq. (11), if-1< (OmetTpe < | 1
I((12)

then, log ( o+ op) = Gg(a o+ & ap) +log(opy Ope) )

Moreover, if op of the normally consolidated
clay can be assumed to be proportional to

the consolidation stress, Aop is expressed
as )
a0y = B-aome

(13)

or

0 - 80p=0g B 80p,= CA%GSB=0¢’
where B : the coefficient of proportion,aopm,
the difference between the consolidation
stress of a clay sample and the standardized
consolidation stress.

Substituting Eqs. (11) and (13) into Eq. (8),
we get

d
In (n—r/crd)= B-In{omo Tho! ~Int

1
— Qg 80m— Oc *© A0, (14)
Besides Eq. (14), we take the following, an-
other equation excluding the last two terms
in the right hand side of Eq. (14):

In(%tz/od)=8—ln(om+0'b)—ln t (15)

Since Ey. (15) is represented by a straight
line inclined 45° to the axis on a logarith-
mic paper, Eq. (15) can be represented by
shifting the relationship of Eq. (14) by
(ag:a0m+ &, 80p) along log t-axis horizon-
tally.

2. Experimental Results

Triaxial compressive flow tests were perform
ed on normally consolidated clay samples at
a constant temperature under undrained condi
tion (Murayama and Morisawa, 1969). .The po-
rewater pressure during flow was observed.
Testing conditions were as follows: (a) The
various deviatoric stresses were applied to
the samples of the same pre-cgnsolidation
stress of Omo =0 = 2.0 kg/cm¢, (b),The same
deviatoric stress of gq = 4.0 xg/cm® to the
samples of the various pre-consolidation
stresses, (c) The various deviatoric stress-
es to the samples of the various pre-consoli
dation stresses.

The relationship of dy/dt/ . - t is identi-
cal with the relationship gf the creep com-
pliance J(log T) and the retardation time ¥
in the generalized Voigt model. Such rela-

If a certain value of

tionship obtained under the testing condi-
tion (a) is shown in Pig. 1-a. When the
plots in Fig. 1-a are shifted by a_.a o
(bom=om oc, 8_ = 0.96) along log t-axis
or log T —axis, ~the shifted relationship ob
tained is shown in Pig. 1-b. It may be no-_
ticed in Fig. 1-b that all plots lie along

a straight line inclined 45° to the horizon-
tal axis. Similarly, Fig. 2-a is the creep
compliance - T relationship obtained under
the testing condition (c). The new plots ob
tained by shifting the points horizontally ~
in Fig. 2-a by (a_.A0w + B_.ACy, ) (where
a_=0.96, a_ = 0.3%) are shSwn in Fig. 2-b,
ifi which the new plots also lie along the
straight line of 45° inclination.

Fig. 1-a. Creep compliance-retardation time

relationship obtained by experi-
ments
o. : constant = 2.0 kg/cm2
004 = 1.0 kg/cm2 xay = 0.6 kg/cm2
0.8 kg/cm? «0y = 0.4 kg/cm®

Ao‘d

Fig. 1-b. Shifted relationship of Fig. 1-a

by a..40n.

o = 2.0 kg/cm. See symbols Fig.
1-a.
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From these verifications, the assumptions
stated above may be acceptable. It may be
concluded from these experiments that the
rheological behavior of the skeleton of nor-
mally consolidated clay can be simulated by
that of the generalized Voigt model of a box-
type retardation spectrum.

o0 .I

W00

Q000! »
100 1000
T (min)

Fig. 2-a. Creep compliance-retardation time
relationships obtained by experi-
ments (o4,0,. : variable

¢ 0= 1.0 kg/cmz . o4 = 0.4 kg/cnz

1 0 = 2.0 kg/cm y o4 = 0.B kg/cm

Ao = 3.0 kg/cni , o4 = 1.2 kg/cnz

0 0. = 4.0 kg/cm , Ogq = 1.6 kg/cm

-
e
‘.
[ .
- Y
: s
o t,
’l
QOO0 “a
p S
0 100 000

Pig. 2-b. Shi{ted relationship)of Pig. 2-a
by (a_.A0p+ 8_.A0,.). See sym-
bols Bl"igrn 2-af mo
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Chairman J.G. ZEITLEN

Thank you very much Dr. Murayama. We will
hear Dr. Adel Saada, Associate Professor of
Engineering from Case Western Reserve Univer-
sity. Please, Dr. Saada.

A.S.SAADA (U.5.A)

Ladies and Gentlemen, my statement and ques-
tion are related to that part of the State-
of-the-Art connected with Anisotropy. The
question is addressed to both the General

Reporter and the Members of the Panel:

For a cross anisotropbic saturated clay (i.e.
with an axis of rotational symmetry), the
directions of the principal stress and the
principal strains generally do not coincide;
different stress-strain curves and failure
values are obtained depending on the inecli-
nation of the principal stress on the axis

of symmetry. This inclination of the stress-
es will affect the pore pressure responses
since this response is the result of the tend
ency of the material to change volume during
strain. All the quantities mentioned depend
on and are intimately attached to the arrange
ment of the particles that gives the clay the
property of cross anisotropy. As far as
Coulomb's failure criterion is concerned, there
are as many strain lines as there are planes
and a tangent to a group of Mohr circles is
meaningless.

Consequently, how oan a saturated clay be
anisotropio with respect to pore pressure
development and isotropic with respect to
strength parameters (effective or total)?

The answers and comments of the panel are of
paramount importance, since they may deter-
mine at least one of the directions in which
the study of anistropic clays will be pur-
sued by many investigators. Let us limit the
question to clays tested under controlled
rates of stress, or, if you wish, let us wor-
ry about peak points alone; at these points
the deformation are small and the anisotropy
of the material cannot possibly have been
erased.

Chairman J.G. ZEITLEN

Thank you very much for your question; I think
we appreciate the briefness as well. We also
have a question from Engineer Loof from the
Soil Mechanics Laboratory at Delft, in the
Netherlands, I am wondering if he could state
that also, and we will give Dr. Scott as well
as the members of the panel an opportunity to
comment on both matters.

W. H. LOOF (Netherlands)

My name is Loof, and I am employed at the
Soil Mechanics Laboratory in Delft, Holland.
I already have addressed this question in



writing to Prof. Scott, but repeating it,
s8imply want to ask thle; in designing a etruc
ture, we normally set the limits for settle-
ment or settlement rate, my question is:

Whether it is possible to use a simple linear
equation for the stress-strain relationship
below these limits?

That is all. Thank you.

Chairman J.G. ZEITLEN

Thank you very much. Dr. Kenney, Dr. Scott,
suggeats you may wish to answer the first
question.

Panelist C. KENNEY {(Canada)

In answer to professor Saada he was asking
about strength, but he did not specify if it
was drained or undrained strength; I will
take undrained strength first. The materials
you were dealing with, are anisotropic with
respect to strength. As regards effective
stress, for practical purposes there is no
essential difference in strength values meas-
ured directionally from evidence, we have now
on materials that had intact structures. In
other words, with respect to effective stress
it does not appear that anlsotropy of the
ehear strength parameters is an important val
ue although it may be measurable value.

A, S. SAADA (U. S. A)

May I comment?

Chairman J.G. ZEITLEN

Yes, please.

A. S. SAADA (U. 5. A)

I wish to state that, to my knowledge, the
only tests that have been conducted on anisot
ropic clays under combined stresses are those
of Saada and Baah published in the 1967 Pro-
ceedings of the Third Panamerican Conference
on 80il Mechanics and those published by
Saada and fSamani in volume one of the Proceed
ings of this Conference (pp.351). All the
tests show that it is impossible for the clay
to be anisotropic with respect to strength
parameters. More details about this point
were also given by Saada in a discussion of
the paper by Duncan and Seed quoted in the
State-of-the-Art. Thank you.

Chairmen J.G. ZEITLEN
Any further comments from the Panel? Dpctor

Scott, would you care to continue with the
question of Dr. Loof?

Genaral Reporter R. F. SCOTT

SEANCE PLENIIERE 1

think that Mr. Loof has asked a question
that is probably in all of your minds. We
have the 0ld theories that are linear, and
nowadays a great many papers come out discus-
sing this non-linear business; and how much
of this is worthwhile, how much of it you
should try to read and understand and how
much of it is a waste of time because linear
is good enough? The answer of course has to
be a relatively complicated one, because if
you have a particular problem of a footing,
or a foundation, or a retaining wall and you
wish to calculate the displacements of the
80il underneath it, or around it or adjacent
to the structure, how well you need to kmow
the deformations and to wkat level of stres-
ses you need to know them are two of the
pertinent points in connection with how non-
linear is the material behaviour. If you
only are stressing material anywhere up to
let's say 10 or 15 percent of some quote,
some failure strength or yield strength, may-
be linear is quite good enough. I think that
in a variety of real problems it will turn
out in many cases that linear is not quite
good enough, and I am very lucky to have the
best demonstration of that already presented
this afternoon, if you can cast your minds
back to the second or third last slide pre-
sented by Dr. Mitchell today, on the footing
loading test that he showed, you may recol-
lect that the curve of load vs. displacement
of the footing was extremely curved, and
that it would have been very difficult to
represent that by any kind of linear beha-
viour which, of course, put together with
the geometry and so on, would have ended up
with a linear forced deflection curve; in
that particular case, the linear theory would
not have predicted within, say, 100% or so,
what the dctual displacement would have been;
however, in the slide he showed after that
there is rather a weak non-linear behaviour
and possibly in that particular situation
one would have been happy with a linear theo-
ry and the consequently smaller amount of
work required to obtain the answers.

Cheirman J. G. ZEITLEN

Thank you, Dr. Scott. We will ocontinue with
Professor Bishop. Would he be kind enough to
oome up?

A. W. BISHOP (England)

Professor Scott has referred to the
use of granular models in the study of
coheslonless materials, and in particular
to the theoretical wctk of Professor
M. R. Horne. In Fig. 1.3.1 of Professor
Scott's report he produces Horne s theor-
etical relationship between @cv and the
material coeff1c1ent¢n. the coefficient
of friction between the individual part-
icles, Experimental data is shown in this
figure which apuears in general to support
this relationship.

I would like to discuss in particular
the measurement of the material coefficient
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Pig. 1 shows the results of tests Table 1 shows the range

. of value
cdrried out by my colleague Mr. A. E. ftodiin | ¢L

for the tests given there, extending from

Skinner and described in Geotechnigue in very low values for the glass ballotini
March 1969. It shows the theoretical tested dry to very high values for the
relationship obtained by Horne and three glass ballotini tested wet, and relatively
earlier theoretical relationships for plae high values for steel balls. These are all
strain and for triaxial corpression obtain- spherical particles to a close degree of

ed by more approximate methods. All of approximation.

these methods ignore rolling of particles.
This is an assumption common to Caquot's
solution, to Horne's and to my own. In the
lower part of the figure are the experi-
mental pointe from tests on a series of

spherical particles of widely ranging S ——
coefficients of friction, the lowest being

dry ballotini over on the left side, the 2 =y

highest, flooded ballotini under low stre- 3 D G — g
sses, on the right side. You will see that - i

there is no significant difference in the
values of the parameteerv the mass angle
of friction, 1inspite of this wide vari-
aticn in¢, .

e

¢
s el w d -
A
1 |
e — =
i S
Key \ =
I mm dia. glass ballo r) - ' "X \
1 glass bal oded) e N ‘
1m dia. glass ballo ) [ '
3 mm dia. glass ball ooded) 3 |
11n. dia. steel ball bearing(dry) ‘,'
3 mm dia. lead sh '
(4] —
B N P ALy S lJ'
Theoretical and experimental relations between ¢, and 4;, R o e A N e e
Fig.1. - o~ of lcading platen plottad againat horisontal dia-

piacemant ior ahear box tasts on 1 num dia. glass hallotini, all at the aame initial porosity of
I would like te examine briefly the - O |
way in whichQ. has been measured. In tests Fig.2.
quoted by Horne, (see Horne, 1969 and Rowe

1969), it was backfigured using the stress-

dilatancy relationship (Rowe 1962 and Fig. 2 shows three of the shear tests
Horne 1965) from drained tests on some using a shear box (which approximates to
samples of the granular material in which plane strain) for dry ballotini (Fig. 2a),
dilatancy occurred. In three cases these flooded ballotini (PFig. 2b), which you will
results have been correlated with tests see has a very irregular stress-strain
described by Rowe in which a half shear curve at and past the peak; and in Fig. 2?c
box of granular material has been slid on for ballotini which were tested dry in the
a prepared plate of similar material. 1In first half of the test, and then flooded
neither case, therefore, do we have a halfway through the test, when this irreg-
direct measurenent of interparticle frictbon. ular pattern emerges indicating a different
mechanism of failure. You will notice that
My colleague Mr. Skinner has been the peak strengths are almost the same in
measuring directly the coefficient (since all three cases, each sample being under the
the particles are in all cases large same normal load. Fig. 3 shows the results
enough) of one particle sliding over two, of the strength tests for wet and dry
set up in a very small shear device using ballotini plotted against initial porosity,
electrical measurement technigques. and again there is no significant differeme
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in spite of the wide difference in Qu ,
between the shear strengths as measured in
the shear box test. In Fig. 4b these
results, together with those of the tests
on steel balls and lead shot, are plotted
as the angle of friction against the rate
of dilatancy, and although there is some
scatter you will see that they can be well
rerresented by a common line. 1In Fig. 4a
the results are plotted on the basis of
initial porosity.

e
»

" ) )
vorcmry %

$mas Plotted againat par cant initial poresity for dry and flooded shear hox tasts on 1 zazm
. glass ballotini using a normal stress of 3-58 lhjaq. in.

Fig.3.
-
Ay )
v i e T, :,:::nﬂ:::;
O 1 am &n gham Ml (dry) M 3 mm i b st {dry)
i " w a- o)
- .
N l~°..- «l. :..oo .
. I - apn®
..
? ° % g .,"’o
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% é
= T O T W W n 1
T POROETY 'ﬁ A b
—r A
A
$umes Plotted against per ceat Luual porosity jor shear box tesia an 1 and 3 masn dis.
glama hallo and flooded, 1 in. dia. steel ball bearings and 3 soxn dia. Mad shot

(B)  én.. plotted against AhL/hAL for the same sarias of
Fig.4.

We have more recently examined the
same phenomena with angular particles of
two rockfills. Here one can more readily
handle representative particles and you do
not need a watchmaeker's technique in per-
forming the interparticle friction tests.
A large particle can be set up in the con-
ventional shear box and slid over another
particle. We have tested two rockfills
and also chert, which is a gravel sized
material of a tuberous shape, Fig. 5. The
chert particles, although smooth insarface
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texture,

tend to interlock during shear.

In Fig. 6 the results of tests carried out
by Tombs (1969) are super-imposed on Fig.

1, the spherical parti
lower group at around§

cv of 25

es forming the
y and the

rockfill perticles forming angther group

at a value of §

e
L 1Y
l: :
»t w|
e

SLNAvED
MuDBTONE

cv of about 40"

PTG A

or 80.

Gariw auasss oF T maTERALS TESTSD
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These experimental results would
appear to me to suggest that Horne's.theory
is oversimplified and that shape factor
plays a very important part in ti-is relat-
ionship, and cannot bte ignored as is
implied by the graph shown by Professor
Scott. It may be noted that in Scott's Fig.
1.3.1. the materials range from angular
crushed glass particles in the top right
hand corner to spherical particles at lower

cy values. Both graphs suggest that the
shape factor may play a much larger part
than 1s allowed for in.the simple theory.
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The test result in Pig. 7 sugzests one
possible explanation,of the relatively good
correlaticn between § cv and §u in the tests
quoted by Horme in contrast to the very
different results obtained by Skinner and
Tombs. The results are from a shear test
in which a half shear box of glass ballotini
is 8l11d across a glass plate in a manner
similar to that used by Rowe (1962, 1969)
in testing several of the materials referred
to by Professor Horne. Partway through the
test the sample was flooded and you can

see that in this case the sliding force
increased and stress plot became irregular.
However, the sliding force increased only
by a factor of approximately 2. Now if

you take single particles and slide them
under careful control in these circumstan-
ces the value of §u increases by approx-
imately 5 times (Table 1).

It was suggested by Skianer (1969)
that it was the occurrence of rolling
wnich was the principal factor in
expiaining the small difference in shear
force and in the irregular dilatancy
curve in tests performed in this manner.
Fig. 7 shows that there was almost no
dilatancy with the dry particles compared
with the flooded particles in this type
of shear box test. I gather that Prof.
Rowe considers this particular test to be
controversial, but it is in any case
auxilliary to the main discussion. I
would direct your attention principally
to the earlier slides that I have shown in
which you will see that directly measured
values of show no significant correlat-
ion with @lcv; but a significant correlatinm
with shape factor is clearly indicated.

I feel therefore that this particular
fleld is far more open than has been
suggested both in Professor Scott's report
and in a good deal of currently published
literature.
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Table 1
Material Test condition | Contact load, gm | Coefficient of friction

57 0-63-0-08
dry 15 0-05-0-07
231 0:07-0-09
1 mm dia 520 0-06-0-08

Tl hallotini
57 0-50-0-58
115 0-64-0-72
focded 23.1 076-0-78
520 0-78-0-80
5.7 0-03-008
115 0-03-0-07
dry 231 003007
520 0-07-012
3 mm dia 1097 0-07-0-08

i baloti e |

” 0-79-0-89
115 0-83-0-93
fooded 23.1 0-87-0-89
520 0-85-0-88
1097 0:80-0-82
57 0-29-0-48
] 115 0-46-0-62
#/injdiatistee] dry 231 0-52-0-68
balla 52.0 0-63-0-66
1087 0-60-0-62
57 0-07-0-08
. 118 006-0.08
) mpidalead dry 23.1 0-08-0-08
52:0 0:10-0-11
1097 0-10-0-12
100 002-0-07
200 0-02-0-08
3 mm dia. glass dry 40-0 0-08-0-11
ball sliding on 90-0 0-11-0-13
plate glass 1900 0-11-0-14
100 0-61-0-90
200 0-85-0-88
flooded w00 0-85-0-88
200 0-890-81
1900 0-80-0-80
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Chairman J.G. ZEITLEN

Thank you very much, Professor Bishop. We
greatly appreciate your comments, and also
appreciate the conciseness of the remarks.
Mr. Mariotti, please?

M. MARIOTTI {Maroc)

Je voudrais appuyer l'impulsion que vient de
donner Monsieur Kenney pour une étroite coo-
pération entre les producteurs de méthodes
théoriques et les ingénieurs praticiens, et
je donnerai de ce point de vue un exemple de
probleme pour lequel les donnés de la théorie
élastique souldvent des doutes dans son appli
cation lorsque l'ingénieur n'examine pas avec
attention toutes les données qui lui sont four
nies pour contrdler qu'il n'y a pes incompati
bilité entre ces donnés et les propriétés des
matériaux qu'il utilise.

Ma remarque est faite 4 propos de l'applica-
tion des théories élastiques des multicouches
au cas de chaussées souples et assises de
voies ferrées, application qui a fait l'objet
de nombreuses publications dont une dens le
cadre de cette session:

Je voudrais signaler en effect que l'ingénieur
routier se trouve bien embarrassé lorsqu'il
compare les données de la théorie élastique
aux possibilités mécaniques des matériaux de
la couche inférieure des chaussées souples:

Dans les chaussées souples classiques et 3
fortiori, dans les assises de voie ferrée,

les matériaux de la couche inférieure sont

des matériaux graveleux qui peuvent &tre beau
coup plus rigides que le sol de fondation mais
qui sont évidemment dépourvus de résistance &
la traction. Or, il appara®t dans les données
fournies par la théorie élastique que le plus
souvent cette couche est le siege de contrain-
tes de iraction qui ne sont pas du tout négli-
geables et qui sont donc ‘incompatibles avec

le comportement réel du matériel.

Les résultats théoriques ne peuvent donc pré-
tendre & traduire fiddlement la distribution
réelle des contraintes et des déformations de
la chaussée souple. D'ailleurs on peut se de-
mander avec raison si la vie limitée d'une
chaussée souple, la fatigue assez mystérieuse
qu'elle subit inexorablement, n'est pas attri
buable simplement a 1l'adaptation élasto-plas—
tique de la chaussée 4 un état de contraintes
que certaines de ses parties ne peuvent admet
tre; certes, il en résulte une autre redistri
bution des contraintes qui doit sans doute con
duire un accroissement des efforts de ci-
saillement a l'interface chaussée-sol. Jusqu'
ici 1'ingémeur routier n'est pas averti de
cette distribution et peut-&tre choisira-t-il
pour le dimensionnement et la composition de
sa chaussée un critére qui n'est_peut-8tre pas
le bon. Nous pensons donc que 14 se trouve un

important exemple & examiner, pour lequel 1'a
nalyse théorique est allé trop vite et n'a pas
encore tenu compte des limites du comportement
élastique des matériaux utilisés; il serait
souhaitable que s'établisse un dialogue plus
étroit entre le théoricien et l'ingénieur pra
ticien pour aboutir a une distribution plus
réaliste des contraintes et déformations dans
les chaussées souples et, du point de vue ex-
périmental, pour avoir une connaissance plus
profonde des propriétés des matériaux de chaus
sée pour connattre la forme des ruptures pro-
gressives des chaussées souples sous charges
répétées.

Peut-8tre ainsi serait-on amené a changer le
choix des critéres fondamentaux de dimension-
nement des chaussées et peut-8tre serait-on
amené a envisager un choix de matériaux et
une composition de la chaussée mieux adaptés
aux contraintes réelles.

Chairmen J.G. ZEITLEN

Thenk you very much, I would like to ask
Professor Schiffman from the University of
Illinois to give us his remarks.

R. L. SCHIFFMAN (U.S. A}

Professor Gibsons remarks are, as usual, most
cogent and enlightening. His generosity to Dr. Pu
and myself, while appreciated, is not an accurate
statement of our contributions to the problem dis-
cussed. Our contribution was meaningful only in
the sense that we performed a small amount of
"technology" to implement Gibsons "science”.

The "tactics" of problem solvirg, that Profes-
sor Gibson discussed, should be thoroughly considered
prior to taking the field. Unfortunately there are
no universal rules which can be applied as the
tactics vary with geographical location, time and
prejudice.

Basically the tactics used in problem solving
involve first the point at which a numerical scheme
is to be adopted; secondly the type of numerical
method which one adopts; and thirdly the manner of
computation. It is emphasized that all problems
must ultimately provide numerical results. Thus
to paraphrase G. B. Shaw we are only 'haggling
over the price'. The principal has already been
established.

The point within a problem solving process
at which we develop a numerical process depends on
a variety of parameters. Certainly, availability
and access to a computer of sufficient size and
speed is a major consideration. However, within
a given technological state the tactical deciséons
are all too often guided by prejudice. We may
choose to carry the analysis beyond a reasonable
termination in the hope that it will avoid using
the computer. On the other hand, we may pre-
maturely jump to the comouter in order to avoid
the noxious necessity of thinking -deeply about
the problem. Obviously, both extremities are to
be avoided. In general, a proper tactic is one
which carries the analytical portions of a problem
to a point where the numerical computations are
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most efficiently performed. That is, they are
performed in the least time for a given total
effort. In earlier days the comparison between
machine and hand computation was so great that
we considered any machine computation as a major
breakthrough for that problem. Now that machine
computations are common place it is no longer
sufficient to be using the machine. It must be
used properly.

The proper balance between numerical and
analytical portions of a problem can vary over the
full range of consideration. Clearly, the problem
of stress distribution in a semi-infinite solid
is one in which as much analysis as possible should
be done prior to performing numerical computations.
Just as clearly the one-dimensional consolidation
of multi-layered clay deposits (Davis and Lee, 1969;
Schi ffman and Stein, 1969) is one which must be
solved by a wholly numerical scheme. In the middle
ground are a series of problems typified by Profes-
sor Gibson's examples where a practical choice exists
concerning the problem solving tactics. The un-
fortunate fact of 1ife is that our knowledge of
numerical techniques for solving three-dimensional
consolidation problems is limited. The methods
are crude and inefficient. The results are in-
accurate and use a substantial amount of time
even on the largest and fastest computer available.
This would imply, as intended, that for these
problems the proper approach, at this time, is to
carry the analysis as far as possible before en-
tering the computational phase. When dealing
with the semi-infinite solid (Gibson and McNamee,
1963) or the single layer (Gibson, Schiffman and
Pu, 1968) it is clear that the balance is on the
side of analysis. On the other hand, when deal-
ing with many layers or non-regular boundaries
the algebra reaches such proportions of intracta-
bility that practicality dictates a wholly num-
erical solution, even though the method may be
poor.

This brinas up the second point in the tactics
of oroblem solving; namely the choice of technique.
The two principles which should be followed in
developing a tactic; assuming a choice exists,
are computational efficiency and accuracy. The one-
dimensional multi-layer consolidation problem is a
good case in point. This problem is treated by a
wholly numerical technique (Abbott, 1960; Jordan
and Schiffman, 1967; Davis and Lee, 1969; Schiffman
and Stein, 1969) by a variety of finite difference
procedures. The more recent studies have considered
explicit (Jordan and Schiffman, 1967; Davis and Lee,
1969) and implicit methods of the Crank-Nicholson
(1947) type (Schiffman and Stein, 1969). A com-
parison over a wide range of problems points to
the comparative disadvantages of the explicit
scheme when compared to the Crank-Nicholson approach.
The later method is faster by several orders of
magnitude and generally permits a greater accuracy.
Clearly, the proper tactic in this case in favor
of the Crank-Nicholson scheme.

The apparent algebraic simplicity of numerical
procedures is often deceptive and can lead to the
accumulation of numerical errors and subsequent
substantial losses in accuracy. In general, the
least accurate part of a total problem is the
strongest influence on the overall accuracy of the
problem. The numerical analysis of layered one-
dimensional consolidation by finite differences

requires numerical approximations of the governing
equation, the boundary conditions, the initial
conditions and the conditions at the layer inter-
face. In general, the error of approximation of

the governing equation, the boundary conditions

and the initial conditions is of the order of the
square of the spatial mesh size (Az). The choice
of a finite difference approximation for the inter-
face conditions should be of the same order of
error as the other approximations. If a first
order forward or backward difference approximation
is used at the layer interface (Davis and Lee, 1969)
that segment of the solution has an error whose
order is to the first power of (Az). As shown in
Figure 1 (Christian, 1969) this disoarity of error is
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anplicable at early times in the vicinity of the
layer interface. However, with progressing time
the larger interface error propagates throughout
the medium until it overshadows the better accuracy
of the other entities of the problem. Conversely
if central differences are used for approximating
the interface conditions (Jordan and Schiffman,
1967; Schiffman and Stein, 1969) a uniform order of
error of (Az)? is maintained. As seen in Figure 1
this maintains the level of accuracy throughout the
consolidation process and throughout the medium.

Once a proper numerical scheme is adopted the
problem solving tactician must look to the manner
in which the computations are to be performed. One
very important consideration is the precision of
the computing machine. The fact that a comouter
printout may show five significant figures is often
deceptive. A computational scheme may require
substantially more significant figures to approximate
the answer to a given problem to a lower order of
precision. As an example, consider the one-dimen-
sional consolidation of the multi-layered deposit
shown in Table 1. This is an overconsolidated
glacial till deposit which is free draining at the
top and bottom boundaries. The clay is interspersed
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TABLE 1
SOIL PROFILE - 6 LAYER SYSTEM

Deoth(ft) Layer No. H(ft)
0
1 2.5
2.5
2 9.5
12
3 1.0
13
4 15.0
28
5 1.0
29
6 24.5
53.5

with two thin layers (3 and 5) of sand, which are
confined within the loaded area and do not drain
laterally. Thus, they do not form drainage surfaces.

The computations for this example were performed
on two different computing machines using the same
computer program (Schiffman and Stein, 1969). The
results are shown in Figure 2. In one case the
computer had a basic number (word) size of 32
binary bits (approximately 6 significant figures).

In the other case the computer number size was
60 binary bits (approximately 14 significant figures)

It is intuitively obvious that the more correct

¢, (Ft/day) m, (Ft2/kio) K(Ft/day)
.0411 3.07 x 1073 7.89 x 1075
1918 1.95 x 1073 2.34 x 10°7°

1.0 x 10 1.0 x 107" 6.24 x 10°!
.0548 9.74 x 107 3.33 x 1076

1.0 x 10’ 1.0 x107° 6.24 x 107
0686 1.95 x 1073 8.35 x 1076

result is the one carrying the largest number of
siagnificant figures. This is borne out by the
isochrones shown in Figure 3. This plot is at an
early time where the initial excess pore pressure
within the sand layers has not started to dissipate.
The smaller number size has permitted a significant
rounding error. This, coupled with the substantial
ratio of soil properties and layer thicknesses has
created a fictitious appearance of excess pore
pressure dissipation.

Thus, it is important in any calculation that
the comouter used have a number size which is
adequate to the problem beinn solved.

.. e

6 LAYER SYSTEM
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\ - 60 Bit number

number
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Figure 2
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Excess Pare Pressure, u/u0

Figure 3
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Chairman J.G. ZEITLEN

Thank you very much, Professor Schiffman.

Professor Tsytovich of Moscow, chairman of
the National Association of Soil Mechanics
of the U.5.S.R. will be giving us a short

discussion.

N. A. TSYTOVICH (U.S.S. R}

Observations of the settlement of structures
erected on weak saturated clayey soils show
that in most cases the amount of observed
settlement differs from the calculated value
determined on the basis of the theory of e-
lasticity. In order to establish the actual
behavior of foundations erected on silts
(weak clays with organic inclusions), inves-
tigations were conducted in 1965-196é to de-
termine the stress at the surface of contact
between the foundation and soil, and the va-
riation of the vertical and horizontal pres-
sures along the depth of the soil under the
plate.

Since it is extremely difficult to insert a
measuring instrument into the soil without

impairing its natural structure, we selected
lake Siwash for the site of the experiments.

The water in this shallow lake is from 0.5

to 1.0 m deep. To a depth of 5 to 8 m, the
lake bottom is made up of homogeneous silts
with a very high salt content (up to 20 per
cent). The modulus of deformatign of these
silts ranges from 12 to 28 kg/cm¢ , the angle
of ineternal friction is 4° to 6°, and the co
hesion is 0.1 to 0.25 kg/cm2.

After being violated, the structural proper-
ties of the soil are restored by 90 to 100
per cent after 5 to 7 days as a result of
crystallization of the salt between the clay
particles. Therefore, after inserting the
gauges for stress measurements, the structu-
ral bonds around the gauges were completely
restored after 5 to 7 days.

Pressure geuges with a hydraulic transducer,
similar to those designed by D. S. Baranov,
were made to measure the stress at the con-
tact surface and in the depth under the load
ing plate.

To raise the accuracy of measurement, the
thickness of the working membrane on which
the strain gauges are glued was reduced to
0.2 mm, and the input membrane was pre-
stressed upon filling the gauge with & li-
quid. The gauges were carefully waterproof-
ed to enable them to operate for a prolonged
period of time in saturated salinated silts.

After being in operation for four (4) months,

189



SEANCE PLENIERE 1

the gauges were taken out and it was found
that their calibration curves exactly coin-
cided with calibrating curves of the gauges
plotted before the experiments.

The gauges had a sensitivity of 10 gr/cmz.

A semiconductor strain meter (type THE -10M)
was employed as the recording instrument. A
nalytical calculations of the gauge errors,
carried out according to the formulae of D.
S. Baranov, and Pitti and Sporrow (2) showed
that the errors of the gauges when inserted
into the silt were within 12 per cent and,
upon variation of the contact stresses, with
in 2 per cent.

Research was conducted on a site that was se
parated from leke Siwash by an earth dam. To
install the loading plates having an area of
10,000 sq.cm., pite 0.8 m deep were dug. At
the bottom of the pits, three holes, 80 mm
in diemeter and 1.8 m deep, were bored.

The holes were bored with a special soil sam
pler and the removed undisturbed samples o
8ilt were retained and arranged in a defini-
te sequence. Then the gauges were lowered
into the holes by means of a special device
which enabled the horizontal position of the
gauge to be controlled. After this the holes
were refilled by the removed samples to a
depth of 0.5 m, tamping lightly with a spe-
cial rammer.

In all, 15 gauges were installed at depths
of 0.2, 0.7, 1.2 and 1.7 m under the center
of the loading plate and its edges.

In addition, three gauges were installed un-
der the edges and centre of the plate for
measuring horizontal pressures inside the
silts at a depth of 0.8 m.

Ten days after installing the gauges (time
required for restoring the soil structure),
a loeding plate with an area of 10,000 sq.cm
was set on the carefully levelled surface at
the bottom of the pit.

Fourteen gauges were installed flush with
the underside of the plate at various distan
ces from its centre. This enabled the pres-
sure to be measured under the centre and ed-
ges to determine the contact pressures in

the metal plate. The gauges were installed
in pairs (two each at the same distance from
the centre) to exclude any zhance errors in
measurement.

Load was applied tg the plate in steps from
0.05 to 0.10 kg/cm by means of a hydraulic
jack which bore against a reinforced concre-
te loading beam weighing 22 tons.

The plate was loaded until the pressure reach
ed 0.9 - 1,0 kg/cm2., At this, the settlement
of the plate reached 9 to 11 cm.

After applying each step of pressure and af-
ter the settlement was stabilized, the pres-
sure of the gauges was measured each hour to
determine the variation in stress with time.

190

The investigations established that the dia-
gram of contact pressures is of parabolic
shape, convex side upward. The minimum va-
lue of the contact stress under the centre
of the plate, at pressures on the plate rang
ing from 0.2 to 0.6 kg/cm¢, equalled from
0.5 to 0.55 of the average pressure under
the plate. The maximum value of the contact
pressure under the edges of the plate equal-
led 2.7 to 2.9 times the average pressure on
the plate in the same range of pressures.
Upon a further 1ncrease in the pressure up
to 0.8 and 1.0 kg/cm? under the plate, the
curvature of the parabolic diagram was reduc
ed, i.e., the pressure was increased under
the centre of the plate and was somewhat re-
duced under the edgecs (see Fig. 1).
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This phenomenon can apparently be explained
by the fact that at pressures of 0.5 to 0.6
kg/cmé, the formation of a "rigid" wedge (3)
was complsd¢ed. This changes the nature of
the contact strecsses.

A study of the distribution of stress o,
long the depth of the base under the p.ate,
1ndlcates that at pressures of 0.1 to 0.15
kg/cm under the plate, at which practically
no settlement occurred, the gauges register-
ed pressures that were approximately the sa-
me along the depth (up to a depth of 1.8 m)
and equal to the average pressure under the
plate. With an increase in the load on the
plate, the distribution of vertical stresses
under the centre and edges of the plate, to
a depth equal to one diameter of the plate,
conforms sufficiently well with the charec-
ter of stress distribution obtained from cal
culations according to the theory of linear-
ly deformed bodies (the deviation was 10 to
12 per cent).

o-
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Beginning with a depth equal to one diameter
of the plate, the measured vertical stresses
are 30 to 40 per cent higher than the values
obtained by the theory of linearly deformed
bodies. This is witness to the fact that
stresses in silts spread to a greater depth
than in elastic media, and the "bulb" of e-
qual verticel stresses is stretched out in
the direction in which these stresses act.

S Yow®
0 ¢/ 82 23 &y &5 88 87 48 89
[ | T
a2
23
3
~
o
-I
Q.
ar
28
2 -
13 /
7
/LIL'
£a

Fig. 2

Fig. 2 shows the results of vertical stress
distribution along the depth under the cen-
tre of the plate. The curves indicate the
average pressure on the plate. Fig. 3 shows
the results of vertical stress distribution
under the edges of the plate according to
the date of experiments No. 4 and No. 5 (the
results of investigations in experiments Nos.
1, 2, and 3, were of a similar nature).

Evidently, the depth of the active zone which
determines the settlement of the plate is
greater for weak saturated soils than is ac-
cepted for other kinds of soils.

Data of the experiments show that the method
of calculating the settlement for weak satur
ated clayey soils, proposed by N.A. Tsytovich
(4) and M. Yu. Abelev (5), corresponds well
with the actual stress distribution under pla
tes on weak clayey soil.

An investigation of the variation of the ho-
rizontal pressures with depth indicates that
the coefficient of lateral pressure, equal to
the ratio of the horizontal pressure incre-
ment to the vertical pressure increment, is
not constant for silts, and depends essential

ly on their stressed state.

Thus, at pressures of 0.3 kg/cm2 on the plate,
the coefficient of lateral pressure wag equal
to 0.6, and at a pressure of 0.9 kg/cm€ it was
equal to 0.95,
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Chairman J. G, ZEITLEN

Thank you very much, Professor Tsytovich.
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We will now hear Dr. Lo of Canada, Laval
University.

K. L. LO (Canads)

The discussion refere to the second subject
proposed for discussion: statistical approa-
ches; granular models. Ip their State of
the Art Report on Stress Deformatiom and
Strength Characteristics, the General Repor-
ters have noted that exieting theories for
shear behavior of reel granular materials do
not take into account particle breakage. In
several engineering problems it is of major
interest to lmow the amount of crushing and
the predominant factors that control parti-
cle breakage. To obtain a solution for the-
se problems it is therefore necessary to ob-
tain (a) a complete guantitative description
of the size distribution o e granular mass
before and after action by an imposed system
of stresses, and (b) the component of the to
tal energy input which is absorbed in crush-
ing. Because we are directly intetested in
the ability of tne particles to withstand
the contact stresses, it is necessary to use
particle statistice and mechanics rather
than continum mechanics in these problems,
at least as a starting point.

Fig. 1 showe the change in particle size dis
tribution of a quartz sand subjected to drain
ed triaxial tests with "free ends"” under var
ious confining pressures up to 1600 1lb/sq.in.
(M2.6kg/sq.cm). Although the diagram gives

a qualitative description of particle ‘degra-
dation, it is clear that such a plot is not
amenable to mathematical treatment.

Grain size of many granular materials general
ly follows a logarithmic normal distribution.
In other words, the frequency of occurrence
of particles having a certain diameter is
given by the normal distribution with a loga
rithm variate. The grain size curves present
ed in Pig. 1 may theresfore be normalized in a
socalled log probability plot as shown in
Pig. 2.

Fig. 2

In this plot, the ordinate is the value of
the probability integral and the abscissa is
the diameter. Each grain size distribution
curve is now rigidly defined by the geometric
mean diameter and the standard deviation (Hat
ch and Choate, 1929). From these quantities”
any "eize properties™ such as diameter, sur-
face area and volume of the particles may be
calculated. %

Without going into mathematical details, the
physical model for the computation of crush-
ing energy may be described briefly as fol-
lows, in a somewhat oversimplified way. A
sample of granular material initially posses-
ses a certain total surface area of component
particles. As crushing occurs, additional
new surfaces are formed. This process invol-
ves the separation of atomic bonds and there-
fore energy is consumed. Therefore a rela-
tionship exists between the change in surface
area and the crushing energy absorted. The
crushing energy to produce a unit change in
surface area is a characteristic of the mate
rial of the particle and may be termed the
"characteristic energy". This characteris-
tic energy may be determined by the energy
required for the crushing of a single spheri-
cal particle. It may be noted that this con-
cept is similar to the classical Griffith
theory of fracture. However, the characteris
tic energy is not the same as the surface e-
nergy postulated by Griffith, since the Grif-
fith theory deals with initiation of crack
propagation while wé are concerned with com-
plete failure of the particle. The two quan-
tities may, however, be related.

The stress-dilatancy theory proposed by Rowe
(1962) and elucideted by Horne (1965) may al-
50 be extended to include crushing energy,
providing an alternative but independent
means of estimating the crushing energy.
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TABLE 1.
OF A QUARTZ SAND

The crushing energy of a quartz sand calculat
ed by these two methods are compared in Table
1. It will be seen that the agreement is
reasonable, in view of the simplifying assump
tions made. It is also interesting to note
that when sheared at a cell pressure of 1600
1b/sq.in., the specific surface area increas-
es by about four (4) times the initial value

and the geometric mean diameter decreases to *

approximately one-third (1/3) of its original
value.

The relationship between the geometric mean
diameter and crushing energy is illustrated
in Fig. 3 for three "sands" of (a) aluminum
oxide, (b) quartz, and (c) limestone. It
will be seen that the geometric mean diame-
ter decreases with increase in crushing ener-
€y input. The amount of crushing increases
with the decrease in hardness of the material
from aluminum oxide to limestone sand, as ex-
pected. It is also interesting to note that
significant crushing occurs at relatively

low pressures for limestone.

Pig. 3.-

The approach described and the results pre-
sented should be of interest in the formula-
tion of a general stress deformation theory
of granuler materials including particle de-
gradation, in the separation of strength in-
to its physical compunents for analysis of
test results and to several practical pro-
blems where particle breakage is an importent
consideration.

COMPARISON OF CRUSHING ENERGY COMPUTED BY TWO METHODS
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Chairman . G. 2ZEITLEN

Thank you very much Dr. Lo. I have been
searching for Professor Roscoe... Here is
Professor Roscoe of Cambridge Univereity in
England. He intends to discuse measurement
of stress-strain behavior under generalized
Three-dimensional stress and strain.

K. H, ROSCOE (England)

I was interested that Prof. Scott thought
that the computer might help to bridge the
gap between the practicing engineer and the
research worker. Personally, I am frightened
of the misuse that may be made of a computer
and of the power that it gives to theoretical
experts who invent parameters to describe
s0il properties which they never attempt to
measure and which usually have no real physi-
cal significance. The output from a computer
is worth nothing more than the parameters
that are fed into it. Our capacity to com-
pute has far outstripped our understanding

of the stress-strain behaviour of soils and
until we develop this understanding we can
not feed the right parameters into the com-
puter. I attribute much of the dealy in ob-
taining a knowledge of the generalized stress
strain behaviour of soils to the incredible
concentration there has been throughout the
years on the so-called "triaxial" test. The
conditions of this test are really axi-symme
tric and are only relevant to field condi-
tione in very rare cases. It is the duty of
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all research workers, who have a genuine
interest in the correct prediction of the
behaviour of real soils, to study the cha-
racteristics of such soils under as wide a
variety of stress and strain conditions as
posible. Many types of test equipment, in-
cluding for example the axi-symmetric "tri-
axial" apparatus, suffer from the limitation
thatthey compel the principal axes of stress
and of strain to coincide at all times with-
in the soil specimen. Even in the new truly
triaxial test machines this is usually the
case and the data obtained from them will
not necessarily be of general application

in field problems. Consider for example an
element of soil in the neighborhood of a
footing. As the load on the footing is in-
creased the axes of stress and of strain
within the element will rotate., It is essen
tial that we should augment the knowledge 0%
tained from truly triaxial test equipment
with that obtained in types of apparatus in
which the principal axes of stress and of
strain rotate. I kmow of only two types of
test suitable for this purpose. The first

is to apply torsion to a hollow thin cylin-
der of soil which is subjected to internal
and external radial pressures (see for ex-
ample Seada 1968); this type of test is
capable of producing a truly triaxial system
of stress with the intermediate principal
stress always in the radial direction, but
is complicated to carry out and samples are
difficult to prepare. The second type of
test can be carried out in the simple shear
apparatus, and in all the Cambridge models
of this apparatus later than the Mk. 4 the
directions of the principel axes of stress,
stress rate, strain and strain rate can be
determined independently at any stage of a
test (see Roscoe, Basset and Cole, 1967).
The Mark 7 model, designed by M.A. Stroud,
with associated X-ray and data logging equip
ment is shown in Fig. 1. In the simple

1.

The Mk. 7 simple shear apparatus
with X-ray and data logging equip-
ment.

Fig.

shear apparatus the samples are relatively
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easy to prepare but the conditions of test
are restricted to those of plane strain. Con
trary to the remarke of Professor Scott in
his State-of-the-Art Report the simple shear
apparatus can be used to impose any desired
stress path within the reetriction that the
intermediate principal strain is zero (see
Poorooshash and Roescoe 1961). May I also make
three brief comments on the paper to this
session by Duncan and Dunlop (1969). Firstly
their comparison of simple and pure shear is
erroneous; the main distinction is that ejim-
ple shear imposes body rotation. Secondly
the shear imposed by one dimensional consol-
idation while preparing a specimen in the
simple shear apparatus has always been incor
porated in any work at Cambridge when compar
ing data from this type of test directly
with that from other tests such as the axi-
symmetric test (see for example section 13.3
(i) of Roscoe and Burland, 1968). Thirdly
the onset of progressive fallure has been
experimentally observed by X-and -ray
methods (see Roscoe, 1967). This I would
suggest, is more realiable than their com-
puterised finite element analysis which is
of no greater value than the soil moduli and
the assumed boundary conditions that have
been fed into it.

The main restriction that is evident in the
typee of true triaxial apparatus that have
been developed so far has been the extremely
limited strains that can be imposed. Fig.2

MOVEMENT OF A
RELATWE TO B

MOVEMENT
oF
RELATIWVE
™ C
-
~

J

Platen movement in large strain
true triaxial,
1969)

(After Hambly
shows the principle of a new true triaxial
apparatus that has been made at Cambridge of
a design by J.A. Pearce according to sugges-
tions made by E.C. Hambly. The sample is a
rectangular prism, each face of which is in
contact with a platen (such as A) which is
connected to, and can slide, as shown, rela—
tive to two neighboring platens (B & C).
side of the sample can be made to change 1ts
length from 13 cm to 7 cm independently of
the other two sides under either strain con-
trolled or stress controlled conditions.
Each platen is covered with nine square
faced load cells capable of measuring the

Fig. 2.
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magnitude and position of the normal force

and the magnitude and direction of the result

ant shear forces on their active faces. The
sample container is shown in the centre of
its loading frame in Fig. 3.

The true triaxial
apparatus, in its
loading frame.

In conclusion, I would like to emphasise
that the X-ray and lead shot techniques and
the load cells we have developed at Cambridge
provide a new method studying stress and
strain behaviour not only in shear test ap-
paratus but also in the mixed boundary value
problems provided by soil model tests. If
the model data is to represent to scale the
behaviour in the field of the prototype, and
if the self-weight of the soil is a signifi-
cant parameter, the only satisfactory way of
achieving this is by centrifugal model test-
ing (see Roscoe 1968). Fig. 4 shows the 3% m.

Fig. 4. 3% m. radius centrifuge for testing
scaled soil models.
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radius centrifuge used by L.J. Endicott in
his study of model slopes and Fig. 5 is a
picture of a section of the failure plan in
one of these slopes taken by N.K. Tovey and
A. Balodis in the scanning electron micros-
cope built at Cambridge.

E@x_

POSITION OF
MICRXGRAPHS

4 5;3¢»(“\\\\‘

1
Sem
i

Lo
2 - =

AZFORE FAILURE

AFTER FAILURE

Fig. 5. Portion of failure plane in model
slope in centrifuge. Scanning
electron microgaph (mag. x 10,000).
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Chairman J.G. ZEITLEN

Thank you very much, Professor. We have a
few minutes for Dr. Burland.

J. B.BURLAND (England)

I was interested in the question concerning
the relevance in practice of representing
soil behaviour by means of non-linear stress-—
strain relationships. It seems to me that

in many instances a more fundamental ques-
tion is whether any form of elastic or 'de-
formation' model, however complex, is ade-
quate, or whether a totally different model
might not be more realistic and possibly

much simpler.

Consider, for example, the fundamental dif-
ference between elastic behaviour and, say,
work hardening plastic behaviour. For an
elastic material under a given initial state
of stress the ratio of the components of the
strain increments due to a small change in
stress. is a function only of thesstress-
increment. 1If, however, the material is
yielding plastically the ratio of the plas-
tic components of the strain increment is
primarily a function of the initial stresses
(and stress history). OFten the stress-
increment only enters the picture in deter-
mining the magnitude of the strain-incre-
ment.

The differences in mode of behaviour just
mentioned are profound. Indeed for condi-
tions in which significant rotations of the
stress-increment axes occur, as is the case
for many soil problems where the initial
stresses are due to self-weight, even the
most sophisticated elastic or deformation
law may prove inadequate if the material is
in a state of yield (i.e. if significant
grain slip occurs in the case of a soil).
In these circumstances incremental stress-
strain relations based on the concepts of
plasticity offer realism and simplicity.
The use of even the simplest types of stress-
strain relation which take account of yield
and flow can provide very useful insight
into the behaviour of soil under certain
conditions (see for example Schofield and
Wroth (1968), Poorooshasb et al (1967),
Roscoe and Burland (1968) and Burland
(1969).

In conclusion I would like to emphasise how
important it is to gain a physical under-
standing of the soil behaviour before em-
barking upon a very refined analysis making
use of sophisticated constitutive relations
which may nevertheless fail to take account
of the fundamental mode of behaviour of the
material. The recent development of ex-
citing and powerful methods of analysis
should serve as a stimulus for investigating
further the fundamental stress-strain pro-
perties of soil.
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Chairman J. G. ZEITLEN
Thank you, Dr. Burland.
General Reporter R. F, SCOTT

May I make a comment?

Chairman J.G. ZEITLEN

Yes, please.
General Reporter A.F, SCOTT

Unless I misunderstand, you are saying that
non-linear elastic theory cannot account for
volume changes at constant hydrostatic stress
with shear, would you not? Second order non-
linear elasticity theory does account for
coupled shearing stresses and volume changes.
Second order theory is the next simplest
thing to straight forward linear theory. 1
do not know how simple you want to get.

Chairman J.G. ZEITLEN

I think Dr. Scott has to remember to get in
in his subcomment along with the written com
ment of Dr. Burland. Mr. Bhatia, please.

H. S. BHATIA (Ghana)

I want to confine my remarks to two types of
soils formed as a result of tropical weather
ing of rocks. One of such soils is a mica-
ceous soil which is found in meny tropical
countries over muscovite-biotite granite ty-
pe of rocks. The mica content in such soils
is very high, generally between 40 and 70 per
cent. The problem with such soils when they
are compacted is the resistance of mica par-
ticles to densification. When such soils

are compacted to high densities they show pe
culiar stress strain relations. The random
arrangement of mica particles in the compact
ed s0il mass depends on factors such as the
particle size of mica, moisture content, de-
gree of compaction and method of compaction,
i.e., static, dynamic, kneading, etc. The
arrangement of mica particles in the compact
ed material greatly affects the stress strain
characteristics in such soils. When samples
of these soils are subjected to even small
strains, mica particles tend to release
strain energy, thus undoing to some extent
the effect of compaction. The result is that
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although such soils are compacted to various
densities during shear, the mica particles
tend- to disturb the soil mass in order to at-
tain a stable condition of no stress. This
disturbance in the soil mass is reflected in
the pore water pressure-strain relations dur-
ing the test. With increasing strain the mi-
ca particles tend to orient along the shear
plane, thus reflecting the shear strength as
a result only of friction between the mica
particles. It is further noticed that al-
though the peak strength values in most of
the soils compacted to increasing densities
are quite different, yet at strains of about
23 - 24 per cent they register the same
stress. With further strain, they tend to
give only one curve for samples compacted to
different densities. This strength must not
be confused with Skempton's residual strength,
as strains beyond 23 - 24 per cent produce
further fall in stresses though the value of
such stresses is the same for samples compact
ed to different densities. This arrangement™
of mica particles depends on several factors
as pointed out earlier, and is responsible
for the disturbance induced in the structure
during shear. Now the question arises wheth-
er there is any simple method available with
us today by which we can determine the arran-
gement of mica particles in a compacted mass.

We lmow through experimental work that cer-
tain methods of compaction tend to produce mo
re stable arrangements of mica particles than
others. If therefore we could find a simple
method to determine in a compacted mass the
arrangement of mica particles, that might
make it very easy for us to adopt methods of
compaction which give relatively stable arran
gements of mica particles; arrangements that™
do not cause much disturbance and release of
energy during shear. Such methods of compac-
tion will help in making use of higher densi-
ties for achieving better strengths.

The second group of soils that I want to re-
fer to is that of lateritic soils, which are
formed in the tropics, on all types of rocks.
Such soils are deprived of silica and have an
accumulation of iron and alumina in them. The

WRITTEN CONTRIBUTIONS

E. T. HANRAHAN (ireland)

The problem of treating soil as a two-phase
or three-phase material can be bypassed by
dealing with effective stresses or by con-
centrating on granular materials in which
time effects are relatively unimportant.
However, such approaches cannot solve the im
portant problem of estimating the magnitude
and rate of settlement of a soft soil which
is subject to load.

environmental conditions in lateritic soil pro
files have a pronounced effect on the shear
parameters, the stress-strain relations, the
pore pressure-time relations, etc. If samples
of these s0ils in the laboratory are air dried
before compacting they will give completely
different sets of stress-strain-pore pressure
relations, as compared to the same soil obtain
ed wet from borrow pits. These soils are
usually in a wet condition in the field due

to thick vegetation over them, and have never
had a chance to dry out. The difference in
stress-strain relations in the air-dried sam-
ples and in the wet samples is due to the pre
sence of gel type iron-alumina hydroxides

in the soil pores of wet samples which tend

to dehydrate on exposure. The question there
fore rises, if there are any methods availa-
ble, based on the principle of electric con-
ductivity or otherwise, which could indicate
the state of dehydration of the iron-alumina
hydroxide in the soil. If we could use a con
venient method of checking the state of dehy-
dration of the hydroxide of iron-alumina or,
in other words, what we call the degree of la
terization, this might make the interpretation
of stress-strain-pore water pressure relations
much easier. In the absence of such means, the
highly sensitive soils of this group may re-
gister shear values in the laboratory which
are not attainable in the field. This is due
to the fact that sometimes such soils never
have an opportunity to get even air dried in
the field. The standardization of stress-
strain relations in such soils is therefore

of considerable importance for rational de-

sign.

Thank you very much Mr. Bhatia. The sugges-
tion from the Panel is that this is an excel-
lent subject to give to our neighbors at spe
cialty session number seven, "Structural and
Physico-Chemical Effects on the Properties of
Clay" and six as well, on "Engineering Pro-
perties of Lateritic Soils. 5o, this being
the hour, I thank you for your patience and

I wish to thank the Panel very much, as well
as the General Reporter for his excellent
work,

CONTRIBUTIONS ECRITES

This deformation is time-dependent and is
due to the combined effects of the spherical
component and the deviatoric component of
the stress tensor; both effects operate si-
multaneously and exert a fundamental and im-
portant interaction.

As regards behavior, a two-phase material dif
fers in one very significant respect from a

197



SEANCE PLENIERE 1

single-phase material. The rate of shear is
independent of the dimensions of the speci-
men, or element, or deposit. The rate of
compression, which is determined by hydrody-
namic effects, is a variable which is in-
fluenced not only by the properties of the
material but also by the dimensions of the
specimen or deposit.

In this paper, it is shown that to achieve
compatibility of strains imposed by a “boun-
dary, as in the oedometer test, adjustment
of the lateral stress is required.

It is probable that the Terzaghi equation

is not of general application to one-dimen-
sional consolidation since the soil property
Mv (i.e., the coefficient of unit volume chan
ge) is likely to be a variable depending on ~
the lateral stress, which, in turn, is a
function of the dimensions of the sample.

Finally, the treatment presented is believed
to be applicable to the general condition of
three-dimensional strain. However, since
most of the tests reported were, in effect,
oedometer tests, it is felt that the term
"uniaxial consolidation" would be preferable
to the term "plane strain" which has been
used throughout the paper.

A. J. L. BOLOGNESI (Argentina)

This contribution refers to the author's overall stress-strain
result of the paper "The Resistanae Concept Applied to
Deformation of Soils".

d (v . dEz
Instead of Janbu's M= —— it is proposed M-_ = ——
dEz €z d “v

which might be called the coefficient of axial strain change.
For any path A€z=mg, Ay

thus generalizing the equation AEz=my A valid only for
drained paths under K, stress conditions, It is thought that
the advantages of using Mg, instead of M derive from the fact
that in me, ,Q diagrams the area between the path and

the abscissa is the strain without any limitation whatsoever,
The simplest case, first loading drained sand paths under
symmetrical stress states, will be used to illustrate the
proposition. Stress conditions are defined by (y , effective
vertical stress and K, ratio between (}, , horizontal or
radial effective stress and the effective vertical stress.

In the analysis of practical problems it is possible to relate
déand d, by means of d{,=Kq d{, where K4 is
constant for differential increments of vertical effective
stress. K is constant all along the test in constant stress
ratio tests; K4 is 0 in constant confining pressure tests. In

fig. 1, K =1 along path AB and K4 = 0 along BC. The axial
strain increment A€z between Qn-‘l and ‘v, is given by
the shaded area,

¢y kg /em?

Fig., 1 - Graphycal determination of strains by means of
me, ¢y diagrams,

mg, and consequently Janbu's M are stress and path
dependant, Fig. 2 shows values of me, obtained from

g constant and K4 = 0 tests which limits the lower and upper
limits of possible results.

Points C and D have the same stress conditions but widely
different mg, along paths ABC or AC and ABD or AD
respectively. CC and DD show the range of possible values.
A fine medium sand was used for comparisons, K at C is
twice and D is one and a half times Kf for the stress range
under consideration,

In opposition to the variations of Mg, and of Janbu's M for
the same stress conditions reached along different paths, it
is found that when the factor of safety is larger than about 2,
actual stress paths below foundations can be replaced by
constant stress ratio paths with no large differences between
strains, Actual paths on the mg,, , diagrams show
clearly the mechanism of failure and the changes of ratio
between horizontal and vertical stresses, Failure will be
identified by mEzvalues tending to o or values of Janbu's M
tending to 0.

The path followed by a point located at depth Z = 0,75 B
below a 20 ¢m shallow foundation is shown in Fig, 3, The

values have been obtained from the strains of
Egggstad's tests N* 3 published in the Proceedings of the
European Conference on Soil Mechanics and Foundation
Engineering of 1963, A fluvial sand of the same grading and
porosity as used in that test has been employed to determine
the required stress path, The initial stress conditions,
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Fig, 3 -~ Path at depth where maximun strains occur below
shallow small circular loaded area when factor of
safety is smaller than about 10,

vertical equal to overburden pressure and horizontal
corresponding to K = . are represented by point A,
Points B, C and D indicate the stress conditions when the
change in vertical stress on ground surface Aqs is equal to
10, 33 and 50 % of the ultimate pressure Aqy (4 . AF is the

pathfor Boussinesq stress conditions, lor each point
Boussinesq's solutions give a single constant ratio between
horizontal and vertical stress increments while actually
this ratio is variable, starting from larger values and
diminishing toward failure. Since K, ratio between
horizontal and vertical stresses at failure, varies with the
stress range, horizontal stresses might be introduced by
means of ratios between K and K¢ at the chosen vertical
stresses, For example, a stress path for a given depth
below a foundation might be outlined by stating that a 10 % of
failure K =K, and that at 50 % of failure K= 1,1 K;. Fig. 3
shows, for the actual path represented there, that at

Z = 0,75 B, K is about 1,17 K; when the factor of safety for
the vertical load is about 3 and 1. 13 K¢ when the factor of
safety is about 2,
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Fig. 4 ~ Coefficients of axial strain change along constant
stress ratio curves for medium dense sand,

, fv diagrams for preliminary analysis can be prepared
to reduce laboratory testing. Fig. 4 shows such a diagram
drawn from tests on Parana river fine sand and relative
density Dy = 60 %, Solid lines are coefficients of axial
strain change along constant stress ratio curves. The
relationship between K¢ and § 1s given at the seat of each
diagram, Because K; changes from a minimun to a
practical constant value, constant stress ratio curves with
K values smaller than this constant will disappear
progressively as (y increases. Dotted lines are coefficients
of axial strain change along K4 = 0 paths, starting from Ko
stress conditions,

With due allowance to the fact that and M are path
dependant but profiting from the circunstance that actual
paths below foundations follow closely constant strese ratio
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paths, it is possible,in many problems,to draw stress paths
on Mg, Q diagrams and obtain satisfactory strain
determinations, In such cases strains can be quickly
estimated for any stress range.

Also the effects of overconsolidation can be analyzed simply.
In Fig, 5, the path at Z = 0,75 B for preloading of a large
diameter pile is ABCP. On second loading is A,Py.
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Fig, 5 ~ Effects of soil precompression below pile,

The strain at such depth changes from the area aAPp for
preload induced vertical stress p to a AgPsp for reloading
after unloading, Preloading effects on settlements can thus
be éstimated by introducing simplifying assumptions, For.
example, few tests make it possible to determine relations
such as the ratio between aAg and pP that can be used for
preliminary analysis of many alternatives,

The purpose of this contribution has been to summarize
briefly some of the advantages that, on the writerk opinion,
can be derived by using:

déy
Mc; = d€z instead of Janbu's M = d

dzv dgz

consolidation test stress conditions, axial strains are
equal to volumetric strains and Mg,=My.

« For the

R. H. FOSTER (England)

Fractionated Kaolin having a particle size range of
1-2p was dispersed in a suspension having a pH of 8.
Lightly over-cansolidated (referred to as soft) and
heavily over-consclidated (referred to as hard) clays
were produced by ane dimensional consolidation from
respective moisture contents of 150% and 500%, the
corresponding pressures were 4.75 kg/cm2 and 45 kg/
cm2 respectively.

Electron micrographs have been praoduced by P. K. De
(1969), using a transmission electron microscope,
from resin impregnated thin sections having a thick-
nesa of 500 A, Both materials possess some degree of
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preferrgd orientation perpendicular to the direction
of consolidation; the hard material (Fig. 1) to a
high degree; the soft material (Fig. 2) to a low
degree, and the structure of the latter may indeed b
regarded as randam. The void ratio of the soft
material is seen to be considerably higher,

Consolidation. Direction ‘

Fig. 1. Electron-Micrograph (6,:.00} o:. vertical
section through heavily over-consolidated Kaolinite
(P. K. De 1969)

Consolidation, Direction

Fig. 2.
section through lightly over-consolidated Kaolinite
(P. K, De 1969)

Electron micrograph (x6,300) of vertical
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Kink Band
Distorted by
Shear Strain

ink Band

Fig. 3. Electron-Micrograph (x3,800) of vertical
section through lightly over-consolidated Kaolinite
after shear failure. (P. K. De 1969).
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shear failure
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Both materials were sheared in a direct shear box
until straining continued at a constant volume, when
the tests were stopped. The hard material exhibited
dilatancy at peak stress whilst the soft material
compressed., Vertical sections were taken through
main shear discontinuities (De 1969) parallel to the
direction of shearing.

The soft material (Fig. 3) suffered a reduction in
void ratio, its particles became well ordered within
the imposed shear structures with a high degree of
preferred orientation within each structural zone.
The orientation in the main shear discontinuity is
in the direction of straining and it is noticed that
at the boundary between the main discontinuity and
the adjoining kink band structures (Morgenstern and
Tchalenko 1967) the relative motion has resulted in
dragging of the particles forming the kink band
structure which has thus become distorted.

In the hard material (Fig. 4) it is clear that there
has been considerable disturbance within the main
shear discontinuities; particles appear to have been
fractured; boundaries are irregular, suggesting inter-
locking; and some material has been turned through
almost 909, Nevertheless there is a high degree of
orientation in the direction of the discontinuity.

It is suggested that the ordered shear structures
found in the soft material are consistent with those
which would be expected within clay materials which
compress under shear loading, whilst the disturbance
found in the shear structures within the hard material
are consistent with the behaviour of dilating clays.

Main
Shear
Discontinuity

Main Shear
Discontinuity

yofh
0‘ \e“\ 0‘\0

Electron-Micrograph (x2,600) of vertical section through heavily over-consolidated Kaolinite after

(P. K. De 1969)



SEANCE PLENJERE 1

References.

1. De P. K. (1869)
"Kaolin micro-structure after consolidation
and direct shear"
Ph.D. thesis, The City University, London,

2. Morgenstern N. R. and J. S. Tchalenko (1967)
"The Optical Determination of Preferred
Orientation in Clays and its Application
to the study of Microstructure in consolidated
Kaolin I and II"

Proc. Royal Society A300 218-250.

N. JANBU (Norway)

My comments are concerned with the interpre-
tation of strain-time curves. As we all
know, every deformation test on a soil sam-
ple leads to a strain-time curve for each
stress level. But even a million € -t cur-
ves will be of limited help to us if they
are not properly interpreted. With this I
mean that the curves should be interpreted
s0o that meaningful soil properties or soil
parameters come out of the investigation.

There are just two ways of going about it in
my judgment: Namely, either to study the dt
strain rate € , or the time resistance R= = de
both as functions of time.

The panel members, the State of the Art pa-
ver, and several of the papers in this Ses-

BISHOP and LOVENBURY

TIME RESISTANCE:

dt
R= de
R=—

dy

€

Fig. 1. Definition of Time Resistance

si1on have concentrated on the study of strain
rate and its time dependency. And, as we ha-
ve heard, read, and seen, a number of interest
ing results have certainly been achieved this
way. But at present it may appear very dif-
ficult to extract from this study simple en-
gineering parameters, each with a distinct
meaning.

The writer would therefore like to offer an

alternative way of interpretation, namely, to
study the time resistance and its dependency
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Fig. 2. Time Resistance versus time for different safety factors.
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on time, see Fig. 1. The main reason is sim-

licity, and here is the argument for that:
%ime resistance has the dimension of time.
Therefore, if one plots time resistance ver-

sus time, the slope at any point of this cur-
ve is a pure number, and over very large time
intervals, this number is a constant, which
we could call the resistance number = r. Con
sequently, the long-term time dependency can
be characterized by one pure number for each

stress level, see Fig. 2.

I have looked into three papers of this Ses-
sion for the purpose of obtaining resistance
numbers to compare with own experience, part-
ly reported in a paper to this Session.

1. First, Bishop and Lovenbury have carried
out some very interesting drained creep
tests on two undisturbed clays, one over-
consolidated and one normally consolidat-
ed, From their data it is found that the
time resistance for the OC-clay was some
5.or 6 times higher than that for the NC-
clay, see Fig. 3. This agrees with my
own findings, reported in a paper in Ses-
sion 1. Moreover, Bishop and Lovenbury's
data show that r decreases with decreas-
ing safety factor F, but the decrease is
fairly slow until F approaches a low va-
lue of say, 1.2 to 1.0.
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FOR t> tp
R=r(t-tr)
Fig. 3. Resistance Number versus Deviator

Stress ratios.

2. From the paper by Shibata and Karube, on
drained creep tests, it is also found that
r decreases with decreasing F, but now
there is no significant difference between
the OC- and the NC-clay. This I believe
is due to the fact that Shibata and Karu-
be used artificially sedimented clays,
where it seems impossible to duplicate
the clay structure of undisturbed clays
of 10,000 years of age.

3. Finally, I mey mention that a study of
Singh and Mitchell's paper on undrained
creep tests showed that the undrained re-
sistance numbers, over the applicable ti-
me ranges, and clay types, were somewhat
lower than the corresponding drained creep
number, but many of the values are of the
same order as for the NC-clays, say 50 to
200,

In conclusion, I strongly recommend that more
investigators try to interpret also their
long-term deformation tests in terms of the
resistance concept. It is my belief that by
using the resistance concept, one can contri-
bute to closing the enormous gap between theo
retical considerations on the one hand and im
mediate practical applications on the other.

G. M. LOMIZE (V. S. 5. R)

SYNOPSIS

The paper deals with the experimental study
on deformations of a clayey kaolinite three-
phase s0il of disturbed structure under a
complex (unproportionate) loading, carried
out with ollow cylindrical specimens subject
ed to loading by hydrostatic pressure, axial
compression and torque (acting on the end
surfaces of the specimen).

The expriments have shown that unproportiona-
te loading accompanied by rotation of the
principal stress axes considerably affects
the regularities of deformations, resulting
in misalignment of the axes of the principal
stresses and principal strains. In this ca-
se, the similarity between stress and strain
conditions disappears i.e., the conditions
for the use of relationships between stres-
ses and strains of the Hookean type are not

met.

Unproportionate loading accompanied by rota-
tion of the principal stress axes (complex
loading) is the most general and, at the sa-
me time, the most prevailing case of work of
an element in the soil medium.

There are few reported studies showing the
effect of rotation of the principal stress
axes on the stress-strain condition of dif-
ferent tyges of continuous media (A.A. Iliu-
shin, 1948) including soils (B.B. Broms, A.O.
Casbarian, 1965).

The program of the experiments described be-
low has been designed to solve the following
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problems: to verify the coincidence of the
axes of stress and strain tensors gnd the si
milarity of stress and strain conditions, and
to study the basic regulerities of deforma-
tions.

The work has been carried out at the Depart-
ment of Soil Mechanics, Bases and Foundations
headed by Prof. N. A. Tsytovich at the Moscow
Civil Engineering Institute.

Three-dimensional stress conditions necessary
to the performance of the program and rota-
tion of the principal stress axes have been
obtained by loading hollow cylindrical speci
mens by meens of application of axial force,
hydrostatic pressure (the pressure values we-—
re different inside and outside the specimen)
and torque acting on the end surfaces of the
specimen.

The experiments have been carried out with a
specially designed apparatus making it pos-
sible to obtain, without substantial distor-
tions, the predetermined stress condition and
to measure three linear and one angular defor
mation.
the inside and outside diameters were 35 and
60 mm respectively.

The tested kaolinite loam of disturbed struc-
ture had liquid limit of 30 per cent, plasti-

city index of 10 per cent, void ratio of 0.76,

water content by weight of 12.3 per cent and
saturation factor of 0.44. The initial condi
tion of density and water content of soil was
achieved by compaction of previously humidi-
fied powder. The experiments have been per-
formed in drained conditions under stepwise

loading with stabilization of deformations
after each step.

The experiments of the study have been carri
ed out with a constant value of the first in
variant of stress tensor which was equal to
15 kg/cm2. In tests 1 and 2 proportionate
loading was applied with a constant value of
the parameter of stress condition type

202-01-0
#'=17f53%——2 which was equal to -1 end O,
respectively.

In test 3 the proportionate loading with =0
was applied uB to the stress intensity of
0i=5.10 kg/cm¢. Then the gradaal rotation of
the principal stress axes at the angle of 45°
(M4 =0=Const.) was performed. Test 4 was con-
ducted under the proportionate loading and
with the valug of u =-1 up to the value of
o;=5.10 kg/cm?.

Then the change in the type of stress condi-
tions was made (the transition from gt =-1 to
4 =0) under simultaneous rotation of the prin
cipal stress axes at 459, F i

After rotation of the stress axes, tests 3
and 4 were completed under the proportionate
loading with u =0.

The chart in Fig. 1 shows the variation of an
gle of rotation of the principal strain axes
¥ under rotation of the principal stress a-

The height of the specimen was 80 mm,

xes. The condition of coincidence of the a-
xes is indicated by the dotted line. It is
evident from the chart that rotation of the
principal stress axes causes no change in po
sition of the principal strain axes, but the
angles of rotation differ from each other
and the axes do not coincide (with @ =45°,

¥ varies from 12 to 35°). The relative po-
sition of curves gj-€; &and o - shown in
Fig. 2 for unprovortionate loading (curves 1
and 2, with £ =-1 and O respectively) reveals
the effect of stress condition type and co-
rresponds to data reported earlier (G.M. Lo-
mize, A.L. Kryjanovsky, 1965). Rotation of
the principal stress axes with g =0=Const.,
resulted in an appreciable increase in volu-
metric deformation (up to 40 per cent) and
caused no substantial growth of deformation
of form change. The change in tvpe of stress
condition (the transition from g =-1 to u=0)
with simulteneous rotation of the princinal

stress axes resulted in a twofold increase
in @ and €; values.
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under the loading:
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Test (1): u =-1; Test (2): u =0; Test (3):
B =0, with subsequent rotation of the princi
pal stress axes; Test (4): =-1, with sub-
sequent rotation of the principal stress a-
xes and transition to,; =0.

In Soil Mechanics, the relationships of plas
ticity deformation theory are used (Y.K. Ze-
retsky, 1967), the matrix of the strain ten-
sor ( ejj ) being expressed in form of a ma-
trix polynomial of the stress tensor ( Tij

o] ool ]+ [ ] ] o0

Generally adopted assumption about the pro-
portionality between stress and strain devig
tors results in elimination of the third term
on the right side of Eq. (1), the equation of
stress-strain relation having in this case a
form similar to the generalized Hooke law.

The necessary condition making it possible

to write down Eq. (1) is the coincidence of
the axes of stress and strain tensors. There
fore, misalignment of the axes of the princi-—
pal stresses and strains reveeled in the tests
does not permit use of Eq.(1) for the cases
of unproportionate loading which differ con-
siderably from simple (proportionate) loading
(I.K. Ivastchenko, M.N. Zakharov, 1969). It
is to be noted that the tests performed have
shown the disappearance of similarity between
stress and strain conditions under unpropor-
tionate loading and rotation of the principal
stress axes. The physical basis of failure
to satisfy Eq. (1) and to maintain the eimila
rity principle is the appearance of anisotro-
Py in soil properties during the loeding as a
consequence of particulerities of structure
of soil dispersive medium. As is known, the
coefficients {+ P 1in eguation (13 are
functions of invariants of stress and strain
ténsors. The experimental results considered
above are not contrary to the known require-
ment necessitating to describe unproportiona-
te loading by three relationships between
three invariants of stress and strain (I.I.
Goldenblat, 1965). However, the experiments
have shown that these relationships were not
sufficient under rotation of the principal
stress axes. In particular, rotation of the
axes while maintaining constant the values of
three invariants of stress tensor causes no
change in invariants of strains.

The experiments performed have shown that:

- the axes of the principal strains and
stresses were in a wide misalignment
(129 - 35°) under rotation of the principal
stress axes at the angle of 459;

- rotation of the principal stress axes caus-
ed a change in invariant of strains, the vo
lumetric deformation having been particular
ly increased (by 40 per cent); -

- it is necessary to take into account rota-

tion of the axes in relationships between
stresses and strains in soil.
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N. MASLOV, E. DOVROV, G. KANAJAN,
V. ROUDENKO et X. RASSOULOV (U. R. R. S)

SOMMAIRE

Les études effectuées pour la défi-
nition de la résistance au cisaillement
des sols argileux non consolidés, ont
montré que: a) la possibilité d'utiliser
la méthode de "pression interstitielle”
(K. Terzaghi) est limitée aux sols sable
argileux et limoneux; b) 1la méthode
"compactité - teneur en eau" (N. Maslov
est d'un caractdre plus général et possede
un nombre des avantages dans l'application
pratique. Le rapport décrit le rdle du
gradient initial dans la consolidation
des sols argileux du point de vue réduc-
tion de 1'affaissement de l'ouvrage et
compactege des terrains dans les zones
d'épaisseur limitée. En méme temps, il
s'agit de la possibilité de consolider
les sole argileux sous des charges de
courte durée mais appliquées fréquemment.
En conclusion de nos travaux on peut con-
sidérer comme déterminé que le poids pro-
pre de la couche de sables saturés, lors
de la perte de la stabilité sous des
charges dynamiques, est d'une importance
limitée dans le temps.

Comme le montre la pratique, il est
d'une importance particuliére que lors de la
définition des caractéristiques de calcul de
la résistance au cisaillement du sol, on ne
tient pas compte de ce que la résistance to-
tale au cisaillement du sol argileux équiva=
lente 4 la charge appliquée, peut exiger par-
fois plusieurs annfes pour 8tre atteinte, &
moins qu'elle ne soit atteinte du tout ( voir
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plus bas), De ce fait, la résistance au ci-
saillement du sol non consolidé compldtement
s'avdre parfois brusquement réduit ( 2 & 3
fois) par repport au sol compldtement conso~
1146,

les circonstances citées ciemdessus ont
conduit & mettre au point des méthodes spé-
ciales pour apprécier la résistance au cisail~-
lement des sols argileux non consolidés, Les
méthodes principales dans ce sens sont les
méthodes de "pression interstitielle” et
"compacité=tensur en eau" proposées respec-
tivement par les professeurs K, Terzaghi
(Autriche) et N, Maslov (URSS, I949).

Selon la théorie de pression inter-
stitielle, 1a résistance au cisaillement du
sol varie dans le temps seulement avec l'au~
gmnentation des forces de frottement dans les
8ols sous charge, due 4 la diminution, dans
le temps, de la pression interstitielle,
Cette circonstance a trouvé son expression
dans 1'équation connue de Terzaghii

c[:ft - (G =T, tg ¥’ +cf (1)

La différence de principe entre la
méthode "compacité=teneur en eau” ot la mét-
hode de "pression interstitielle" consite en
ce que la premidre tient compte de 1'influ-
ence des variations de la compacité~teneur en
eau du sol, au cours de la comsolidation de
celui-ci, sur les valeurs de l*angle de frot-
tement et de la cohésion, Donc 1téquation de la
réeistance au cisaillement prend la forme sui~
vantes

Tf' - G. tg'y' + 0' (2)

La méthode de "compacité ~ tensur en eau"
est exposée vglus détaillement dans les publi-
catiens du V¥° Congrés de la Mecanique des
sols et fondations (rapport I/4I)., Il convient
de noter que la méthode de compacité = temeur
en eau du s0l, vu sa simplicité et sa convic-
tion d'engineering est reconnmus dans notre
pays et essayée lors des études et de la con-
struction d'un nombre d'ouvrages importants,
Mais restait imprécis le probldme sur la rela=
tion des resultats de la résistance au cisail~
lement du sol non consolidé pour les deux
méthodes précitées, Pour étudier ce probléme
on a effectué largement une vérification expé-
rimentale des hypothdses de base et des cone
clusions des méthodes de "pression intersti-
tielle™ et de compacité = tensur en eau" du
80l, Pour les études expérimentales on a uti~
lise quelques types d'argile dont la teneur en
particules argileuses ( < 0,005 mm) variait
de 4 A 74%, et 1'indice de plasticité (PI) =
de 7 & 65%, L'angle de frottement effectif
(F’) dee Bols étudiés variait de 6 a 27°,

Les essais qnt été effectuds sur un appareil de
cisaillement et un appareil & cempression
triaxiale, lors des essals, le pression in~-
terstitielle était mésurée, Les résistances

au cisaillement obtenues dans les essais ont
été comparées & celles calculées par les mét-
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Pig. I, Variation de la pression interstitielle en fonction de la teneur en eau du sol,
et de la charge normale au cisaillement., Sable argileux du diluvium,
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Fig. 2. Comparaison des résistances au cisaillement obtenues & l'appareil i compression
triaxiale (I) et calculées par les méthodes "compacité-teneur en eau" (2) et

npression interstitielle” (3).

hodes de "pression interstitielle" (équation I)
et de "compacité - tenmeur en eau” ( équation 2),

Les valeurs des pressions interstitielles,
relevées lors du cisaillement, ont été mises
a2 la base pour la comstruction des courbes
de relation U = £ (W; € ), Ces relations pour
une des catégories du sol essayé sont données,
a4 titre d'exemple, sur la fig., I. Sur cette
méme courbe sont portées les relations obte-
nues par vole de calcul la pression intersti~-
tielle pour chaque essai, d'aprds la relation
de Terzaghi ( I), A& partie des valeurs expéri-
meg!ales de la résistance au cisaillement
( T4 ) et de 1a charge normale ( G ) ainsi
que des valeurs et C!' pour le sol consi=
déré,

la bonne coincidence des courbes expérim
mentales et calculées U = £ (W; G ), analo-
ques A celle de la fig. I, a eu lieu pour
les sables arglleuxr et les limons essayés,
Pour les sols A grande teneur en argile
( > 50%), 1'écart entre les valeurs de
pression interstitielle obtermes par les
essals et calculées par 1'dquation (I), s'est
avéré beaucoup plus considérable.

les résultats d'essals des sols, &

la compression triaxiale, sont réunis sur
les courbes dont une est représentée sur la
fig. 2.
Chaque courbe expérimentale i}vxf (M
construite 4 partir des résultats d'écrase—
ment en un systeme forme C' un nombre
d'échantillons et pour une teneur en eau
considérée du sol, a été comparée avec des
courbes analogues calculées par les métho=
des de "compacité ~ teneur en eau" et de
"pression interstitielle™, Ie calcul de 1la
résistance au cisaillement mayennant 1'équa-
tion (2) a été effectué par la substitution,
pour chaque essal, de la valeur de la ten~

207

sion normale ( 6 )i ainsi que de 1l'angle
de frottement ( ¥, ) et de la cohésion ( Cy)
correspodant 4 la teneur en eau qui nous
intéresse, les dernidres valeurs ont été
empruntées aux courbes Y, = f£(w) et Cv -

= f(w) conatruites pour chaque variéte du
sol, Pour les calculs de la résistance au
c¢isaillement suivant 1'équation (I), on a
fait substituer les valeurs de la tension
normale (G ) et de la pression intersti-
tielle ( (L ) mesurée lors de 1'essai, ainsi
que les valeurs de Y’ et C' correspondanta
au sol,

De plus, en partant de la valeur
expérimentale de on a caleculé, pour
chaque essai, moyennant l'équation (I) -
la pression interstitielle qui devrait
avoir lieu dans le cas ou la ralation de
Terzaghi est Juste, Ces relations de calcul
( U ) ont été compardes également avec
les valeurs d'easal de la pression intersti=
tielle ( Usp e

De nombreux expériments et compa~
raisons effectués, les conclusions suivantes
ont été faits:

I, Pour les sables arglleux et les
limone, les résistances au cisaillement &
un stade quelconque de comsolidation, défi-~
nies par les méthodes de "pression inter—
stitielle™ ot de "compacité = teneur en eau”
du sol; sont assez comparables, Cette cir-
constance montre la possibilité de définir
par les deur méthodes la résistance au ci=
saillement dans 1'état non comolidé, pour
ces catégories du sol,

2; Pour les sols d'une grande te=-
neur en argile ( PI > 30%), la méthode de
"pression interstitielle™ devient moins
applicable; l'écart entre les résistances au
cisaillement récelles et les résistances

calculées a parti de la relation de Ter-
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zaghi, est surtout sensible (en moyenne,

40 4 50% de la valeur expérimentale ), pour
les sols nettement argileux, les sols aux=

quels Justement est destinée cette méthode,

L'écart entre les valeurs expérimentales et
les valeurs calculées selon la relation de
Terzaghl, croissant au .ur -, 4 mesure qufau~
gmente la teneur en argile, est dfl, selon nous,
4 ce que cette relation est, dans certaine
mesure, de forme et ne tradult pas toute la
complexité de relations entre les particules
arglleuses et entre celles-cl et l'eau, A la
base de 1'équation de Terzaghi est mise la
conception des tensions effectives (6! = §=U),
selon laquelle la résistance au cisaillement
du sol ne varie dans le temps qu'au fur et a
megure de l'augmentation des forces de frot-
tement due aux variations de la pression inter-
stitielle, Etant donnée que pour les sols
purement argileux, la résistance au cisaille-
ment est définie, en premier lieu, par la
résistance visquese des enveloppes colloidales
entourant les particules et emp&chant le cone
tact direct entre celles-ci, 1l'applicabilité
de la conception de Terzaghli est douteuse. Cet
état de choses devient plus évident i mesure
que le pourcentage de perticules argileuses
augmente,

3, La méthode qui tient compte de la
"compacite - teneur en eau"™ permet de faire-
nune appécilation plus objective des conditions
de travail du sol, Pour les calculs de la ré-
sistance au cisaill ment moyennant la relation
(2), sont utilisées les caractéristiques de
cisaillement & v et Cy _quten définit & par-
tir des courbes du type irfw =f (w,G) con-
struites 4 la base des valeurs moyennes d'un
grand nombre de points expérimentaux, Ctest
pourquoi les caractéristiques - et C
traduisent non seulement le changement de rdles
des forces de frottement ( G: tg ¥, ) et de
cohésion (Cy) en fonction de la compacité = te=-
neur en eau, mals aussl les varlations de ces
forces en fonction de la composition du sol
arglileux, C'est ainsi que pour les sols a
grande teneur en argile dont la résistance est
définie, principalement, par les forces de
cohésion, l'angle de frottement Jfy, pour
toutes les valeurs de la compacité ~ teneur
en eau, est égal a4 zdro, Probablement cet
état est plus proche de la nature des argilles
grasses que celui qui résulte de la conception
des contraintes effectives de Terzaghil,

Donc, les faits exposés limitent la
possibilité dtutiliser largement, dans tous
les cas, la méthode de "pression interstiti-
elle”, De plus, les études effectuées ont
montré que la méthode de "compacité - teneur
en eau" est de caraotdre plus général et pos=
sébe un nombre des avantages dans l1l'applica~
tion pratique par rapport a4 la méthode de
"pression interstitielle™: possibilité dtuti~
liser des appareils de cisaillement ordinaires,
simplicité du contrfle de la résistance au
cisaillement in situ (en partant de 1la compa=~
cité et de la teneur en eau des échantillons)
en comparaison avec les mesures de la pression
intérstitielle au moyen d'un systéme d'appa~
reils, etc,

On sait pourtant que le compactage des
sols argileux de grande épaisseur dure long-

temps du fait de la perméabilité extrémement
faible de ceux~cl et de la viscosité souvent
considérable, De plus, comme 1l'ont montré

les études des savants soviétiques (N, Pou=
zirevsky, I931; S. Roza, I937 & 1959), les
sols argileux sont pratiquement imperméables
dans les cas ou les gradients de dralnage

du sol s'aveérent inférieurs A une certaine
valeur connue sous le nom de gradient initial
( 3;). Dans ces conditions, les sols argileux
ne se laissent pas pratiquement consolider
gous charge., L'influence possible du gradient
initial sur le compactage des sols se mani-
feste surtout dans le désaccord observé
souvent entre le caractére de départition

de la compacité - teneur en eau et la charge
naturelle en profondeur de la couche,

Notons que les valeurs du gradient
initial ( Jo ) pouvent, dans certains cas,
atteindre 5 4 I0 et plus, Ce dernier fait
devient dfune signification particulidre
du point de vue de l'appreciation de ia ré-
sistance et de la stabii.té des ouvrages
fonfés usur ies sols argileux, étant donné que
1'échappement de 1l'eau des interstices du
sol de fondation peut avoir lieu non sur
toute la zone "contrainte' mais seulement sur
de petits troncons adjacents directement aux
couches drainantes (fig. 3),

Pig, ), lLa consolidation ne se feit
qu'aux zones ou le gradient d'échappement
d'eau I éch, dépasse le gradient initial J,

la teneur en eau et la résistance du
sol dans les zones plus éloignées ("zones pas-
sives") peuvent rester, dans ce cas, ratique-
ment invariable pendant longtemps, et l'eftet
désiré de consolidation du sol de fondation
par le poids propre de l'ouvrage en construc~
tion, ne peut &tre par conséquent obtenu pleine-
ment dans les délais acceptables pour la pra=
tique,

En méme temps, la considération pratique
du gradient initial constitue un probléme treés
dificlle qui consiste 4 prévoir la pression
interstitielle et a apprécier préalablement la
valeur du gradient initial ( oo ). Pourtant
les méthodes théoriques de pronostic de la pres=-
sion interstitielle sont élaborées d'une maniére
insuffisante, et a définition du gradient ini=-
tial par la perméabilité fait intervenir un
nombre de dacteurs influencant le résultat.

Tout cela crée des difficultés qui excluent
nombre de facteurs influencint le vésultut.
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Fig., 4. Appare

pratiquement la possibilité de tenir compté
des gradients initiaux ( J, ) lors de la con-
ception de 1l'ouvrage,

Dans le but d'élaborer ume méthode di-
recte A tenir compte du gradient initial ( g )
dans les phénomdnes de consolidation des sols
argileux dans les fondations d'ouvrages, un
appareil 4 compression KD-3 ®) (fig, 4) a
été mis an point par E. Dobrov, licencié en
technique, L'appareil KiID-3 permet de repre-
duire les conditions de comsolidation du sol
argileux remanié ou non remanié, d'épaisseur
considérable de la couche i consolider (au-dela
de I m), ce qui est obteru par un nombre de
chambres 3 compression raccordées en série, et
pe faisant hydrauliquement qu'une seule -~ (I),

La charge sur le sol est transmis par
1vintermédiaire de plaques rigides = (3), &
travers de rmembranes finesen caoutchouc (ép.
0,I 2 0,2 mm) qui ferment hermetiquement les
chambres 3 compression - (I), L'échappement de
1teau du sol sa fait uniquement a travers
1torifice = (4).

L'emploi dtune ligne de filtration plus
longue (jusqutad 0O cm) que celle des appareils
3 compression clhasiques ( 2 & 3 cm) permet
dteffectuer la consolidation des sols argileux
dans les conditions de failbles gradients de
1'eau d'échappement (I éch,) jJusqu'aux
valeurs ayant lieu dane les conditions ré-
elles et comparables aux valeurs de gradients
initiaux ( J, ). De plus, l'appareil D=3
permet de différencier la valeur de déforma-
tions de compactage le long de la voie de
filtration dans la couche que 1'on compacte,

Sulvant les relations expérimentales
obtenues (fig, 5) qui donnent le caractére
de distribution de la déformation de compac—
tage (molule de tassement - £, ) et de la
teneur en eau () du sol, suivant la ligne
de filtration, la compressibilité des sols
diminue de plus en plus,

le module de tassement (€, ) caracté-
rise la valeur de déformation résiduelle de,
compactage et est défini par la formule:

e = _Ha‘_‘_ . 1000 my/m (3
in

P

W) Drevet No 178540 du 20,VI.64

compression KMD-3
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ous
ah - déformation absolue de 1'échantillon
mesurée a partir du début de 1'essai,
en mm;
hjp -~ Hauteur initiale de 1'échantillen,
en mm,

Les résultats de l'esaal décrit confi-
rment la situation mentionnée précédement ol
les processus d'échappement de l'eau inter-
stitielle se localisent par les gradients ini-
tisux ( J, ) dana .es limites d'une zone
assez restereinte, située prés de la surface
Jrainante, En utilisant le caractére lincaire
des relations &, = £ (Hy) et W=F(Hy)
(fig. 5) on peut definir graphiquemment, par
l'extrapolation de celles-ci, la valeur de la
zone active c'est-a-dire, la zone ou le sol,
dans les conditions envisagées, est encore
compressible sous charge, Cependant, 1l'épai-
sseur de la zone active peur, dans certaines
conditions, s'avérer plus considérable que
la hauteur totale (Hy) des échantillons es-
sayés du sol consolider dans l'appareil a
compression KID=3. Il en résulte un probléme
de la durée de consolidation du sol dans les
limites de toute la zone active, possible
dans les conditions envisarées de drailnage
et de chargement,

Pour la solution de ce probléme on
utilise la relation expérirentale du type
lg Ty = £ (Hy) qui représente la ici de va-
riation du temps de consolidation Tw juosqu'a

une teneur en eau (W) constante suivant la
ligne de filtration (H,).

Donc, le gradient initial peut Btre
pratiquement pris en considération par la
voie gea études expérimentales des sols argl-
leux & l'appareil KMD-3 qui permet de déterminer
les caractéristiques de compression de ceux~ci
et d'apprécier la grandeur possible de la zone
active et le temps de sa consolidatien,

Comme le montre la pratique de construc-
tion, l'augmentation de la résistance du sol
en diminuant sa teneur en eau (V) peut 8tre
provequée non seulement sous l'effet de charges
statiques, mais aussi sous 1l'effet de charges
intermittantes (par exemple, fondations des
piles de ponts), la mise en évidence de la
nature des processus qui ont lieu dans le sol
est d'actualité du point de wue de la possibia
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Fig. 5. la déformabilité du sol diminue avec éloignement de la surface drainante,
4 la suite de l'apparition du gradient initial ( J, ).

1ité d'exploiter les ouvrages sans accidents,
dans les nouvelles conditions de leur fonction-
nement (notamment, augmentation de la charge
sur les structures de pont due & l'accrois=
sement du trafic). La nécessité de tenir
compte du facteur mentionné plus haut s?impose
également lors du rentorcement des structures

de pont en les adaptant 4 ces nouvelles con-
ditions de charge, De plus, l'influence de
charges réiterées sur les caractdristiques de
résistance est loln d'8tre étudiée, de méme
qu*il n'y a pas de méthodes accessibles i dé-
finir ces caractéristiques,

Dans le but dtétablir la nature des
phénoménes qui ont lieu dans les sols cohé=
rents sous une charge intermittents une instal-
lation a €té congue, permettant dtappliquer
sur le sol une charge a différente fréquence
et & de différente durde d'action, les essais
ont été effectués dans les conditions qui ex-
cluaient toute possibilité d'expansion latérale
du gol, les essals ont été réalisés pour les
B8ols a structure remantée et de différente
granulométrie, la déformation résiduelle accu-
mulée, pour une période donnée, sous une char-
e intermittente, a été caractéristé par un
module de tassement ep (voir formule 3),

On a étudie 1'influence de la oompacité initip
le du s0l, de la charge de courte durée, du
nombre et de la fréquenoe de ses applications
sur la déformation résiduelle de consolidation.
Des éohantillons au ocoefficient de saturation
0 -0, 69&1I,0o0ntéte essayéas. La fréquence
d'application de la oharge ) = 15 et 30 appl/
mn. La durée d'un cyole de chargement était de
0,2 31 sec. A la suite de nombreaux essais
experimentaux mous avona oconstaté que suivant
1'état initial du sol, la deformation de celui-
ol eat de caractere élaste-résiduel, et au
nombre oonsidérable d'applications de la oharge,
1'eaoccumulation de la déformation résiduelle s'
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affaioclit vu l'angmentation toujours croissante
de la compacité (et, par conséquent, de la
résistance) du sol. En outre, il s'est révété
que la valeur de la déformation résiduelle de
consolidation sous charges cyoliques dépendait:
de sa compacité initiale, de la charge appliquée
de la fréquence d'application, de la durée du
cycle de chargement, ainsi que du nombre de
cycles (Fig. 6), l'influence de la fréquence d'
applioation de la charge étant d'autant plus
grande que le sol contient plus de grains de
sable.

La dérormation de consolidation des
sols renfermant de 1l'air, lors du chargemeus
intermittent, est due en partie a la compres-
sion de l'air dans les intertices du sol, et
en partie a l'échappement de l'eau intersti=-
tielle. Les bulles d'air dans le sol compri-
mées sous une chargze de courte durée sont
pareilles & des foyers d'accumulation de la-
tension résiduelle, C'est pourquoi, aprés le
déchargement de ces sols, l'eau continue a
s'échapper sans que la déformation ait lieu,

Donc, tout en appliquent sur le sol
une charge intermittante (dans les conditions
de l'essal de compression) 11 s'avére possible
de prévoir les déformations comrme resultat du
changement du régimé d'exploitation de 1'ouv=~
rage. S'il est nécessaire, on peut représen-
ter, dans le tecps, la vitesse d'accumulation
du tassement prévu du sol en l'adaptant a la
compacité existante du sol, compte tenu du
passage des engins plus lourds.

Le probléme du rdle du poids propre
des sables saturés dans la stabilité dyna~
mique (sismique) de ceux=ci est d*une grande
importance pour l'appréciation de la stabilité
des talus de grands ouvrages en terre const-
ruits dans des régions sismiques et mesurant
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| H -~ épaisseur de 1la couche sableuse
2 seconde,
Ftat = 2.0xg, m' t - temps,

§ %2 13-v-30aglymn
sw-ka” ymn Notons que le coefficient de conso=
3 el © app < s lidation dynamique ), dépend des propriétés
S 15 o teem. = 3.0 Kg/cm i du sable, de sa compaclité, de la grosseur de
2 L g —t—— grains de mfme que du caractdre et de 1'in-
; 10,0 e T tensité de l'effet dynamique., En mlme temps,
S 5o PR b, A\ — et R de nombreux essals effectués ont montré que

Jﬂ" Rnterm.= LONg N lors de l*application de la charge dynamique

0 0 1800 2700 W00 4500 5600 &30 0 de nature sismique (intensité uniforme sur

Nombre d'applications de la charge intermittente toute l'épaisseur de la couche), le coeffi-
clent de comsolidation dynamique V, est une
Fig. 6. Représentation du oqmpactage de l'argile valeur constante sur l'épaisseur de la couche
oomme variation du module de tassement en fono- ( v.. = const) et peut 8tre admis constant
tion du nombre d'applications, de la frequence d' en fonction du temps ( V.: = const) pendant
applioations et de la oharge intermittente. La un laps de temps qul nous intéresse,

durée d'une seule application de la charge t = 1,0 Cependant cette position n'est juste
sec. Coeffiocient d'imbibition du sol @ = I,03 qu'a la condition: OLtk ol ex

densite seche I,59 3/0-3; 8 truoture remaniée.

plusieurs dizaines et centain¢s de métres de

hauteur,
Selon la"théorie de perméabllité dans

la stabilité dynamique des sables saturés®
( N.N, Laslov, I953) mise aun point 11 y a un
temps en Union Soviétique, 1la perte de la
stabilité des sables saturés, sous l'effet
d'un séisme, est provoquée par l'affaiblis-
sement de la résistance au cisaillement de
ceux-cl dans les conditions dynamiques. Cet
affaiblissement est dQ, dans les conditions
considérées 4 l'apparition éventuelle dans
les sables de la sous-pression sous l'effet
de la charge dynamique ( h _). A cette con=
dition, la résistence au cisaillement des
sables non consolidés, sous la charge dyna-
mique, est définie par la rélation:

den =/ Pst - Ae « b,/ tgy,,, (4)

ol P,y - contrainte normale dans les con-
ditions statiques;

A, - poids spécifique de 1'eau;

tg f,~ angle de frottement interme du
" 8ol pour un pourcentage de vides
L] n "
la charge dynamique h; qui apparait
dans le sol sableux saturé lors de la cone
solidation dynamique des sables dans oes
conditions, est définie par la relations

(s)

ol ih~ ~ coefficient de comsolidation
dynamique, égal numériquement
4 dn et qui témoigne de la

dat
vitesse de consolidation (par la
diminution des vides "L ") des
sables dans le temps sous lteffet
dynamique,
K - coefficlent de perméabilité du

sable.
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ou ‘Ltk ~ valeur théorique de 1l'accéléra-
tion du mouvement oscillatoire,

aL,‘ - accélération critique du mouve-
ment oscillatoire capable de
mettre les grains de sable en
état d'excitation dynamique.

En méme temps, l'accélération cri-
tique est, dans le cas général, fonction de
la contrainte normale P, Il y est tout a
fait évident que la charge du peids propre
de l*ouvrage, de l'enrochement caractérisé
par un coefficient de perméabilité éle-
vé, de méme que du poids propre des sables
secs recouvrant les sables saturés, peut
Etre considéré comme facteur qui fait augmen~
ter la valeur de o ©t, par conséquent,
le degré de la stabilité de la couche de
sable saturé sous~jacente,

En m8me temps, le probléme du rdle
du poids propre des sables se trouvant au
dessous du niveau de l'eau restait non ré-
solu jusqu'a présent,

Pour resoudre ce probléme, les auteurs
du présent rapport ont réalisé des études
correspondants, ayant pour but:

a/ apprécier les conditions de dévelop-
pement dans le temps de la sous-pression
dans les sables suivant leur protondeur, en
vue de dérinir .1'épaisseur ue .a zone active
passant & 1'état d'excitation dynamique;

b/ déterminer la vitesse ( v ) du dé=
veloppement de la sous-pression dans les
sables en fonction de facteurs qui 1l'influ-
encent;

¢/ verifier les formules de relations
en vue de pronostiquer le rdle du poids pro-
pre et d'en tenir compte dans le comportement
des sables. saturés sous l'effet sismique,

Pour réaliser ces études il a fallu
crécr une installation permettant dteffectuer
des essals sur échantillons de divers sables
de 1l'épaisseur considérable a consolider,

La particularité caractéristique du
dispositif de vibration utilisé dans les
essais est la verticalité des vibrations.
Cela a permis d'effectuer les essais, & l'ac~
célération donnée, en augmentant 1'amplitude
des oscillations, de fréquence constante et
volsine de celle de la couche saturée ( IO &
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25 Ha ). Cette installation a permis de va-
rier 1ltamplitude des oscillations de 0,0I mm
4 I,0 mm, pour la fréquence constante, et a
donné la possibilité de varier, dans des
conditions convenables, la fréquence de 5 &
30 Hz, Dans ce cas, l'accélération du mouve-
ment oscillatoire a varié de 0,00I g a 0,3 g.
Pendant les essals, des dispositifs et un
appareillage moderne, tels que: capteurs de
vibration, capteurs de pression, oscillo-
graphes, etc ont été utilisés,

Dans les études expérimentales on a
utilisé des sables de différente grosseur:
grossier avec prédominance de grains de 0,5
42 mm~ 79%, moyen - de 0,25 & 0,5mm -~ 50 &
70%, et £in - inférieur & 0,25 mn - 57%.
Regardons la fig. 7.

Charge dynamique,em
0 20 40 o ‘& w0 [,

o0

Fig. 7. Variations dans le temps des
charges dynamiques (h.) et du
tassement du sable suivant la
profondeur, Sable - & grains
moyens,

Ici sont donndes les courbes de rela-
tion du type h, = £(H,t) et = £(H,t)
comme exemple de nombreuses courbes construi-
tes d'aprés les mesures de pression dans l'eav
effectuées & 1'aide de capteurs de pression
et de repdres spéciaux, la figure 7=-a met
en évidence un phénomdne commmn A tous les
sols étudiés ne se différant que quantitati~-
vement, la charge dynamique ne pourrait at=
teindre sa valeur meximum possible, & un
nivean et A4 une intensité de secousse donnés,
qu'au bout d'un certain temps, Au moment ol
1'acoélération dépasse la valeur olcy , la
charge dynamique est limitée, en profondeur,
4 un certain horizon. Au fur et A mesure de
ltaugmentation de la charge dans le temps,
cet horizon limitant la zone morte (fig. 7-a)
stapprofondit de plus en plus, Ce caractidre
du phénomdne a été observé dans tous les
¢ssals, et plus nettement dans le cas ol le
sable était assez consolidé et ltintensité
de secousse était assez élevée, Ce phénomdne
de ltaugmentation en profondeur de la zone
active 7 a été désigné, dans notre pratique,
sous le nom de "imprégnation du sol par la
dynamique”, le mlme phénomdne a pu 8tre net-
tement observé également par les tassements
des repéres disposés A profondeurs différentes
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du sol ( fig. 7-b)., Il est évident que 1le
phénorméne "imprégnation par la dynamique”
est en relation avec l'augmentation de la
charge dynamique h, et est accompagné de
la sous=pression provoquée par celle-ci, lLe
gradient de la charge dynamique, au niveau
Z, est défini comme suits

Je*

d-hz_vn

= (- 2) (6)

la variation de .7,_ en fonction de
Z est de caractére lineaire, A la surface
de la couche de sable, pour 2 = 0, le gra~-
dient .7. atteint son maximum, Cela veut dire
que les conditions de travall des sables de
la couche de surface sont les plus difficiles,
Compte tenu de cette circonstance, nous
avonsi

ymu ™ Vn . H (7)

Kp

Au contact de la couche imperméable,
le gradient hydrodynamique .7!=O , ce
qui ressort de la relation ( 6 ), pour Z =
= H, Corme on sait, dans les conditions
dynamiques, le sable se trouve complétement
en suspension pour Jy={ . De 1a
nous pouvons définir l'thorizon critique Z,
a paertir duquel et jusqu'a la surface, le
sable se trouvera complétement en suspension:

2 -H-_Kp (8)

cr Tn—

Ad.mettops que IL.., = const et v“- const
Désignons par "m" la valeur KP/ V. de la
relation (8) et nous aurons:

legp=He-m (9)

I1 s'ensuit que, toutes les conditions
égales, soit m - const, la profondeur Z.p
dépendra de 1l'épaisseur H de la couche de
sable passant lors des secousses, & 1l'état
dlexcitation dynamique, Selon nos études, la
couche de sable se met en état excité des la
surface en formant dans la couche H deux
zones d'épaisseur variable dans le temps t:
L ~"gone active®™ et M = "gone morte", la
variation de ces valeurs dans le temps est
décrite par les conditions suivantes:

Pour to ... ILg H=H
fI e III 'IH-LI
L7 . 1.2 H'H'I‘z
tn... In N

I1 est évident que dans notre relation
(8) 1%épaisseur H correspondra a l'épaisseur

de la zone aotive, soit Ly, L,, .- L,

Alors,

Zepi=ld=m (10)
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Dans ce cas-1a, il y a intér8t & mettee
en évidence les facteurs qui puissent influen-
cer la vitesse de développement dans le temps
de l'épaisseur de la zone active L, , car
cette épaisseur, dans le cas général, sera
définie, dans le temps t (durée de secousse)
par la relation

L4 =vV/2(t) ¢ (11)

ol ¥V - vitesse de développement de 1lt'épais-
seur de la zone active.
Pour déterminer les valeurs V¥V , nous
avons obtenu la relation suivante:s

Vot = 911 (Lt-Z) (12)

La fig. 8 dénne la courbe de relation
V= §£(V.) construite d'aprés les résul-

tats d'essais, la valeur vu a été déterminde
par une méthode connue (6) en s'adaptant A

une intemsité de Becousses et a& un état des
sables donnés, la variation de la vitesse
ravimprégnation® ( V™) em fonction de 1l'épais-
seur des sables passant 4 1'état d'excitation

dynamique se laisse voir sur la fig. 9.

N
80 V=f (V)
N
40

J
R/ sec
n
o

sable sz

/ v
ot ' -
0 5 10 15 20110

Coefficient de consolidation

dy/zaﬂzigue, Ysec

Vitesse de ,Eimpreanation

Pig., B, Courbe de la vitesse de l'en~
foncement de’ la zone active dans le maseif
sableux (vitesse de "1'imprégnation") en fonc-
tion de la valeur du coefficient de consoli-~

dation dynamique v,‘ -

La cause principale de ces phénomdnes
est l'augmentation du débit d'eau de drainage,
s'écoulant au coure de la consolidation, et son
influence grandissnat avec l'augmentation de
1t'épaisseur de la oouche de sables saturée
passant & l'état 4d%excitation dynamique,

213

d\

L1544
o
o

emy/
/

-

Q

3se de Cimprégnation,
3 E B8

e

Vite

Fig, 9. Relation entre la vitesse de
ltexpansion en prefondeur de la zone active
(vitesse de "l'imprénation”) et 1l'épaisseur
totale de la couche sableuse,

Il est évident que la vitewse V
4 un moment de temps t, sera une valeur
variable en profondeur, Dans les conditions
considérées du probléme, il est intéressant
de déterminer la vitesse de drainage, au gra-
dient maximum a 1intervenant pour 2z = O,

Pour ce cas, d'aprds la relation (I2),
nous auronst

V tmax = \)n o Ly (13)

Comme 11 a été dit plus haut , la vi-
tesse Ug¢max varie éganlement dans le temps en
s'adaptant & la variation, dans ces conditions,
de 1l'épaisseur de la zone active L. de O
(pour t = 0) @ H (pour t = max), Diol en
s'adaptant 4 la dernidre condition:

Vmax,max *= \)n . H (14)
I1 est évident qu'au moment initial
d'un séisme sollicitant le sol, apparaissent
des phénom2nes assez compliqués dus A& la cone
solidation du sol et & la pression de l'eau
drainante sur les grains provoquée par un ré-
gime non équilibré, Cette position conduit,
sans doute, & accélérer la mise en suspension
de grains de sable, et par conséquent, la vie
tesse d'extension en protondeur de la zone
active dans les sables doit augmenter, Donc,
la relation (I4) doit 8tre écrit sous formes

vtmax'_?'vn'ﬂ (15)
ol - coefficient tenant compte du régime
non équilibré et défini par voie
expérimentale,

A cette condition, la valeur L de la
zons active, en forme générale, est définie
de la relation:



m2

Presson  sirength
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L = f N Vn « H . tgeiom (16)
Alnsl, en conclusjon de nos travaux

on peut considérer comme déterminé que 1le

poids propre de la couche de sables saturés,

lors de la perte de la stabilité sous des

charges dynamiques, est dfune importance limitée

dans le temps,

Ce phénoméne, comme nous l'avons dit,
est d€a ce que la charge dynamique d'une cer-
taine intensité appliquée sur le sol fait en=
trainer toujours de nouveaux horizons (fig.7)
dans la zone active, en raison de l'accrois-
sement, dans le temps, de la sous=pression
hydrodynamique dans le sol. Selon les études
effectuées, on peut admettre, sans prendre de
mesures de protection, une perte de la stabilité
des sables saturés 4 des profondeurs de dizai-
nes de métres, avec une durée suffisante du
séisme,
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D. M. MILOVIC (Canads)

I should like to refer to the paper of V.G.
Berezantzev et al: "On the Strength of some
Soils", Vol I, pp. 11-19.

The authors have shown the variation of
cohesion, angle of internal friction and
coefficient of lateral pressure of loess
solls in function of the water content
variation (Fig. 9, eq. <').

However, on the basis of numerous labora-
tory shear tests carried out on unuJisturbed
loess samples cut from blocks, and on the
basis of ficld load tests (Clevenger, 1956;

Wate e %

Fig. 1.- Correlation between the unconfined
compressive strength q, and the wvater con-
tent v of the undisturbed samples with the
same initial dry density y .
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compresalon strengih 4, kg/ca’

Bolognesi, L. and Moretto O.,

Bolognesi and Morettlo, 1957; Miiovic, 1961;
Holtz ana Hilf, 1961) it was established
that the initial dry density was one of

tne mosl importiant parameters which govern-
ed the change in mechanical properties or
loess when wetted.

Figs. 1-3 present the variatiion of come
loess propertics,
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Fig. 2.- Correlation bctween the strength q
and the dry density y q of tne undisturbed
samples with the same initial water content
V.

Fig. 3.- Results of the field load tests
carried out with 0.7 by 0.7 m load plates.
Tne four curves correspond to tour aiffecrent
values of y g and each curve represents the
average of 3 tests on loess witn tne same

water content.

In other words, 1t is useful an. possible to
establish the correlation presented in Fig.9
for each value of ¥y 4.
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D. M. MILOVIC

Cette discussion se rapporte B la communica
tion "Displacements amd Inclinations of Ri=
gid Footings Resting on a Limited Elastic
Layer on Uniform Thickness", présentée par
I. Sovine, Vol. I, pp. 385-389.
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Rapport nombre d'harmoniques
- dimensions de la couche
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Dans cette communication le professeur So-
vinc traite entre autres, le problbme de la
détermination des déplacements verticaux
d'une fondation rectangulaire et rigide, qui
repose sur une couche élastique et isotrope,
limitée par une base rigide.Cette §tude est
faite & la base des doubles séries de Fourier.
Cependant l'auteur de cette communication
n'a pas donné les dimensions Lx et Ly de la

couche compressibleyni le nombre d*harmoni-
ques utilisé dans le calcul des coefficients
B, ce qui est tres important dans le juge-
ment de la précision des résultats.

J'ai aussi étudié les contraintes et dépla-
cements dens une couche élastique isotrope,
puis anisotrope, d'épaisseur limitée & par-
tir des doubles séries de Fourier et je vou
drais donner quelques remarques sur l'utill
sation de cette méthode. =

Fig. 1 illustre certains de mes résultats.
Par exemple, si L = 4, dans ce cas 6 harmo-
niques seulement donnent des résultats qui
sort stables mais pas exacts. Les valeurs
calculées restent inchangées méme pour le
nombre d'harmoniques égal a 100.

Par contre, si L est égal kB 20, dans ce cas
le nombre minimum d‘*'harmoniques qui donne
des résultats stables et exacte est de 1l'or
dre de 40.

A la base d'une étude systématique les cons-
tatations suivantes ont été faites: d‘une
part, des résultats précis ne sont obtenus
qu'a partir d'une valeur minimale des dimen-
sions Lx et Ly de la couche compressible et,

dtautre part, seul le rapport nombre d'harmo
niques - dimensions de la couche fait varier
la précision des résultats.

Y. NISHIDA (Japan}

Prof. A. Croce, Prof. R. Jappelli, Prof. A.
Pellegrino, Dr. C. Viggiani find, in their
paper "Compressibility and Strength of Stiff
Intact Clays", a linear relation between the
compression index, C,, and in-situ void ra-
tio, eo. The writer would call their at-
tentions to that the same relationship was
already presented by him through some theo-
retical considerations with many practical
data. The compression index seems to be a
function of the void ratio where it is mea-
sured. Their opinions, that the controlling
factor of the compression index is the in-
situ void ratio rather than the liquid limit,
wL, is entirely agreed with the writer.

(Ref. Y. Nishida: A Brief Note on Compression
Index of Soil, Proc. Amer. Soc. Civil Eng.,
Vol. 82, SM3, July 1956). Now the writer
studied the compression index by basing on
the theory of double difusse layers in col-
loid chemistry, and he has theoretically ob-
tained the relationship of C.=2(0.6~ 0.8)e
for fine grain clays as montmolite, which
seems to agree with experimental data.
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S. OKUSA (Japan)

A soil with weak planes, of cohesion ¢ and
internal friction ¢ fails along the weak
planes, before a new fracture cuts the weak
planes in the intact soil of cohesion ¢, and
internal friction ¢, , if the angle ( a )
between the planes and the maximum compres-
sive principal stress lies in the following
range in the two dimensional case,

sin ¢ Ssnd, Omtc.cot &,

sin (2a +¢) Omtc cot ¢
where oy, = (0, +0; )/2 is the mean normal
stress. The range of ( @ ) is independent
of Uh i one of following cases: a) -

=0 ,(b ) c=c¢c, =0. The
condltlon of failure along the planes is
well known as follows,

o [sin(20+¢) - sin ¢] -0, [éin(?a+¢)+sin ¢];2c cos ¢,

or

0, cos(a+¢)sina-agysin(at+P) cosa22c cos ¢

In the case of a three dimensional stress
system, failure along the parallel weak
planes takes place before the soil itself
fails, if direction cosines of the normal
to the planes with respect to the three
principal axes lie in a certain range.

This range depends on €, co,tf) ¢ and the

three principal stresses

The intermediate principal stress, in the
three dimensional case, plays a very impor-
tant role in the condition of failure along
weak planes, and determining the above men-
tioned range of the direction cosines.

U. SMOLTCZYK (Germany)

Since engineers are generally not very much
familiar with continuum theory there seems
to open a wide gap between the General Re-
porter's conclusions and the necessity of
every-day engineering practice. Apart from
this still much doubt remains about the aid
given by continuum mechanics to soil mechan-
ics for two reasons: at first, from a econo-
mic point of view it is almost impossible

to get such a sufficient knowledge of a nat-
ural state of stress as is needed for a 3-
dimensional tensor approach of stress-strain
analysis, 1f one would not Just go back to
that rough and often erratic assumption of
an undisturbed general "at rest" state of
stress. Second, even when using a simple
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model of a stable material in a homogenous
undisturbed zero state of stress, probably
no single-valued constitutive equations for
deviator stress increments will exist. The
ratio of stress increment and strain incre-
ment is different whether the increment is
positive or negative, whether principal
stress directions change during the process
or not and whether the zero state of stress
is a result of earlier lateral compression-
just to recall some of the more essential
factors. Therefore, I am not yet convinced
that these fascinating refinements of theo-
retical mechanics will yield to more relia-
ble results at a certain engineering problem
than the rough conventional engineering
approaches do, even when excluding such
frustrating factors as time or money from
our considerations:

As already mentioned by the General Reporter
there should as well be research on the
engineering side of the problem. My own
approach (1) to three-dimensional arching
stresses in a soil body which has been
exemplified by a paper to session 4 (2) is

a kind of generalized earth pressure theory
where free parameters of a stress increment
tensor are varied such as to maximize or
minimize earth pressure at a given point.
The soil is considered to remain a continu-
ous body.

The resulting state of stress is in agree-
ment to the three conditions of equilibrium
and two independant failure conditions of
of the generalized Mohr-Coulomb type. Up

to that point, deformation equations are
not yet used. They have, of course, to be
taken into account as in a conventional
settlement analysis when deformations are
to be computed for a given stress varlation.
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