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MAIN SESSION 2

SEANCE PLENIERE 2

FOUNDATIONS OF BUILDINGS IN CLAY
FONDATIONS DE STRUCTURES SUR ARGILE

Chairman/Président: N. A, TSYTOVICH (U. S. S. R.); General Reporter/Rapporteur Général:

Chairman N. A. TSYTOVICH (USS.R)

Before opening the Second Main Session, I wigh
with your permission, to make the following re-
marks.

Engineers have been faced with the problem of ra-
tional foundation construction in clayey soils
for many years. This problem presents a number of
diffioulties that are only being gradually over-
come by applying the latest data of soil meohan-
ics.

The method of designi foundations according to
limiting deformatione (settlements) is to be con-
sidered the most advanoed procedure at the pres-
ent time. This method calls for the development
of sufficiently preocise techniques of predicting
both the magnitude of the settlements and their
rate in time.

On the basis of research oonduoted in recent
years, it is beooming evident that the theory of

filtration consolidation of clay, in its true form,

is applicable for the prediotion of foundation
settlement only for a restricted number of eases
of fully saturated weak clayey doils that do not
oontain gases and have practically no structural
strength.

In all other cases (for instance precompacted
clays), it is necessary in predicting settlement
to take into acoount, not only primary filtration
consolidation, but the secondary effeots as well.
Natural compaction should be estimated, not
according to preconsolidation pressures, whioch
oannot be aoourately established, but by the mag-
nitude of the primary pore pressure existing in
the olayey soil at the beginning of construction
and measured in the field.

Hot only their natural-historical state is of
importance, however, in estimating the compaction
of clayey soils, but also the skeleton oreep of
the soil and the quantitative relationships be-
tween the external pressure and the structural
oompressive strength, between the aoting head
gradient and the initial gradient and also be-
tween the initial pore pressure and the maximal
pore pressure developed upon loading the soil,

A knowledge of these relationships makes it pos-
sible to quantitatively predict, not only the
settlement in weak saturated clays in time, but
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also the settlement in preocompacted and over-
compaoted clays in time.

The investigation of a single pile and of groups
of piles foundations im another instance in which
soil creep is of essential importance. The only
basis for estimating pile bearing capacity and
settlement is a prediotion of the variation in the
effective stresses in time in the clayey soils sur
rounding the piles. The struotural strength and
relaxation of the total stresses should also be
taken into consideration.

A oorreot solution of the problems put before our
session will be of vital significance for founda-
tion building praotice. I would like those taking
part in the discussion to make oconorete proposals
on this matter.

Now I wish to invite Dr. de Mello, the Gen-
eral Reporter of our session, to give a
brief summary of his State-of-the-Art Report
on Foundations of Buildings in Clay.

Genesal Reporter V. F. B. DE MELLO (Brazil)

Prof. De Mello's State-of-the-Art-Report
appears on pp. 49 of the State-of-the-Art
Volume.

Chairman N. A, TSYTOVICH

Thank you very much Dr. De Mello for your
interesting summary of the State-of-the-Art
Paper concerning foundations on olay. Ladies
and gentlemen, please let us hear all ques-
tions to the General Reporter in the written
form. I wish to invite the delegates to take
part in the panel discussion. The members of
our panel are: Dr. Golder from Canada, Dr.
Kézdi from Hungary, Dr. Mohan from India, Mr.

Pérez Guerra from Venezuela and Dr. Rosenblueth

from Méxioco. I wish to call upon Dr. Kézdi.

Panelist A, KEZDI (Hungary)

In order to determine the bearing capacity of
clays, we usually make our first estimate on the
basls of the felilure theories. For this purpose,
we may use more or less sophisticated formulae
starting from Terzeghi's theory through that of
Balla, Meyerhof, De Beer and others. There is one
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oommon thing in these theoriess they assume slid-
ing surfaces and total mobilization of the shear
strength on those. Even in laboratory model tests,
we can hardly experience this type of failure and,
in reality, it almost never occurs. 4 constant and
untolerable rate of settlement can well be regard-
ed as another type of fallure, where no failure sur
faces occur, but the ultimate bearing capacity was
reached at. The conditions of thie type of failure
have not yet been fixed, and I think that several
others can be added to this. A further step in
determining the ultimat~ hearing capacity oan only
be made if we study, olassify and mathematically
describe the types of failures in olay, as it was
brilliantly made for sande by Dr. Vesié.

Using the above-mentioned theories which assume
sliding surfaces, we always have some difficulty
with the value of the safety factor to be used.

For this purposs, I suggested the diasgrem which was
first introduced for the analysis of slope stabili

ty. In this case, we determine, for a given footing,

and for a given load and curve, pairs of values of
(¢, @), for which the safety factor is equal to
unity. The calculations are easy! we select differ
ent values, determine the bearing capacity factors
and we have a single equation for c. Now, we plot,
on the same diagram, the (c, §) points obtained by
appropriate testsj; we have a clear picture on the
scattering of the strength parameters and also on
the limiting vaelues of the safety factor (/). This
can be obtained by the usual w7§‘ by drawing the

A

line OF and calculating )/ = 0P, (Fig. 1), If we
wigh to analyse the deviation of the values obtain

ed by different theories, we may draw several
lines corresponding to the appropriate formulae.

A minor point in the problem of the bearing capac-
ity of shallow footings is the case of eccentric
and inolined loadings. We have again several for-
mulae, for instance, the general formula of Brinch
Hansenj however, the experimental proofs are = at
least in clay - still missing. Here I would like
to point out, in connection with the eccentric
loads, that the safety faotor, for a given value
of @, is the same for the centric and eccentric
loading, if the eccentricity ies due to the partial
removal of the load (Fig. 2). This is the case, for
example, of a silo, where only the one half of the

cells is filled,

Passing to the problem of consolidation, I would
like to show you the results of a theory, which
does not make use of the poor pressure conoept put
forward by Terzaghi. Investigations on the struc-
ture of clays made clear that many traite of the
behaviour of oohesive soils could be explained by
the arrangement of the flat or needle-like parti-
oles., Compression eand shearing stresses cause an
increase in the local order of the particles -
these ohanges, however, require time. Figure 3
shows the usual assumption on the variations of
the local order. Making some fundamental assump-
tions regarding the degree of the local order

(x = ¥ = c7*) with x as an equilibrium value and
9% the volume change (void ratio), it is possible
to derive a differential equationj its solution ie
given on Fig. 4. The total settlement (8) consists
of two parts, the firet part is the initial settls
ment and the second the eonsolidation settlement.
There are three constantes K;, K, and t;, and it
oan be seen that the oomponents of the settlements
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Fig. 3 Arvangement of clay particlee upon loading.
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Fig. 4 Differential equation for total settle-
ment.
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Fige 5 Consolidation curves for different values
of the ratio Kj/K,.

are not independent from each other (K; and K, are
to be found in both terms). Figure 5 shows some
consolidation curves for different values of

K1 /%5

It may be mentioned that this method of calcula-
tion has been applied to the problem of static
soil compactionj for this purpose, a generaliza-
tion of the loading scheme was needed: the passing
of a roller increases first the pressures at a
cross section and after it, the pressures decrease.
The sudden change in the value of the constants
clearly indicated the critical phase composition,
i.e. moisture contents, above which the static
compaction is impossible.

Chairman N. A, TSYTOVICH

Thank you Dr. Késdi for your interesting leo-
ture specially on problems of the bearing oca-
pacity of plates. Now I invite Mr. Péres
Guerra, the president of Ingenierfa de Suelos
in Caraocas, Veneguela.

Panelit  G. PEREZ GUERRA (Venszuel)

The discussion by this pannelist of the
several subjects requested by the Gene-
ral Reporter, will be made from the
standpoint of the common foundation en-
gineer, who is always looking for prac-
tical and simple ways to discharge his
everyday duties.

SUBSOIL INVESTIGATIONS

While there is a variety of equipment
and tools for subsoil exploration, the
wash boring seems to be still the most
current procedure. Hollow-shaft mecha-
nical augers, with or without drilling
mud, have been developed. They elimina-
te the need for a casing and permit sam
pling through the shaft, but they have
limitations in regard to depth of ex -
ploration and obstacles encountered.

On this account, they work beautifully
some times, but in other cases they may
not work at all. Wash boring looks pri-
mitive and old, but it is flexible to
cope with variying conditions and is

of moderate cost.

How the hole is advanced,however, is
of secondary importance, provided that
the method permits a reasonible control
of the depth of exploration and that it
gives the operator some indications on
changes of strata.

Clays are routinely sampled for identi-
fication purposes with the 2" split ~
spoon, and here again we have an old
tool which proves satisfactory in the
majority of cases.

Classification alone usually gives a
good idea about the expected behavior

of the clay as a foundation, but the fin
al design decision would require a nume-
rical value of the strength. Three com-
mon tests are currently employed to mea-
sure it: the field vane, the unconfined
compression(UC) and the triaxial compres
sion(UU or CU). The field vane is fast
and economical; the other two tests re-
quire undisturbed sampling.

SAMPLERS

For soft to medium-stiff clays the open

end, thin tube, or the stationary pis -

ton samplers are employed. Stiff to hard
clays will require the double-tube (Deni-
son type)sampler. The Sweedish foil sam-
pler is available in some countries for

sampling soft to stiff clays.

Most of the samplers mentioned recently
in the literature employ whether the
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principle of the Denison double tube or use
foils to reduce friction. Plastic and fa-
bric foils have been proposed but have rais
ed objections on acoount of stretching.
(Kallstenius, 1961).
is a patented device which usee special mud
to reduce friction and a plug to close the
lower end till the sampling depth is reached,
and which is then released and floats back
tostgo surface carried by the mud. (Begeman,
1961).

The taking of really undisturbed samples
(the "perfect" sample) is a goal that will
presunably never be reached; even conceding
the absence of mechanical damage to the sam
ple, there is still the disturbance by the
stress release caused by the extraction of
the sample. The current approach to counter
this disturbance is by laboratory methods
employing refined techniques and by more ra
listic stress analysis. These circumstances
have fostered the trend to use in-situ tests
whenever possible.

Sligthly disturbed tube samples generally
give acceptable results for practical pur -
poses. The reduction of strength due to the
disturbance has been considered beneficial
to safety.(215) (*). This effect,however,can
in extremes invalidate the results, even
when using 6° samples.(Hall,1964). The leas
disturbance with samplers is obtained with
the foil sampler, as attested by observa -
tions and results. In Table I of the State
of the Art Report it is noticed that the
best comparisons are in cases where the
foil sampler was used.

FIELD VANE TEST

The vane test has been the subject of much
discussion and of innumerable comparisons
with other current tests. The analytical
evaluation of this test has been considered
complex(Gibbs et al.,1960) and its practi-
cal results have been attributed to a for-
tuitous cancellation of errors.(Ladd,1967).

The conflicting opinions about the vane
test make its appraisal rather baffling for
the practicing engineer. Theoretically, the
mechanism of rupture would seem to be not
very well known, and the measured strength
not applicable to the system of stresses im
posed by usual stability problems; the lat-
ter objection, however,would seem to be of
less importance for shallow footings. In
practice, on the other hand, the test is wi
dely used in routine investigations genera-
lly with good results, and is considered by
many to represent the true strength of clay

It is recognized that,apart from theoreti -
cal considerations, the results of the vane
can be affected by many factors, among them
layered so0ils(316) ,roots(Leussink and Wenz,
1967), anisotropy(Di Biagio and Aas,1967),
fissures(324) and pebbles(87). On the other
hand,is specially succesful in sensitive
clays, difficult to sample(Brinch-Hansen,
1950), or clays so soft as to make hand-
ling impractical, as was the case in tes -

One new type of sampler
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ting soft peats in the delta of the Orino-
co River

The vane is usually employed in soft to
stiff clays with strength up to 30 tons
per sqg,m. but there is reported one ex-
tremelly strong 3 x 6 cm. vane which can
shear soils of up to 60 tons/sq.m.(32).

The vane has been correlated mainly to
the UC and the UU triaxial tests. With
so many variable factors affecting the
correlation terms, it is not surprising
the wide variation of results reflected
by Fig. 6 of the State of the Art Report.
Side by side with rather good coinciden-
ce (Andresen and Bjerrum,1958) (Flaate,
1965) (279), there are not so good compa-
risons (Eden 1965) and some which are com
pletely off (32) (Leussink and Wenz,1967).
The statistical treatment of the data
gives a better idea of relative values
and in general improves the results of
the comparison.(169) (Flaate,1965).In one
interesting case an apparent difference
between vane and UC was found to be due
to end friction effect in the UC,which
after being corrected proved to be equal
to 0.93 vane. (116).

The ‘number of cases where the comparison
has been satisfactory seem to be much
more frequent than otherwise, with prac-
tical differences not larger than 20%,
and usually less.

The comparison of the vane test with
other field or laboratory tests(e.g. the
Sweedigsh cone), and among UC  and UU tests
themselves has shown variations of compa-
rable magnitude. With good guality sam -
ples the results are usually satisfacto-
ry from the practical point of view. In
one case the F.of S. of a slide was 1.08
with vane strength and 0.98 with the co-
ne. (Broms and Bennermark,1967).In another
UC=0.96 cone. (Flaate,1965).

In spite of all the differences and va -
riations, the tests oonsidered ean fur -
nish good working design values (Lo and
Stermac, 1964)(Ertel, 1967), in acoordance
with the general oonsensus of experienoce,
provided that sound basio judgement is
used to take into account the circumstan-
cial factors that may affeot the results.
Sampling, classification and some other
correlative strength test area required
for each clay deposit to establish the
necessary confidence (87).

In general it is to be expected that the
results of the vane test come out higher
than the UC and somewhat lower than the
UU(Gibbs et al.,1960). As a consequence
some deBigners reduce sistematically the

(*) Figures in brackets are reference num-
bers of the Bibliography of the State
of the Art Report.
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results of the vane in a fixed percenta-
ge, to supposedly obtain strengths on the
UC level. (Broms,1966). If it is conside-
red that usually the vane strength em-
ployed is an average of several tests,
and taking into account the natural varia
bility of soils, the relative variations
of the tests themselves and the uncertain
ties of the failure load, this sistematic
reduction would not seem justified.The
final answer should be, as mentioned by
the General Reporter,in the establishing
of statistical confidence levels for each
given locality.

Stiff and hard clays are almost always fis
sured and this defect weakens the clay and
produce extremely erratic variations in dl
types of strength tests. (Skempton and Pe-
tley,1967). It is known that the size of
the sample is determinant on the measured
strength, larger samples showing less
strength. (Bishop and Little,1967). In fis-
sured London Clay the true strength can be
as low as 50% of the results of conventio-
nal tests in small samples. This fact alore
has much to do with erratic results in the
comparison of the common tests(324).

When dealing with fissured clays, which is
very frequent,the lower values of vane,UC
and UU tests should govern the design, in
accordance with general experience.

Correlation of UC with the small laborato-
ry vane called "Torvane" is most satisfac-
tory for routine work. The same applies to
the readings of the pocket penetrometer.

LOAD TESTS

With few exceptions(Di Biagio and Ras,1967)
the term of comparison has been the strength
determined in triaxial tests on block sam-
ples taken by hand, or in field load testa
One interesting variety of the latter is
the piston load test performed at a cons-
tant rate of penetration, the so-called
CPR piston test(Butler,1964). These tests,
specially with pistons of 8" or more in
dilameter, have shown strengths appreciably
lower than UU tests (Hooper and Butler,1966)
and with much less dispersion. In fissured
clays it has been a common finding that
piston or plate tests give strengths which
plot near the lower limit of the envelope
of conventional UU tests(331). In cases
where the UC has little dispersion, it has
agreed. closely with plate load tests(Ertel,
1967).

PENETRATION TESTS

Penetration tests are widely used as a way
to determine the bearing capacity of soils
primarily sands. The two most common types
are the static(Dutch) cone penetrometer and
the split spoon dynamic penetration test.
Some use is also made of several other pe-
netrometers, among them the dynamic 2-1/2"
cone, after Peck(1953).

STATIC PENETROMETERS
In regard to the static penetrometer, there
have been reported several experiences and
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evaluations of its possibilities in clays.
The point resistance of the cone is consi-
dered as a model load test of a deep cir-
cular footing. The bearing capacity factor
N_ figured back from the test has shown a
tgndency to diminish with increase of
strength: from 30 for soft clays to 20 for
a clay of c=10 tons/sqg.m. (Wesley,1967), to
10 for a clay of average c=30 tons/sq.m.
(de Beer,1967). N_ = 20 has been recom-
mended as an averﬁge(ZSB).In London clay
an average value of 18 has been reported
(311), with tendency to decrease for the
higher penetration resistances. In ano -
ther test in London an average value of
15.6 was found(324). In soft clays the
overburden load may have some influence
on the correlation, mainly for medium to
large depths. Some variations have been
found to accompany differences in tech-
niques and rates of penetration.

The decrease of N_ for increased resis-
tance could be cafised by the typical re-
duction in cross section above the cone
point, which would interfere with the ge-
neral shear type of failure present in
stiff clays. This reduction would no af-
fect the readings in soft clay, in which
a local shear failure would obtain(311).

Penetration resistances tend to decrease
with increase in cross section of the
cone (311), but no significant difference
was found with various types of penetra-
tion points, from the classical Dutch
point to a flat circular one(324).

As the evaluation of N from the cone pe-
netrometer test depends on the determina-
tion of the true strength of the clay,N
values show variations from this source
as well as from dispersion of the test
itself. Not much success has been had in
relating the cone penetrometer to the
vane and UC tests. In one case(32) the N
was 15.5 when related to the vane and 30
when related to the CU triaxial. This si-
tuation seems to be a reflection of the
differences experienced in the other types
of tests, as commented above.

In addition to the point resistance, the
static penetrometer permits the measure-
ment of the adhesion resistance on a slid
ing sleeve, data which is usually shown as
a curve of accumulated adhesion. In the
opinion of the writer this measurement
would seem to underestimate the true adhe-
sion value of the clay. For this reason it
would seem better to use for design an em
pirical reduction of the shear strength

as measured by the point resistance. The
adhesion readings of the cone have been
applied to purposes other than measure -
ment of strength(13). Generally speaking,
both phases of the penetration test(point
resistance and sleeve adhesion) are to be
considered as field strength tests, which
require for a rational interpretation, bo
ring and sampling for identification of
the soils involved.



SEANCE PLENIERE 2

In summarizing, the interpretation of pe-
netration tests in clay looks difficult
and confuse at the present time and more
investigation is needed to evaluate the
several factors that may influence it. An
N _ value of 10 would be expected from -
tfeoretical considerations (de Beer,1967),
while the 18 to 20 values recommended by
others could be practical conservative va-
lues. As with other field tests, it could
well be that correlation always remain to
be only possible on a local basis.

There are also a few references to the use
of the static penetrometer for the determ#
nation of compressibility parameters(258)
(Bachellier and Parez,1965). The latter,
using the same penetrometer employed for
the IRABA tests in France, found an empi-
rical correlation factor which for the
clays tested varied within relatively na-
rrow limits. More extensive investigations
would undoubtedly be required for the me-
thod to come into practical use.

As it has been more or less established
that shape of the cone is not a major fac-
tor of variation, as against area of cross
section and rate of penetration, it would
seem recommendable to relate future expe-
riences to the Dutch penetrometer and tech
nique. This penetrometer has a tradition
in Europe and is the most frequently found
the world over.

DYNAMIC PENETROMETERS

The performing of the spoon penetration
test while doing wash borings and distur-
bed sampling has been considered as a free
bonus of the proccess. Relative density of
sand has been related to the SPT, but for-
tunately this subject is out of order in
this session.

Attempts have equally been made to relate
the blows of the SPT to the shear strength
of clays. Reported in the literature and
summarized in Fig. 27 of the State of the
Art Report, are correlations of N/q ( in
kgs./sq.cm.) ranging from 5 to 50, with
the most frequent values from 5 to 8. Some
of the correlations are backed by extensiwe
testing and apply to a particular place
(225) (182). As noted by the General Repor-
ter, the scatter of the correlation proba-
bly is due more to the variations of the
clay than to the test itself. Activity of
the clay seems to influence the results
(182) (510) ,as well as fissures and pre-com
solidation.

In testing two extensive deposits of pre-
consolidated clays in Venezuela, it was
noticed that in spite of scatter, the ran-
ges of blow counts corresponded to similar
ranges of strength, and that the blow counts
were rather consistent throughout each de-
posit.

In general, it seems that unless a systema
tic local correlation is developed, the re
sults of the SPT in clays are to be taken

as only indicative of strength, as stated
by many authors(89) (Means,1960) (309).

A few investigators have sougth a relation
between SPT and compressibility(260) (Malcer
1960) (112) , but the results do not seem as
yet to be useful for practical work.Proba-
bly the situation in this field is similar
to the one related to strength.

PRESSUREMETER

In the line of field tests both for com -
pressibility and for strength, it is be -
lieved that the most promising is the pres
suremeter test developed by Menard. There
are increasing publications of experience
with this apparatus, reporting results ra-
ther satisfactory from a practical point
of view.

As an in-situ, stress-strain test, the
pressuremeter yield data related to the
whole phenomenon of deformation under load,
which permit the establishing of working
values for pre-consolidation,bearing capa-
city and compressibility.

In regard to strength, comparisons have
been made with vane and UU tests(Rochette
and Hurtubise,1964), and with plate and UU
tests (Greenland,1964) .The pressuremeter
agreed with the vane; the UC and UU tests
had a wide variation, with an average be-
low the vane strength but exibiting a si-
milar trend in depth. The pressuremeter
showed a reasonable agreement with the load
tests, but with much more variation and
with a tendency to indicate higher strengh.
The type of soils tested may have had much
to do with both the scatter and the higher
strength, as they were fissured clay, fis-
sured weak siltstone and varved clay.

For pre-consolidation loads, the pressure-
meter seems to furnish good working values
in accordance with tests conducted in soil
of CL, CH and MH type(Mori and Tajima,1964).
This is an aspect of great interest, as a
majority of clays to be loaded with build-
ing foundations are pre-consolidated to so
me extent. At present, short of actual oe-
dometer cr triaxial tests, the designer ,
looking for a preliminary value of pre-con
solidation, has to resort to correlations™
with the liquidity index.

The evaluation of bearing capacity and set-
tlements with the pressuremeter, has been
presented by its inventor (Menard et al.,b62)
making use of a long list of experimental
parameters;a series of full-sized load -
tests gave results which seem to substan-
tiate the theory(Menard,1963).

The measurement of soil properties and pre-
diction of behavior on basis of pressureme-
ter tests are probably as relative and as
subject to variations as most other proce-
dures of soil mechanics; yet, they are ne-
cessarlily far more accurate than many co-
rrelations currently in use. The ability to
run several tests in a site in a relative-
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ly short time and to furnish data on seve-
ral levels of the profile, may make of the
pressuremeter a useful tool of soil engi-
neering. The flow pressure and the limit
pressure defined by the pressuremeter re-
present physical limits of behavior, and
the test is based on recognized rational
theories.

This is not to imply tnat the pressureme-
ter is to be considered a panacea-there
may be situations where its use may prove
impractical or its interpretation unclonlw
sive- not that it would furnish the sole
basis for establishing foundation criteria

Everything considered, it is a bit surpri-
sing that the pressuremeter, at more than
ten years of its invention, has not come
into more general use. Efforts should be
made toward increasing its availability
and simplifying its interpretation.

(#,c) SOILS

The vane and UC tests are strictly applica
ble only to # = 0 cases. The interpreta-
tion with (@,c) soils is very personal with
the designer, as it will require a certain
weighing of cohesive and frictional charac
teristics. A measure of friction can be
had with the vane test by using vanes of
different numbers of blades(Farrent,1960),
but this is not a current procedure.

Static penetrometers, plate load tests and
pressuremeter tests, can give a measure of
bearing capacity, but the complete analyss
of the components of strength will require
triaxial compression tests.

ON CONSISTENCY LIMITS

Taking up an ad-libitum subject, the write
would like to bring up a point that may be
of some interest.

It would be an inanity to mention the ex-
tensive use made of the consistency limits
in soil mechanics. The determination of
these limits in routine work means hundred
of tests made by laboratory technicians.
Frequently they do nothing else for weeks
it being certainly a depressing perspecti-
ve to face the plate-clapping and finger-
rolling routine day in and day out. It is
known that personal errors may affect the
results, and while a laboratory can always
make periodic checks of the reproducibili-
ty of results, it is difficult to take in-
to account the deterioration of technique
as the day advances and the hands get ti-
red and the minds dulled.

Several years ago there appeared in Rus-
sia and in India some proposals for the
use of a cone as a substitute for the 1li-
quid limit machine; some experiences made
in the United States(Sowers et al.,1959)
showed considerable promise, but lately no
mention has been made of the subject in
the literature, giving the impression that
no more work is being done.

The use of the cone do not necessarily has

to be restricted to the liquid limit, but
could perhaps be extended to cover the
plastic limit too.

It would seem that soil mechanics need new
methods for these determinations, which
would shorten the time required and which
would eliminate as much as possible the
personal factor.
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Cheirman N. A, TSYTOVICH

Thank you very muoch for your interesting re-
port Mr. Pérez.

Now Dr. Mohan, please deliver your contribu-
tion.

Panelist  D. MOHAN (India)

Even though piles have been in use for so many
years now, the knowledge of their behaviour and
correct assessment of their load carrying capacity
is far from perfect. The reason is that the
problem is fairly complicated for a single pile
itself and is much more difficult for a group of
piles. Some of the important parameters that
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influence the behaviour of a single pile are the
elastic properties of pile material; the elastic,
elasto-plastic and plastic properties of the soil;
shape and size of piles; method of installation;
the type of soil and its physical state including
its stress history and time factor involved in
driving and testing the piles, It is, therefore,
obvious that one cannot get a simple and perfect
expression to predict the load bearing capacity
of pile which takes into account all the above
mentioned parameters., The best the one can

get is a solution which, with proper modification,
based on judgement and experience of the designer,
will provide a safe structure, The factor of
safety in such a case is thus a combination of the
factor of ignorance, factor of experience and
factor for the risk involved.

In the light of above arguments, it is clear that

any method old or new, will have its own limitations.
Even though the old methods which are mostly
based on rule of thumb are gradually being replaced
by highly sophisticated and computerised methods,
the level of confidence on the latter have not
altered significantly, The field engineer or a
designer has his own doubts and reservations about
these methods, What could possibly have been
wrong with our researches in this direction? One
of the reasons that I can see is that while we have
paid much attention to perfect the computation
technique, we have either overlooked or not paid
enough attention to the fundamental physical para-
meters involved in it, Take for example, the
method suggested by Poulos and Davis (1968) for
prediction of behaviour of a single vertical pile
subjected to axial loads. The problem has no doubt
been attacked in a right direction analytically. But
apart from the fact that the basic assumptions
involved in thie approach will affect the results,

the reliability of the results will be governed by the
degree of correctness to which the physical para-
meters E, E' and M are assessed. There is
no single reliable method to determine these para~
meters and a lot more work is necessaryin this
direction.

ANALYTICAL METHODS

The main advantages of Poulos and Davis

method is that (1) it gives distribution of stress
along the pile-length; (2) the method can be used

to analyse pile of any shape e. g. single and multiple
under-reamed piles etc,, (3) the group effect can
be taken into account on a more rational basis,

(4) the computations are quicker compared to the
method of Seed and Reese (1957). Unfortunately,
there are no flald or model test data availahle to
verify the reliability of chis method. This is
mentioned by the authors themselves ".....an
assessment of the accuracy of such predictions must
await comparision with the results of carefully
controlled model and field tests'',

The method of Seed and Reese (1957) is well
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supported by field and shbdel tests, It is mainly
useful in friction piles with a low point resistance.
The reliability of the method depends on the correct
assumption of the utilisation of friction forces along
the pile shaft. Much work is yet to be done to
standardise a method for a correct assessment of
these frictional forcea Unlike Polous and Davis
method, it is not possible to extend this method to
determine the group effect.

PILE DRIVING FORMULAE

Numerous dynamic formulae have been proposed in
the past. Their basic principle is that the energy
imparted to the pile by the driving hammer is
equated to the resistance offered by the ground
through which the pile is driven, To this belong
the Engineering News Record, Dutch, Ritter,
Hiley and several other formulae. Even though the
usefulness and reliability of these formulae have
been questioned several times, they are still widely
used and most of the piling firms estimate their
pile capacities with the help of these formulae.
What can be the reason of this paradoxical
situation? One of the reasons is that they are
very handy, The designer does not get lost in

the mathematical computations. If you ask the
designer why he adopts thern when they are not
reliable, he will probably reply - ""after all what
is reliable in Soil Mechanics'"? However, this
gives a clue to the fact that most of our sophis-
ticated analytical methods, if presented in the
form of ready made tables, charts, and nomo-
grams will look more attractive and will be
‘acceptable to the field engineers and designers.

WAVE EQUATION

Another analytical approachin this direction is
the prediction of ultimate bearing capacity of pile
by wave equation. Even though this method was
proposed in 1938 (Glanville et al - 1938), it has
come to prominence only recently through the
efforts of Smith (1962). The study carried out

by Forehand et al (1964) has established that the
successful application of this method requires a
knowledge of static and dynamic properties of soil,
dimensions of piles and properties of the material
from which it is made, and information of physical
properties of pile driver and associated equipment
used, Here again, we are faced with the same
problem - how much reliable our knowledge is
about the soil properties?

LOAD TESTS

In spite of many sophisticated computerised
techniques, the load tests still continue to be the
most reliable method of prediction of ultimate
load bearing capacity of piles. The static cone
penetration teet his also been used to a limited
extent. The obvious advantage of these methods
over any analytical method is that they do not
involve any assumption regarding the soil proper-
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ties and the complicated sail-pile interaction is
taken into account automatically. The load tests
too pose their own difficulties - (a) how to define
and determine the ultimate load from the load
settlement curve; and (b) what can be the best
possible method of carrying out the test so that

it is most economical, less time-consuming and
simulates the actual loading conditions, Itis
encouraging to note that there is a growing cons-
ciousness on the part of researchers to standardise
the load test. However, amongst the widely
varying practices, there is still need to find one
method which fulfils the above mentioned criteria
and is accepted universally. This is more essen-
tial now in view of the fact that exchange of lite-
rature on an international level is helping a lot

in advancement of various sciences. An inter-
national gathering of this type can play an impor-
tant role in standardising such practices.

LATERAL LOAD RESISTANCE

A survey of literature for analysis of piles subjected
to lateral loads shows that the state of affairs is
equally gloomy in thie case also. Even though there
are many analytical and empirical methods availa-
ble in the literature, each presents its own diffi-
culties. One of the rational procedures is to treat
the pile as a beam on elastic foundation and using
Winkler's hypothesis and concept of modulus of
subgrade reaction, analyse the problem. Even
though an excellent paper has been presented by
Terzaghi (1955) on modulus of subgrade reaction,

it still leaves many questions unanwered. For
example, is it correct to assume that the modulus
of subgrade reaction is independent of load? In
other words, how far are we justified in assigning
only one single value for the modulus of subgrade
reaction of a soil at a particular depth? So far its
variation with depth is concerned, it has now been
established that it varies linearly with depth for
sands and normally consolidation clays and is
constant with depth for stiff and over consolidation
clays. If a more precise variation of modulus of
subgrade reaction with loads is also established,
one can use the method of Reese and Matlock (1960)
or some similar method with suitable modifications,
The lateral load test will however continue to play
an important role in years to come and there is an
urgent need for its standardisation on lines similar
to the vertical load test,

PILE GROUP EFFECT

Next we come to the question of analysis of pile
groups, It has been known since long that the load
carrying capacity of a group of piles for a particular
settlement is not just the number of piles times the
load carrying capacity of one single pile, yet there

is no reliable method to determine quantitatively the
actual load carried out by a pile group. Unlike single
piles, the load tests of pile groups in the field are
not generally possible and only very few tests have
been reported in the literature. Most of the studies
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have been confined to model tests only and based
on these a few authors (Whitaker 1957, Safferi-
Tate 1961 and Sowers et al 1961) have found out
efficiency factors with various configuration and
pile spacing. The results of these investigations
differ from each other so much that nothing con-
clusive is available.

MODEL TESTS

One of the main difficulties with model tests in

Soil Mechanics ie the control on physical properties
of the soil. Many research workers are now loosing
faith in the reliability of model tests and going in
either for very large model tests ox full scale field
tests. In one of his lectures delivered by G. Leo=-
nards at Roorkee (India) very recently, he stated
that due to difficulty in simulating the physical
properties of soil, it is impossible to get any re-
petitive and reliable results in model tests on

piles. There are, no doubt, many difficulties in
controlling the physical properties of soil but I

am not unduly pessimistic on this issue, Much more
research is obviously necessary to standardise the
procedure for obtaining repetitive soil properties
like the density of soil, moisture content etc.

Poulos (1968) has put forward an analytical app-
roach to find the influence of one pile over the
other in a group, They have used Mindlin's solu-
tion for the effect of vertical point load acting in=
side the semi-infinite space on sorme other point
in the same space., The method appears to be
rational but again we are faced with the difficulties
of ascertaining the physical parameters, E, E' and
\ of the soil and the pile, The author rightly
points out that ''In applylng the theoretical solution
to the field problems, it musat be borne in mind
that the theory at present takes no account of
various aspects which may influence the behaviour
of a group such as the order of driving of the piles,
layering of the soil profile, Also the theory does
not take into account any raft action between the
pile cap and the soil'', The author suggests that
because of the difficulty in determining the values
of the soil pile parameters, it may be more satis-
factory to carry out a field loading test on a single
pile and subsequently to apply the theoretical values
of settlement ratios to the results of this test in
order to predict the settlements of a group. In view
of the fact that the soil in the field may not be
homogeneous, the authors caution - 'It must, how-
ever, be borne in mind that such non-homogeneity
may modify the interaction between piles as com-
pared with the case of homogeneous mass and thus
limit the validity of the theoretical curves in this
paper. Further study is necessary in this direction',
W11l all these precautions and limitations at present
not scarce a design engineer and compel him to
adopt the old conservative empirical methods like
Converse - Labaree, Seiler - Keeney or Feld
formulae?

COMBINED GROUP OF VERTICAL AND BATTER
PILES

One gets completely lost when he has to design a
pile group consisting of vertical as well as batter
piles subjected to vertical and horizontal forces
along with moments, Even though there are many
analytical methods (Hrennikoff 1949) as well as
graphical (centre of rotation method) none of them
takes into account the efficiency factor which is so
strongly advocated in case of pile-groups subjected
to vertical loads only, There has been no systema-
tic study either in the field or in the laboratory to
find the efficlency factor for pile groups subjected
to lateral loads. There is therefore an urgent need
for the development of a general analytical method
to determine the influence factor for a pile with
general configuration (consisting of vertical and
batter piles) and subjected to general loading (ver-
tical and horizontal forces with moments), This is
needed bothior two and three dimensional problems.,
This study should subsequently be checked by sys=
tematic field and model tests,

SUMMARY AND CONCLUDING REMARKS

I would finally like to summarise the points on
which we might focus our attention.

(1) Anintensive research is necessary to study
the physical parameters involved in the pile
foundation problem,

(2) Not to scarce a designer with complicated
mathematical computation, a systematic study
should be carried out to prepare tables, charts
or nomograms based either on the analytical
approach or field and model tests,

(3) The vertical as well as lateral load tests on
single piles being unavoidable at thie stage,
a standardisation of the technique of carrying
out these tests as well as of interpretation of
the results need an exhaustive study.

(4) To make the model test results more useful
and reliable, a standardisation of the techniques
for control of physical properties of the scil
is very essential,

(5) A systematic study is urgently needed to find
the efficiency factor for pile groups which
consists of vertical and batter piles and are
subjected to most general type of loading.
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Chelrman N. A, TSYTOVICH

Thank you very much Dr. Mohan for your in-

teresting talk on pile behavior. Now I call
on Dr. Golder.
Pandist H. Q. GOLDER (Caneda)

In general terms settlement IS the problem.

For 'average' buildings and 'average' soils
we know enough now to be sure of avoiding
rupture in shear of the clay supporting the
building.

If we look for examples of shear failure of
building foundations in clay, what do we
find?
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Skempton's paper on 'Kippen' - published
in 1942 (Skempton, 1942)
- this was an unusually soft clay
shear strength below the crust was
340 1b/sq.ft.

The Transcona Grain Silo - occurred in 1913
(Peck & Bryant, Geotechnique Vol. III
(1953) wWhite, L. S. ditto).
This was an unusually heavy building.

There may be others.

But today we should not get ‘rupture'; cer-
tainly not for 'average' conditions.

Settlement IS the problem.

How much?

How quickly?

or one foot-

Settlement of what? a building,
ing in a building?

This immediately introduces the concept of
‘deformation' - not at all the same thing as
settlement. If we know the stresses in the
soil due to the building we can make a rea-
sonable stab at calculating the settlement.

We start with Boussinesq's (1885) solution
for an ideal elastic material - and a point
load. We integrate this to get a loaded area
(or a line load) - in fact we use Newmark's
(1947) very useful graphical solution., We
can now say what the settlement will be at
any point of a uniformly loaded rectangle.
But for the loading to remain uniform the
building must be completely flexible - i.e.
the loading is a collection of vertical rods.
Such buildings do not come often, although
oil tanks approximate to this type of load-
ing.

OR we can say this building is so stiff that
it will not deform, and using the work of E.
N. Fox (1948) we can say the settlement will
be so much. Between these limits the founda-
tion engineer can say nothing: Between these
limits the problem is a structural one and a
very complex one. Today it is probably pos-
sible - for the first time - to analyse a
structural frame and by successive approxima-
tions to arrive at reasonable values for the
final settlement of the individual footings.

But buildings do not consist of structural

frames. They consist of frames stiffened by
panels. I learned that by observing bomb-

damaged buildings in London during the Second
World War. And I think it probable (I do not
know) that the biggest uncertainty in calcu-
lating the settlement of a partially flexible
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structure is not the soils data but the know-
ledge of the stiffness of the 'framed and
blocked' structure.

I think that we soils engineers are doing not
too badly:

Now what about rate of settlement? Here we
are on much more shaky ground. I have very
little confidence in our predictions of rate
of settlement. We very seldom get the clas-
sical case of a thin layer of clay between
two layers of sand with uniform pressure dis-
tribution through the clay (the conditions of
most of our laboratory tests). Instead we
have to decide, a) where are the drainage
layers?, b) is the foundation itself a drain?,
c) can we cope mathematically with three-di-
mensional consolidation in this problem?, d)
can we cope with anisotropy in the soil?, and
e) anyway, can we cope with the difference
between a sample tested in the laboratory and
the soil mass? In most cases the answer is
NO:

But does this matter? I doubt that it does.
If I can tell a structural engineer that the
final total settlements of the footings of a
given building are not going to exceed cer-
tain values, what does he do? He designs the
building so that it can accept these values.
He does not argue that the creep in the con-
crete over a period of time will compensate
for differential movements and keep the
stresses within tolerable limits. This may
in fact occur and may account for the fact
that many buildings stand up. But I have yet
to meet the structural engineer who will in-
clude this as part of his design, OR the
Building Code which will let him!

So that I have yet to be convinced of the
necessity of predicting the rate of settle-
ment for a building on clay. Please note I
am not talking about fills, embankments,
roads or dams!

I realise that, in exceptional or ununsual
circumstances, the differential settlement
between two footings may be greater at a cer-
tain time during consolidation than when the
final values have been reached. But I would
have little confidence in a building which
depended on an exact prediction of the time
rates of ‘settlement for its safety, and none
in its designer.

Allowable Settlements

Professor de Mello has also asked me to talk
about 'allowable settlements'. I am going
to be involved in this problem at the next
Pan-American conference in 1971. I don't
know the answers but I have thought of a few

questions.

Who does the allowing? The Building Code,
the Architect, the Structural Engineer, the
Foundation Engineer, the Client, the Ownmer,
or the User?

Must a building look safe? e.g. Tower of Pisa
- do they really want it straightened? or
just stopped?

Is settlement which can be seen by the layman
always unallowable?

I remember a long single storey office buil-
ding built in England on peat during the War.
It was over a quarter of a mile long and
there was a corridor full length right down
the middle. The settlement in the centre of
the corridor was at least a foot more than
the ends. It could be clearly seen and
looked very odd. But the building served its
purpose until the end of the war when it was
no longer needed.

Is settlement which can be seen by the
trained eye allowable?

At Westminster Cathedral in London (not West-
minster Abbey) the lintel over the main door
has settled about 3" at the south end com-
pared to the north end. This has distorted
the arch over the doorway. The cause is
simple and obvious. The very high and heavy
campanile is situated just to the south of
the doorway, and the London clay below the
structure has consolidated under its weight.
Not many people notice it. It was first
pointed out in print by Guthlac Wilson (1946).
Only the trained eye would see it. It does
not affect the function of the structure. 1Is
it allowable? If the architect had been told
that it would happen would he have allowed it?
How would the engineer have prevented it?

If settlement cracks a vitreous panel is it
allowable?

If the panel is changed to something less
rigid, is the same settlement allowable? 1If
the usage of the building is unimpaired then
can settlements be considered allowable? How
much settlement can the structure safely
stand?

I hope to get some answers in the discussion.

Floating Foundations

Floating foundations (or partially floating
foundations) are used for two different rea-
sons. (Golder, 1965). The first is to reduce
settlements, the second to reduce shear
stresses in the soil.
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In the first case the soil may have consider-
able shear strength and an excavation can be
made to the required depth and the foundation
constructed therein. Settlement will be
limited to the reversal of bottom heave which
occurs during excavation, plus the settlement
caused by whatever pressure is applied to the
soil in excess of the overburden pressure if
the foundation is not fully floating.

In the second case the shear strength of the
soil is very low, the lower limit being zero
in which case we have a foundation analogous
to a ship floating in water. With very low
shear strengths the problems are almost en-
tirely construction problems. It is very
simple to design a fully floating foundation.
It is also very simple to design one which
cannot be built. Once the foundation exists
in the ground the settlement should be zero.
For a given shear strength there is a theo~
retical limit to the depth of an excavation
and this should be considered in design.
However this is not necessarily the limiting
depth of the floating foundation if suitable
construction techniques are used.

The greatest objection to floating founda-
tions is that they are generally expensive.

DeMello's Guide Lines for Discussion

a) levels of confidence of design decisions

b) local experience applied in other places

c) lines of research and collection of infor-
mation.

a) Levels of confidence of design decisions

As regards prediction of total amount of set-
tlement on clays - quite good - but for rate
of settlement very dubious except in the
simplest cases.

For design decisions affecting floating foun-
dations - high - but construction decisions
are another matter.

As to allowable settlements we can probably
produce a design which avoids trouble; but

we may be wasting money in doing so.

b) Local experience applied in other places

We must be very careful about this. The best
way to deal with a difficult problem in an
area which is new to you is to find the best
local man and ask him to work with you. You
don't have to believe all he says, indeed you
should argue with him and make him prove his
points by reference to actual case histories.?

It may be that there is no local experience.
Then we will automatically be relying on our
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experience of 'apparently' similar soil. But
the ordinary index properties may not be
enough to describe the soil. I remember many
years ago seeing the clay at the site of the
Sasumua Dam in Kenya. Two things struck me
as unusual, its light weight and its soapy
feel. When we did simple laboratory tests
the weight per cubic foot, the water content
and the liquid limit seemed all wrong, al-
though I cannot now remember the fiqures. I
advised the contractor, for whom I was work-
ing at the time, to make special provision
for drying the clay before placing. Natural-
ly he did not get the job. Later, as you all
know, Terzaghi was called in and discovered
that the unusual properties of the clay were
due to an unusual mineral, Halloysite, in its
composition. He was akle to draw on experi-
ence of similar clay in Indonesia to aid in
solving the problem.

The stiff fissured London clay can be used

as another example. When working with fis-
sured clays, the fissure pattern is most
important. It affects greatly the strength
values obtained from samples of a given size.
Index properties will not help on this prob-
lem, but of course visual field observations
in a cut or a tunnel or a large hole will.

The last thing I want to see is a "Code of
Practice for the Application of Local Prac-
tice and Experience to other Clays around the
World". This would be most dangerous.

c) Lines of regsearch and collection of
information

Collection of information, viz. case histo-
ries, is most valuable. Short of a major
breakthrough by the structural engineers so
that they can analyse the whole building and
not just the frame, I see no alternative way
of dealing with 'allowable settlements'.

Following this breakthrough, if it occurs,
and if then structural engineers are willing
to vary their working stresses with time, then
further work on rate of settlement would be
justified. Failing that I would regard work
on rate of settlement as academic - but not to
be neglected on that count. It would be good
to be ready when the structurals arrive.

I see carefully documented case histories,
plus field tests and observations as the best
lines to follow. This of course costs money.
It is beyond the resources of most universi-
ties. But by collaboration much can be done.
I cite the recent work in Britain on large
diameter bored piles with and without belled
bases, and several recent cases in Canada of
field testing programs costing well over
$100,000 each, to decide points we don't know.
These tests, paid for by enlightened govern-
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ment or semi-government bodies will pay off
in design savings and will be published in due
course. This is theway I think we should go.
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Chairman N. A. TSYTOVICH

Thank you Dr. Golder for your very interest-
ing information specially on problems of set-
tlement prediction of structures erected on
clay. Now finally I wish to call upon Dr.
Rosenblueth from Mexico.

Panelist E. ROSENBLUETH (Mexico)

In bis. masterful paper of the state of the art
de Mello (1969) remarked that the ers of statistical
analysea and confidence limits must imescapably come
to soil mechanics. Soil meobamlcs is indeed enter-
ing this stage. Yat it would be desirable that this
pbase be saperseded. Ultimately, decisions mmst be
taken on the basis of decision theory, bayesian sta-
tistics, and the soll-structare system must no long-
er be viewed by soil mechanlcists as almost only soil
and by struetnral emgineers as almost no soil, with
timid glimpses of each other's domain.

Thera are sows papers, very few, that provide
bases for hope that this more desirable state of af-
feirs may not be far away.
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The present writing sims at suggesting a frame-
work to broaden the system with which deal foundatiom
engineers and their colleagues from above sad froms
below the foandatlon, and to lntredace a systematic
application of decision theory im problems involving
baildings on clay. The formulations proposed oftea
pose probleas which are still mot tractable; sugges-
tions are made to help overcome these difficulties.

The nature of things and the purpose of engineering

decisions®

Soil mechbanlcists deal with wide dispersioms of
soil properties. To them, the dictum "every quantity
which occupies the mind is random" seems a truisa.
However, its meaning is more profound than might be
construed from the spread of the mechanical proper—
ties of a material identified as belonging to a sin-
gle stratum, The mind would still deal with random
quantities if all the soil underlying a foundationm
could be tested, either in situ or la the laboratory,
and 1if the loads to be imposed could be weighed be-
forehand. Randomness is inevitable due to instrumen-
tal and sensorial inaccuracies and to errors in the
theoretical frameworks into which the results of meas
nrements are inserted. It is nlso inevitable because
the engineer designs not for past but for future
events,

The role of classical statistics is a desorip-
tion of some properties of random variables. Bat de~
scription is not decision, and an enginser's primci-
pal function is to take decisions. Probabilities and
bayeslan statistics, aot classical statistics permit
the engineer to move from his purely descriptive
chores to the exercise of his professionm.

The solution of real engineering problems com-
sists in discerning which smong the several aitemma-
tive eou:t:n is the preferable, the optimum, course
of action.®? To resolve such problems there must
exist a sot of design objectives, preferences, or a
scale of valaea, and there must be alternative comrs-
es of aetion, preference for one of which is not es-
tablished a priori (Ackoff, Gupta and Memas, 1965).

A systematic approach to the analysis of & swb~-
Ject’s decision problems requires latroductioa of a
scalar which bears a one~to-one relation with prefex—
ence aad varies monotonlcally therewith, This scalar
quantity is called utility. Problems then consist ia
finding that alternative which maximizes utility.

Often it is advantageoms to introduce the eou~-
cept, borrowed from mathematical programming, ef aa
objective function, which is to be maximized or mjni-

zoed. This is a scalar that varies monotomlcally
with utility withia the context of a givea problem,
For example, for given fixed quantities of coacrete
and steel, one may wiab to ase as objeotive function
in the design of e foundation girder the stiffness ef
that girder and seek to maximize it, Altermatively
one eoald minimize the total cost of the girder givea
s set of restrictions, and that cost woald be the aew
objective function.

Classical statistics provides soms laformatien

T These paragraphs are partly based oa Resen-
blueth (196%).

38 When the subject decides for himself, “profer—
eace” and "desire” are sysonymous. When am engimeer
decides for an individusl, for s grosp or society, he
oust replace "desire” with "bemefit”. Ia what fol-
lows, the term "preferesce” will be used with beth
meanings.
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os one step im the solution of engineering probiems,
bat this i3 of limited valua. Consider, for example,
the matter of confidence intervals. When a statisti-
clan says "the mean of s random variable lies between
x; snd x2 (x) < x3) st a confidence level of 95 per—
censt” he is not stating that the probability is 0.95
that the mean lies in that interval. Rather be is
saying that “if x had some usmally umstated probabil-
ity distribution (often a gaussian distribution) and
if the expectation of x were either smaller than x)
or larger than x2, them the probability would be no
greater than 0.05 that the number of observed values
of x lying between x; and x2 would have been equal te
or greater than the number observed im this inter-
val.” The relation between this statement and deci-
sion taking inm engineering is remote.

Calculation of confidence intervals really
serves only to satisfy a convention. This entante is
so widespread that such statements give a feel for
the statistics of s random variable, which in itself
is a useful thing. As well, the existence of such a
convention jastifies the publication of results ia
this guise for the same reasoa that the publicatioa
of some essentially useless scientific papers is jus-
tified -- attaining recognition by the scientific
community.

Is practical applications, classical statistics
provide so rational procedure for differentistisg be-
tween the level of confidence required for soil prop-
erties affectimg crucial decisions (say, shear
strength under a nuclear reactor) and those which are
rolated with irrelevant matters (say, the compressi-
bility of dense sand umder a 6-ft femce). A further
limitation is the following: before an engimeer ex-
smines s set of test results he has an idea of the
properties of the material from merely looking at it
(so much so that he immedietely detects gress errors
ia the reported test results) bat classical statis-
tics offers no means for inmcorporating this prior
knowledge.

Ia bayesisa decision theory prior knowledge is
formally meided with statistical information in a
manner useful for decisiom taking, through spplica-
tios of Bayes' theorem. Before incorperationm of sta-
tistical dats there are a nusber of exhaustive, mutu-
ally exclusive possible hypotheses, H;, each having
prier probebility P(Hg) of being true. Statistical
fnformation (obtained is sn experiment) constitutes
an event, say A, which is known to have taken place
bat which had a prior probability P(A Hy) of occur-
ring if the ith bypotheses is true. The (posterior)
probability that the ith hypothesis be true given
that A occurred, P(Hj|A), is furnished by

P(A|Hf) P(H)
P &
where P(A) = I P(A|By) P(B,) is the probability of A

lndapandentlylot which hypothesis is true.

As an example suppose that a soils engineer
knows that at a given site he will meet either soft
clay or an outcrop of s stiffer formation snd he as-
signs these possibilities the respective probabili-
ties 0.0l and 0.99. Now he learns that there is a
building standing at the site and that it hes had
foandation problems. He reasons that this may have
ecome sboat with a probability of 0.9 if the buildinmg
had been standing on the soft materiasl and of 0,2
otherwise. He competes the posterior probability of
there beinmg soft clay as

P(Hg|A) =

_—09x0,00
0.9 x 0.01 +0.2%x 0,99 - 0-043
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This calculation would aid bhim ia deciding on the
type of soil exploration to adopt.

As s secoad example, suppose that the engineer
knows of eight very different theories for predictinmg
the bearing capacity of s circular deep foasadation
(see de Mello, 1969). If he is not versed im the
theory of plasticity his omly basis for judgment will
be the confidence that the various suthors inspire ia
bim snd the dates at which the theories were pub-
lished. Accordingly be would assign different proba-
bilities to the verioss theories. By looking at test
results and the bebavior of existing foundations he
would be able to compute the probability distributionm
of the bearing capacity of the foundation whose de-
sign he confronts.

Equation 1 has been generalized to deal with
continuous random verisbles (Raiffa and Schlaifer,
1961). In that form it can be used for the computs-
tion of the posterior probability distributibns of
parsmeters which define soil properties.

Much of the opposition to the use of Bayes® the-
orem in this context stems from the difficulties inm-
berent in specifying satisfactory prior distxibu-
tions. These should incorporste all the prior imfor-
mation available consistent with time restrictions
and, sisce both this information and the restrictions
vary from one individusl to anmother, the results sre
based oa subjective considerations. There are basi-
cally two alternatives in this state of affairs. One
consists in ignoring prior information utterly and
basing decisions on implicit, unconfessed prior dis-
tributions, apparently taking statistical data at
face value. This spproach is the essence of conven-
tional statistics. The other consists ia applying
engineering judgment so as to incorporate prior infor
mation intuitively even if cryptically. It seems
preferable to deal with that prior kmowledge openly,
with all cards visible on one's table.

There is a vast class of problems for which the
task of establishiag the prior distributioa can be
much simplified. When one can be sure thet a varia-
ble has @ certaia kind of distributios (mormal, Polis-
son, etc) because the conceptual model adopted se dig
tates, it 1s often possible to use prior distribu-
tions for the parameters of the varisble's distribu-
tion, whose functional form will mot change as statis
tical information is incorporsted. Such distribu-
tions are kmown as conjsgste or matursl conjagate dis
tributloas (Raiffa and Schlaifer, 1961). For exam-
ple, if the occurrence of a series of events is ideal
ized as belonging to a Foisson process, the natural
conjugate distribution for their mesan rate of eccur-
rence is the gamme-] distribution. Incorporatioa ef
experimental data yields & gemma-1 distribution. For
the expectation of a normal distribution of knewm var-
isnce the conjugate distributioes are mormal.

Often the conjugste distributions are defiaed by
two parameters whose interpretation is intuitively a
pealing; ome parameter corresponds to the prior esti-
mate of the expected values of the veriable and the
other measures the uncertsinty inm this estimate. Ca}l
culatiea of the posterior distribution is usunlly
simple under these conditions,

The true difficulties in the application ef
Bayes' theorem lies in the nmeed for complicated asa-
lytical derivations, srising from the optimization
process, is practically all cases of interest aad for
practically all cost functions. Much would be gaised
by setting up computer programs capable of solviag
several commoa types of problems for arbitrary preba-
bility distributions.

At any rate, in principle one can take both the-
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oretical consideratioss and observed phenomena into
account to arrive at the probability distributions of
the variables pertinent ia design. This is a neces-
sary step for the calculation of (expected) utilities
and the choice of optimal design alternative.

In civil engineering design it is usually conven
ient to take as objective function the quantity

EX=B=-C=-D @)

where E denotes expectation, B is the benefits de-
rived from the existence of the work in question, --
which for the sake of brevity will be called "the
building,” =~ C is its initial cost and D is the los-
ses due to damage or fajlure. All these quantities
are expected present values.

If valases are actualized (discounted or translat
ed into present values), using a constant rate of conm
tinaoas interest, say Y, and if all modes of failure
imply, among other thimgs, that the building ceases
to produce benefits, ome may write

Tt e 3)

®
-

B 50 bR e
and & simiiar expression for C. Here b is the expect
ed net benefit per unit time (after smbtracting the
cost of maintenance) and R(t) is the reliability fuasec
tion. that is, the probability that the building does
not fail ap to time t.

For D one may write
@

D= f So Dify o't dt )
where D; is the expected loss in case the building
shoald undergo the ith mode of damgge or failure and
£y is the corresponding failure dengity function. Im
other words, f§ is the time derivative of the failare
distribution function, Fj, where Fj(t) is the proba-
bility that the structure has failed or been damaged
by time t in the ith mode. When only ome failure
mode is considered, say 1 = 1, R 15 equal to 1 - Fy.
Otherwise, R = 1 - I F; 1f the modes are independent

or, more generally, R = 1 - F, where F is the proba-
bility that at least ome mode of failure takes place.

If feilare, or damage, does nmot impair the builgd
fag's functions, er if the building is immediately
and systematically repaired or rebuilt, R must be re-
plaé¢ed with one in eq 3 and the second member in eq 4
becomes an infinite series corresponding to sueces-
sive failures and repairs. (More generally, im eq 3,
R must be replaced with one minus the probability
that the building ceases to function.) The, first
term in the series is given by eq 4. If § f; o't
dt << ] there is little error in dropping all higher
terms.

In many cases b depends little oa the design par
ameters, and either }; R e ¥t dt & 1/v or R shoald be
replaced with 1 ia eq 3. The problem reduces then,
approximately, to minimizing C + D, and this sum may
be taken as the new objective function.

In some problems it is licit to assume that fail
ure either occurs upon dedication of the building or

not at all, The time variable may then be omitted
and eqs 3 and 4 written
B = ByR (5)
D= f D‘F‘ (6)

where B, is the benefit derived from the existence of
the bul?ding if it does not fall.
In order to compute the reliability and feilare
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distribution functions one must find, as functions of
time, the probability distributions of resistance (or
stiffness) parameters and load parameters. Problems
concerning the design of building foundations on clay
present special and very iateresting aspects in con-
nection with the calculation of these probability dis
tributions as well as matters concerning modes of
failare and their consequences.

The purpose of foundation engineering

In exceptional situations, such as that of a
foundation on point bearing concrete piles, relative-
ly small deformations may cause fracture in the foun-
dation and thereby a variety of failures in the build
ing (see de Mello, 1969). Usually, though, large de-
formations are mot objectionable from the viewpoint
of what damage they may cause in the foundation it-
soelf but in the superstructure and in monstructzral
elements.

The usual spproach to the question of settle-
ments has been to list a set of "permissible” total
settlements, slopes and angular distortions due to
differential settlements (the subject reviewed by de
Mello, 1969). There are several reasons why this way
of focusing the problem is objectionable. For exam
ple, there is no indication im any of the lists of
“allowable™ values published of how serious the conse
quences of exceeding those values might be, of how
much shoald be spent on the foundation in order that
the values not be exceeded, nmor of the spread in what
will actually happen given that one has computed some
differential settlements using conventional methods
of analysis.

Evidently ome should treat probabilistic quanti-
ties as such, at least when the spread or umcertainty
in their values is as great as ia foundation enginee}
ing. Also, oame shomld specify loss functions, which
vary with total settlement, with tilt and with angu-
lar distortion, rather than setting asbsolute limiting
values, at least when the relation between computed
sottlements and the somsequences thereof are as wa-
esortain as in fowadatiom emgineering.

The paper by Reséndiz and Herrera (1969) deals
with ome problem concerning buildisg foundations im
clay essentially as proposed ia the foregoing para-
graph, even if the apperach used by the authors is
simpler than that to be proposed in this paper.

Definition of the system to consider in analysis
is far from a trivial question. The system should ia
clade at least the building and the soil on which it
rests but in principle it could comprise the entire
economy of the nation, and more. Too wide a defini-
tion becomes unmanageahble, however. It seoms advisa-
ble to include in the system, in detailed fashionm,
the building and the soil under it; in somewhat va-
guer form the surrounding and mearby structures and
utilities, and only vaguely the much wider items.

For example, social benefits derived from the
Job opportunities created by the comatruction of tha
building in an srea suffering from unemployment could
be recognized by adjusting the cost of comstruction,
entering eq 2 with a reduced value of C.

Such considerations will be omitted in the rest
of this paper.

A rational approach to the matter of settlements

The preceding discussion suggests an approach to
to the matter of settlements of buildings on clay.
In general terms it consists of the following steps.

1. Define the possible alternatives in desigm.
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2. For each alternative compute the expected
benefits to be derived from the existence of the
building, the expected iaitial cost and a set of ex-
pocted loss functions of total settlement tilt and ap
gular distortioas.

3. For each alternative compute the probability
distribution of these total and differential settle-
meats as functioas of time.

4. By combining the results of steps 2 and 3,
find the present values of the expected losses due to
settlement,

5. Compute the objective function E X for esch
alternative, as given by eq 2 and select the alterna-
tive that maximizes E X.

These steps will now be examined in detail. For
the sake of generality it will be assumed that the re
strictions imposed by building codes are not applica-
ble.

Desian alternatives

A formal process of optimization for the totali
ty of coaceivable alternatives would be a foraidsble
task even with the ;1d of large-capacity computers.
Part of this is obviated by making use of the eagi-
seer's judgment and experience, which drastiecally
narrow the range of cases worth examining. Further
simplificatioa may be obtained by, for example,
choosing the optimal load factor or working stress ia
the steel, with some but probably not excessive de-
parture from the optimum solution, rather than deal-
iag with the amount of reinforcement at sach sectios,
top and bottom, of every foundation girder.

The questions of the number of altersstlves to
consider and of the degree of refinement justified in
snalysis will be taken up later.

Benefits derived from the existence of the buildiag

The benefits to consider depest on the prefer—
ences of the subject for whom the engineer wishes to
optimize., Among such subjects there is, of coarse,
the owner, for whom the benefits may comsist of the
rent produced by the building, its advertising value,
its role ia production (as in the case of a building
which hoases a plant for the generation of electrici-
ty or for water treatment) or the shelter it provides
for the owner, his family and his household. Inmas-
much as engineering is a profession, there is always
society, for whom the beaefits extend far beyond the
lifetime of the owner; also there are the architect,
the builder and all other persons who participate ia
the coaception and construction of the building and
whose repatation hinges om the building's permanence.
The direct benefits to the engineer, as derived from
the existence of the building, are implicit in the
foregoing concepts, for he is paid by the owner (di-
rectly or through the architect) and he owes alle-
gisnce to society and loyalty to his colleagues and
collaborators. The question of how much time, money
and effort he should spend on exploration, tests, ana
lysis and design will be considered later.

It is usually easy to estimmte the rent that a
building will produce. The other kinds of benefits
mentioned can be estimated is the same manmner as uti]
ity in general (Fishburnm, 1967; Rosemblueth, 1969b).
A particularly useful guide in this task comsists ia
first answering the question “How much would the gub-
Ject be willing to pay for such a benefit?,” where
the subject may be the owmer, society or those who
participate ia the conceptioa snd erection of the
buildiag.

While estimation of direct initial costs is usu-
ally a simple matter, it may sometimes be proper te
consider the benefits derived from creatimg jeba for
the construction workers, as pointed sbove.

Iais functiom

Consider first the matter of settlements. Ordi-
narily the complete relationship between expected
loss and some type of settlement cannot be obtained,
due to a lack of reliable data. However, the expect-
ed loss usually incresses at an iacreasiag rate with
settlement, Accordingly, it is often adequate to as-
sume that it is proportional to the square of the set
tlement® over a wide range of settlements, even if
the idealization breaks down for extremely large set-
tlements.

Different loss functions must be postulated for
total settlement, tilt and angular distortion, the
latter perhaps differing ovexr each bay of the build-
isg. The following example may help elucidate the
task of estimating less functions.

The example concerns an apartment building, 60 m
tall, baving reinforced concrete frames and whose hol
low=block partitions are tied to the frame. It meas-
ures 20 x 20 m ia plan. It rests on a very compres-
sible but impervious clay, so that settlemente can be
expected to take place at s very slow rate, say 90
percent of the total reached in a period of a few
wonths (for smgular distortions and tilt) to a few
yoears (for average settlement). There are no nearby
structures., The building is surrounded by sidewalks
and underground municipal utilities. For the sake of
brevity ia presentation, only settlements dws to gray
ity loads will be considered.

The average peripberic settlement is directly rg
lated with damage to the sidewalks and municipal uti}]
ities. From past experience it is estimated that 40
ce of average settlement of the periphery would csase
damage to the lldeIll’l and atilities whose repair
would cost about 4 k. The worth of the incoave=-
fence to pedestrians is estimated on the basis of how
much they would probably be willing to pay to avoid
the nuisance caused by repair work. This gives abomt
1 k. Then there is the expected loss to the city
while the utilities are being repaired. Followimg a
practice that is common in the application of deci-
sion theory to the desigm of electrical systems and
to their maintenance, it will be gssumed that failare
to give a service to which people are already accas-
tomed implies a loss of ten times the rate charged
for that service. Onm this basis the loss is estimat-
ed at 2 k., There is also & probable decrease ia renmt
ability of the entire building, which is takea as 1}
k, and the harm done to the reputation of those asso-
clated with the building, which may mmount to 6 k,
assuming that during ome year they would suffer a
small decrease in the expected number of their cli-
ents,

8 The suggestion is due to C A Cornmell, It
sexrved as basis for the loss function assumed by Re-
séndiz and Herrera (1969),

84 The example is abstracted from actual cases ia
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the files of DIRAC, Consulting Engineers, Mexico

City. When judging the estimates to follow, ome

should keep ia mind that constructiea costs vary from

one country to smother and even within a single cown-

try and that ia some cities the inhabitants are quite

ased to seeing cracked plaster and hage settlements.
* k = kilodollars.
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Similar considerations of the probable need to
sake changes in the gronnd floor, combined with the
foregoing figures, suggest a totel expected loss of
10 k for the owner, 4 k to the city and 8 k to the
architect and the builders. The engineer would give
a greater weight to the owner's losses than to those
of others since the owner must pay to decrease all
the expected losses, Thus he may arrive at a weight-
ed total expected loss of 10 + 0.5(4 + 8) = 16 k.

For average peripheric settlement it is reason-
able to assume a loss function varying as the square
of the settlement., It could be argued that some of
the quantities considered would mot change with set-
tlements increasing beyond 80 cm, say, but the range
of greatest interest lies in smaller settlements, and
other losses such as in rentability would increase
rapidly with settlement. Hence, the simple hypothe-
sis will be adopted, giving

2
D; = 16(p/40)2 = (D.1p)

where Dy is the expetted loss, in k, due to an aver-
age perlpheric settlement of p, in centimeters.

_ To estipate D2, the expected loss as a function
of 6, the average tilt, one omst consider damage to
sidewalks and municipal atilities once again, Fur-
ther losses stem from a decrease in rentability due
to sloping floors and unsightly inclination of the
facade, difficulties in the operation of elevators, a
decrease in the capacity to resist lateral loads and,
for very large tilts, the possibility of overturning.

The first group of losses interacts with those
done to average peripheric settlement, so that, rigor-
ously, D] + D2_is not the sum of a functior of p and
a function of ©. However, © must be very large and p
very small for the interaction term to be signifi-
cant. Hence it may be assumed that D) depends only
on p while Dy is a function of & alore.

In general, losses related to sloping floors is
independent of the height of the building while those
related to unsightliness are certainly an increasing
function of height.

Costs arising from difficulties ir the operation
of the elevators depend essemtially on the total run
of the elevators. Expected losses from a decrease in
resistance to lateral loads and from the danger of
overturning can be computed in a relatively straight~
forward faghion.

An idea of some of these losses can be had from
case histories in which it is known how much the own-
ors have been either prepared or unwilling to pay for
underpinning to streighten their buildings.

Taking these data into account and proceeding as
for D) it is estimated that

Dy = 80(100 8)2

where D2 is in k and &, in radians, is the combina-
tion of the tilts in two orthogonal directions.

Angular distortions produce, chiefly, crackiag
of plaster, walls and partitions, structural damage
and difficulty in operating doors and windows. It is
worth noting that cracking of plaster oftem occurs
with no appreciable differential settlements and that
damage from angular distortions is greatest in the
lower stories. There is also a reduction in the ca-
pacity to resist lateéral load.

The quantity most directly related to the ensu-
ing losses, among quantities at whose estimate it is
simple to arrive, in the sum of the variances of the
slope, measured along the column centerlines of the
building in two orthogonal directions. This measure
is adequate if the total length of walls and parti-
tions is approximately equal to the total length of
the lines through column centroids in each direction
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in typical stories. Otberwise a different weight
should be ascribed to the variance depending on the
concentration of nonstructural elements,

For the example in question it is estimated that
the expected loss is given by

D3 = 20 Z(100 8, - 100 8,)% + 20 (100 8y - 100 &)2

where D, the expected loss, is in k, 8y end 8. are

the slopes, in radisns, between consecutive colusns

in the x and y directions respectively and 6, and i,
are mean values of 8y and 8,.

(In a more rigorous tréatment, Dy and would
have included some loss of prestige. It wonld also
have been proper to recognize that an engineer looses
prestige if his design is excessively conservative by
current standards.)

The total loss for a given design is the sum of
the present valwes of D), D and D3. Discounting may
be performed assuming that D) occurs the yeaxs after
completion of the building while D2 and D3 take place
one year after completion. A more accurate treatment
of discount is unwarranted since the losses in ques-
tion take place in no more than a few years, except
for a minor contribution due to the decrease in lat-
eral-force capacity, as failure under lateral load
may occur many decades after completion of the build-
ing.

A more refined trestment of expected losses due
to settlements would incorporate the fact that part
of the settlements take place during construction and
cause less damage than has been assumed. However,
for buildings on clay, particularly on clay of the
type being considered in the example, mast of the set
tlements take place once construction bas been com-
pleted. Moreover, great refinement is not justified
in this step of the calculations, since at optimum
the utility is stationary relative to tbhe design par-
ameters.

In some cases of very large settlements or of
shear failures there is nced to consider "intangible”
losses as well as those dealt with in this example.
The most delicate one met in practice is the loss of
bhuman 1ife. Even if he dislikes admitting it openly,
the engineer always associates a dollar value with
buman 1ife whenever he takes a decision affecting
safety, for the probability of failure is always fi-
nite ower a finite period of time. Ignoring the is-
sue does not resolve it and involves the danger of
essuming too high or too low a value for this concept.

On the other hand the question "How much is a
human life worth" has mo sensible answer. Instead
one should agk "How much is society willing to pay to
save & human 1ife?"™ It has been found that, if the
life is anonymous, society usually behaves as though
it were willing to pay an amount equal to the preseat
value of the average individual's expected comtribu-
tion to gross national product.

Probability distributions of settlements

It will first be assumed that soil properties
are to be explored through sampling and laboratory
testing. A bayesian approach to the calculation of
the probability distributions of settlements iavolves
then the following steps.

8 R L Ackoff, personal communication; see alse
Rice (1966)., The result can be jastified rationally
under the assumption that there is no emotional value
attached by society to the life of its individuals.,
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1. Establish prior distributfons of the soil
properties which govern settlements as functions of
time (instantaneous moduli, compressibilities, precon
solidation pressures, permeabilities, boundary condi-
tions, etc). This can be done on the basis of site
inspection, topographic features, geologic informa-
tion, the bebavior of existing structures and know-
ledge acquired from nearby borings.

2. Convert laboratory test results to obtain
the distributions of the actual properties of the
samples.

3. Convert the properties of the samples into
properties of the soil in situ.

4. Combine the results of steps 1 and 3 through
use of Bayes®' formmla (eq 1) to obtain the posterior
distributions of the relevant soil properties.

5. Establish the probability distributions of
the "actions™8 that may affect the soil, including
the effects of excavation, pile driving, construc-
tion, dead and live loads, earthquake and wind, etc.

6. If only ome theory is deemed applicable for
the prediction of settlements, establish the probabil
ity distribution of actual settlements given their
computed values, umder the assumption that these val-
ues were known deterministically. If more than one
theory is thought to have significant probability of
being applicable, this step should be carried out for
each theory and each should be assigned a probebility
that it hold approximately true.

7. Combine the results of steps 4-6 to obtain
the probability distributions of the settlements.

Adaption of this procedure is obvious to cases
in which other methods of soil exploration are used.

This sequence of steps can be incorporated into
Terzaghi's ghgerxvational method, described by Peck
(1969). Results of step 7 can then be modified in
the light of field observations and an additional ap-
plication of Bayes' theorem. In fact, such an ap-
proach is used informally in much of the contemporary
practice of soil mechanics.

Ordinarily there is experience concerning the ap
plication of theories for settlement prediction using
the results of laboratory tests rather than the ac-
tual soil properties and with nominal rather tham
with actual loads. It is proper, then, to take this
experience into consideration, through an additionmal
application of Bayes' theorem.

In many practical problems computation of the
probability distributions of angular distortions must
reflect the Interaction between building and soil.
Hence, the building's stiffness must be characterized
by probability distributions, as must the yield mo-
ments ia the foundation when plastic action is mobi-
lized to adjust to the differential settlements im-
posed by the soil deformations.

Often soil mechanicists live under the delusion
that loads are known with almost deterministic accurg
cy, although even dead loads involve large uncertain-
ties. When construction nominally complies with the
construction drawings, actual dead loads commonly ex-
ceed their conventionally computed values by more
than 20 percent (Freudenthal, 1962; Rosenblueth,
1970). The existence of buildings having one or two
more stories than the number assumed when designing

) Actjons is used here in the sense of the
French golicitations or the Spanish gplicitaciones to
embrace imposed foreces and imposed deformations as
well as any other phenomenon that way appreciably af-
feet soil behavior.
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the foundation is a more frequent occurrence than
many inexperienced engineers like to believe. In the
present paper these major discrepancies will not be
considered and attention will be centered on “ordina-
ry” differences between nominal and actual loads.

Live loads of course tend to be shrouded in
greater uncertainties than dead loads, and the uncex-
tainties are far greater in connection with forces
due to earthquakes, wind and impact.

The task of establishing and computing the com
plete probability distributions of the random varia-
bles mentioned previously would be formidable and
would serve no useful purpose. One need only compute
those functionals or parsmeters of the distribution
functions which are relevant in the calculation of
the loss functions. If the latter are approximated
by quadratic functioms of the settlements, only the
expectation and variance of the distribution funec~-
tions need be computed.

This is precisely the simplification which makes
the problem studied by Reséndiz and Herrera (1969)
tractable. It is true that the authors assume that
the compressibilities of different soil elements are
uncorrelated., This leads to gaussian distributions
for the settlements, and a gaussian distributionm is
completely described by two parameters. Even if in
an attempt for greater realism i{n the assumptions
one were to recognize finite correlations between
compressibilities it would still suffice to compute
expected values and variances of the settlements.

Calculation of present vslues

Ordinarily present values are obtained as in an-
swer to the question "How much should I invest now,
at a constant rate of continuous compound interest,
to cover exactly all the expected losses?™ The mat-
ter of deciding on this rate of interest is of prime
importance. Decisions to build, to repair or to opt
for a more conservative design have to compete with
the possibility of investing outside the system being
designed. Hence, the most obvious answer is to take
for actualization purposes the Interest rate at which
investments are normally conducted im the wider con-
text. This would imply, however, that future rent
and expenditures would be reckoned at future prices,
which unnecessarily increases the numerical toil., If
a constant inflationary rate is expected to operate
for many years, one may ignore the phenomena by de-
ducting this rate from the rate of interest.

Uncertainty as to the benefits expected from the
existence of a building may differ appreciably from
the uncertainty implicit in the risk associated with
“normal® investments. This difference can also be
conveniently incorporated into the analysis of utili-
ty by modifying the interest rate.

In some situations the special need for capital
at certain future time intervals can be predicted.
Actualization functions other than the exponential
are in order for such problems,

The cost of engineering

Sometimes the engineer works under a rigid set
of restrictions fixed, on the one side, by the budget
and time limitations imposed by the owner and, on the
other, by building coda requirements. When there is
freedom to choose the extent of studies in connection
with a given project, he must decide in such a way as
to optiamize the end result,

For the sake of simplicity it will be assumed
that the engineer is working on a cost-plus basis and
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that he is getting paid by the owner. To take the
optimal decisiom means, then, to meke a new objective
function, say Y, a maximum, where Y is equal to X (eq
2) minus the cost of engineering to the owmer.

The design alternatives to consider depend on
the extent of the engineering studies. For this rea-
son it is convenient to visualize the decision pro-
cess as shown schematically by the tree in fig 1.

The tera “experiments”™ in the figure covers site in-
spection, soil soundings, sampling, laboratory test-
ing, analysis and other engineering studies. “Re-
sults® identifies the possible outcomes of these stud
ies. "Actions" refers to the possible adoption of
design alternatives. Finally "states of nature™ em-
brsces the actual loads on the foundation, the actual
soil properties and the theories that truly apply in
the case im question; that is, the behavior of the
system.

White circles in the figure identify situationms
ia which the engineer takes a decision; black cir-
cles, situations in which the subsequent course of
events escapes the engineer's control ("decisions tak
en by nature”), branches beginning at the first type
of node are identified by different utilities, or val
ues of the objective function, so that rational beha-
vior calls for choosing the branch leading to the
highest utility. Nodes of the second type lead to
branches associated with probabilities of occurrence,
which permit compounding the corresponding utilities
to arrive at expected values.

At the terminals of the last branches one may
write the utilities associated to the corresponding
alternatives. By proceeding from right to left onme
defines the optimal decisions to be taken and the max
imum utility associated with the process at this
stage (this utility is known as the value of process).

Thus, this type of schematic presentation helps
clarify the process of decision taking.

A tree can be made to have any number of stages,
or groups of branches, so as to depict situations la
which the information supplied by various stages of
exploration, testing or analysis is used to take new
decisions as to the extent of additional studies.

The process of optimization at each stage must take
iato consideration the cost of deciding the extent of
the studies, as well as the cost of the studies them
selves, and must be based on the information availa-
ble at that stage. The first group of decisions of
this type usually does not justify a formal process
of optimization but may advantageously be replaced
with estimates at the intuitive level.

A problem of total and differential settlement under

itatic load

As a first simplified illustrative situation cop
sider a building baving a rigid, partly compensated
foundation .and resting in a clay formation. The soil
congists of horizontal layers and lies on an incom-
pressible halfspace.® The building's base is symmet-
rical about two orthogonal axes. It exerts a known
mean ¢gross pressure on the ground, say qg. which is
¢entered in the base. The compression ratio, Cpri of
the 1tg layer is assigned g3 normal probability distxjf
bution” with unknown mean Cri, and known dispersion
(standerd deviation) sy (s4= is known as the yaxi-
ance). It will be assumed that Cpy is not correlated
in space. It is desired to find the optimal sampling
program? and the optimal depth of excavationm,

The natural conjugate prior distributionm of Cpy
is normal (Raiffe and Schlaifer, 1961). The parame-
texs of the prior distribution are E Cpy (its expecty

tion) and n! (equivalent to the number of specimens
ia a fictitious prior sampling process). The prior
variance of Cpy is 812/af. (A single prime is used
to refer to the prior distribution, no prime to the
sacple results and double prime to the posterior dis-
tribution.)

Sampling the ith layer will produce say, ny spec
imens, with mean

P~ ny
E C" = *i' JEI ctl] (44}

where subscript j identifies the jth specimen 1a the
sample.

The posterior distribution will be characterized
by parameters E Tpy = (n] E Trq)/nf and nf = nf + ng

and the posterior variance of Cpy will be li/l.. Hom
ever, before sampling, the test results are unknowsm,
but the probability distribution of E Tpy can be de-
duced from the prior distribution and the size of the
sample. The following relations (Raiffa and Schlaif-
er, 1961) concerning this distribution (which is con-
ditiomal, as it depends on the prior distribution)
will be useful in develeping the theory in question.
IEoy correspond to fixed aj and given E Cl4y and var

Cpy:

EECy =ECHy @)
var E Ty = s§ny/nja] ®
ver t;i - l%/l; deterministisally Qo)

Now let stand for the contribution of the ith
layer to the ﬁ:lldlng'l mean sottlement, let pj =
E pj. 042 = var pj ane let m| and v{ denote the prior
expectation and variance of uj respectively. Under
the assumption of linear behavior, and admitting, as
done by Reséndiz and Herrera (1964), that the stress
distribution in the clay is not modified by the space
distributiop of compressibility, mi will be propor-
tional to qCri. Here q is the net applied pressure,
equal to the contact pressure qg minus DfY] if Df is
the depth of excavation and Y] 1s the unit weight of
the first layer, under the assumptiom that D¢ does
not exceed the thickness of this layer. Demote by aj
the constant of proportionality. In the notation of
Reséndiz and Herrera, but using subscript 1_to fdeati-
fy a layer rather than a sublayer, ajy = £;/Cpy
Similarly, o0j¢ = Foq 1s proportional to l?. and
var 8; = Pjoj* where 8§ is the jth layer's contribu-
tion to the angle of tilt and By = (F1g + F24)/Foi.
Following Reséndiz and Herrern, the objective
function will be taken as the initial cost of excava-
tion minus the cost that would be required by total
compensation and plns the present value of the expect-
od loss due to average settlement and to tilt., It
will be assumed that the latter losses are proportion-
al, respectively to (Ipj)* and to var I6;. Thus, the

% This is the example analyzed by Beséndiz and
Herrera (1969) where, however, the parameters of the
probability distributions of the clay compressibili-
ties re assumod to be knowm.

See Reséndiz and Herrera (1969) for a justifi-
cation of the assumption that these distributioms are
normal,

¥ Attention will be limited to programs of fimed
saaple size, as this problem does not particularly
lend itself to sequential sampling.
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expected valae of the total losses, given the soil
properties, 1la

X = = Caq/Y) 0[(‘4 E (Ig;)i)2 + C4 Ihqz] qz (11)
where C2 3 4 are comstaats, C) ls reserved for the
faltfal coat of the buiidiag excluding excavation.
From eq 11,

X« - Cafry +(Calpn)2 + 16y + CPpog?) @ a2
Before sampliag, the expected value of X 1s

EX' =-Cqfv; *+y'q (13)
where y' = C3 [(Imy)2 + Ivj] + 16y + Cploy? 10
and v - qzlz/li

The optimum depth of excavation la that which
minimizes E X', Denote by q and X3 the correspond-
ing values of q and E X', l‘)‘rfferenthung eq 13,
equation to zero aad solving, one finds

q;'fz?lblt‘qq 15)
H--ngll)—zbutbx, (16)

where Xg 1s the value of E X' gssociated with q = qq.

Equation 15 defines the best decision possible
if the soil is not vo be sampled, while eq 16 meas-
ures the economic consequences of that decision.

After soil testing, the sitaatlon is described
by replacing primes with double prlmes in eqs 14-16.
In order to decide whether to sample and, if so, bhow
many specimens to test, use will be made of eqs 8-10,
Suppose first that the cost of soil exploration lm-
cladiag the testing of nj samples from the fth layer
is & + Ibjeq where a and by sre constants. Then eq
13 gives rise to

E X" = = Cyq/r) + Y"q2 + & + Ibynyg an
Proceeding as with eqs 14-16,

2
x:--w+.§millblt)xgb|+&ili (18)

The gain derived from sampling is
G =Xy~ I3
= (C2/21)2 (€ 1/y" - 1/y") - a - Dyag (19)
with the restriction that q not exceed q,.

It 1s worth sampling if and only if°G is posi-
tive when Ibjny is replaced with its minimum possible
valae, miagy by = by, say, and E 1/y" with its corre-
sponding magnitude (for whlch, aj = O for 1 #.j and
I{ = 1), The optizwm sampliag plen is either no sam—
pliag (1f G ¢ O uuder these coaditions) or that set
of uy which maximizea G ia eq 19.

Notiee thet E y" = y'., (This can be proved
atreightaway by asing eqs 8~10.) It follows as a cox
ollary that if sampling does not entail the posslbili
ty of changing q, E X" will only differ from E X' by
the cost of sampling. This conclusion is consistent
with the sssumption that sampling does not change the
soil's properties aspprecisbly.

Equation 19 may be evaluated through numericel
iategration or using Monte Carlo analysis. Then the
optimum set of n; may be found by trial and errer.

Aa spproximate evalaatios of E 1/y", which ignores
the restriction at Xg, is achieved through a change
of varieble, whieh produces an inmtegral that can be
evaluated ia terms of the eomplex error function w
(ses Bandbook of mathematical functions ..., 1964),
which in tare is tabulated end for which en applice-
ble ssymptotic expression is availsble.

An oven less sccurate bat simpler solaticm, val-

id when the optimum q is not very close to qg, re-
suits from expending 1/y" in terms of (y" - y")/y'
and calculating its expectation term by term in the
ensuing series. (The procedure is not formally cox—
rect because the series does not converge uniformly,
but it cen be shown to provide the correct answer
when all the moments of the distribution of y" exist.
This 1is the case when the prior distribution of the
expected compressibility is normal,) Preserving only
the first term of the series is satisfactory when all
the njy are small or moderate. MNaking use of the rela
tlon E y" = y' it is found that

E 1/y" = 1/y" 5 var y"/y*3 (20)
It follows from eqs 10 and 14 that
var y" « Cga var (Ill'l')2

- 2c2a@vp (2aap? « 5vf) @D

where v} is var E mf (var Cpy/var Cry) varpf a
(ny/n])v], according to eq 5.

In practice the coefficients of variation of the
compression ratio often vary over such a smalil range
in euch layer that they may be taken as deterministic
quantities. (For example, data reported by Reséndinm
and Herrers, 1969, indicate a coefficient of varia-
of the order of 0.5 for the coefficients of volume
change, and hence for the compression ratios, of Mexi
co City clay as well as of Chicago elay.) These co-
efficients of variation, ¢j = 84/Cyy, rether than the
variances, li. are then to be taken as kaown.

Under these conditions the conjugnte distribu-
tion is also normai. Equation 12 becomes

X = -cqry +[Catzp? + | @ @)

where A} = (Cq + C&i)l% and ky = Jim/‘l - cq/" is
tha coefficient of varlatioa of pj. Thersfore, eq 14
becomes 2
y' = C3(Imf)2 + I(Cy + Ap)v] + LAjm] (23)

where v{ = efliz/ni. Finally eq 2] becomes

var y° = var [%(h{)z + “1-{2]
Although it is not difficult to calculate an explicit

expression for var y" the result is cumbersoms, It
will suffice to note that

AN+ VS var y" € (0 + A /CPV (24)

where V is var y" when the g; are kaown, that is as
given by eq 20. -

There are also occasions when both Cpy and sy
are unknown and there is no known relation hetween
theg. The joint conjugate distribution of Cpy and
1/8% 1s normal-gamma; the mrqlgll distribution of
Cri is student, and that of 1/5¢ is gamma-2 (Relffe
and Schleifer, 1961). The problem can be given a
treatment similar to those presented in the foregoing
paragraphs but evalwation of var y* requires numeri-
cal integration. Henee, it 1s not worth introducing
the approximation in eq 20. Numerleal iamtegration to
evaluate E 1/y" may be too time consuming, und e Mon-
te Carlo approach seems indicated.

In most practical problems there is emough prior
information to estimate the expectations and coeffi-
cients of variatioa of the compresslos ratios, so
that the prior statistics m{ and oy can be had with
ease. In order tn establish n{ on subjective bases
it may be advisable to ask oneself the question "If I
tested one sample of this material and obtained a re-
sult o, how much would I change oy estimate of the ex
pected value of the settlement?” Then use may be
made of the fact that
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. D + nym
o - _l:ii:_u
so that, when ng = 1,
II - n'|
"l - By Ty
Alternatively, one msy use tables of the cumla-
tive norsal distribution and directly choose v{ is

snswer to the question, "How probable is it that py
mill exceed li plus so meny times ,/v{?" For exmmple,

the probsbility is 2.3 percent that pj > mj + 2./v{.

Numerical example

A buiidiag SO m tall with rectangular base meas-
uring 10 x 20 m weighs 3400 + 70 Dy (In tons; Dy inm
meters). It is to be founded in & clay layer i8 m

thick that weighs 1.8 ton/nr" and has an expected mean
compression ratio of 0.20. A secoad leyer of clay 10
m thick weighing 1.65 toa/m3 and with expected mean
compression ratio of 0.15 rests on incompressible ma-
terial (fig 2). The initial cost of the building is
€3 + C2Dg, where Cj = 500 k and Cp/C) = 0.03 m~1,
Farther, C3/C; = 1.14 w1 and C4/C} = 1500. (These
are the data assumed in the numerical example by Re-
séndiz and Herrera, 1969, save for C) which did mot
have to be defined there.)

For the prior dlstributioa of the mean compres-
sions, produced by a unit set pressure applied at the
foundation, Reséndiz and Herrera (1969) £lndn{ -
2.663 x 102 a3/ton and m) = 0.155 x 107 m3/ton.
The game reference gives quantities which it demotes
by v%, and which are equal to the area of specimeas
ubjleted to consolidation tests times the squared
coefficients of variation of Cry. Assuming the speci
mens in question to be circular in cross section,
with a diameter of 1.5 in. = 3.76 cm, the squares of
these coefficients of variation are

2. 9 x 1072
1 (n/4) 3.76¢ x 1074
=81 , ¢y =9.00

Similerly, 2«18 , 0, 4.4
2 2

Hesca, s5) = 0,20 x 9.00 = 1,60 and 52 = 0.15 x 4.24 =
0.636. Also, according to Reséndlz and Herrers,

o] = A/FOI w 2,34 x 1074 »3/ton, o3 » ,/FQ = 0,076 x

10~4 »3/ton, ﬂ‘ = 0.170 and By = 0.130. It will be
assumed that nj = n:_', = 0.2,

The problem will first be solved assuming that
8) and sy are ksown. Hence so are o) and op.

Since a) = 2.663 x 102/0,20 = 0.1332 w3/ton and
az = 0.0103 »3/ton, v{ = 0.13322 x 1.80</0.2 = 0.287

w®/ton? and v3 = 0.002 w?/tous. Then substituting in
eq 14, y' = 165) from eq 15, qf = 0.025 ton/w=. This
stands in marked contrast with q = 9.2 ton/m2 ob-
tained by Beséndiz and Herrera. The difference is
entirely due to the uncertainty in the compression
ratios. It is such an important difference because
¢ and ¢2 ere unreslistically high,

A more reasonable situstion ensyes from taking
¢4 = c2 = 0.5, say. Then 612 and g2“ become negligi-
ble compered with the rest of the terms in eq 14.
Under the present nuungtion. s] = 0.1, s2 = 0.075,

v] = 8.89 x 1074 wb/ton? and v3 = 0.01 x 104
/toa2. With these values eq J4 gives y' = 0.962
and eq 15 gives q5 = 4.45 ton} » which is smaller
than qg > 3400/10 x 20 = 17.0 ton/m2. From eq 16,
X3 = «°18.2 k.
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This solves the question of the decision to take
if no sempling is contemplated. Suppose now that a =
0.3 k and by = 0.1 k per specimen for all i. From eq
21, almost }ndependentl of my, var y" s 0.921 (1+
0.556 ny/ny + 0.2)) nlﬂnl + 0.2). Evidently the op-
tizum »2 1s zero. According to eqs 19 and 20, then,

G = 18,0 (1 + 0.55 ny/(n) + 0.2) Jn}1/(n] + 0.2) =
= 0.3 - 0.1 1)

This is a maximmm, G = 26.0 k, for ny = 10. Conse-
quently, the optimum sempling program comprises ten
specimens from the first layer and none from the sec-
ond,

Had the engineer been more familiar with the
soil he might have chosen ni = nj = 2. In this case,
y' = 0.504, qg = 8.25 ton/né. max G = 9.8 k, corre-
sponding to m) = 15, np = 0. Curiously, although ni
and n) ere ten times larger than in the foregoing
case, the optimum sampling plan involves testing a
larger number of specimens. Still, the expected beng
fit to be derived therefrom is less than half of that
in the first case.

Both situations are displayed in fig 3.

Now c¢) and ¢2 will be assumed to be known, both
equal to 0.5. Then k) = 4.9 x 1074 and kp = 5.8 x
104, It is found that A} and Ay are negligible la
comparison with C3. Consequently, both bounds la eq
24 are practically equasl to V and thexre is no change
in the optimum exploration program.

Discussion

The weakest among the simplifyiag essumptioms of
the foregoing treatment lies in that the compressioa
ratios are taken as uncorrelated im space. As a con-
sequence the solution underestimates the variance of
settlements and the variance of the angle of tilt.

At the seme time it gives no informatlon on the advis
ability of drilling more than one boring at the alte,
which would disclose possible systematic variations
in compressibllity. Undoubtedly it would be of great
value to develop a theory that explicitly recognizes
this space correlation and gathering data to permit a
realistic description of the correlation,

Other shortcomings are more easily overcome.

For example, the introduction of appropriste sdditionm
al random varisbles would teke care of random differ-
ences between measured and actual in situ properties
of clay, of random differences betwees momimal and
actusl imposed loads and of random influences of éth—
er phenomena, such as the procedures of excevation
and construction, the effects of neighboring build-
ings and other nearby structures and the comsequences
of changes ia ground water and plezometric levels.

Approximate procedures have been developed for
the analysis of soil-structure interaction amder sas=~
tained loed taking into account creep of the struec~
ture as well as soil consolidation, assuming that
both phenomena obey linear differentisl equations
(Hell, 1969). These theories assume that properties
of both the soil and the structure are kaown determip
l1stically. Yet on the basis of such procedures, dem-
age caased by anguler distortions due to differential
settlements eould be incorporated by increasing the
values of C4fq appropriately,

Uncertainty aboat the thickness of the deposits
can be dealt with in much the semeo menner as uncer—
talaty sboat their eompressibilities.

The following tentative conclusions of this
study seea warrented, taking into account the improva
ments suggested In the last few paragraphs.
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1. Even strong familiarity with soil conditions
as signified by a] of the order of 20, does mot pre-
olade the advisablility of sampling and testing, at
least for moderately heavy bnlldings on moderstely
compressible clay.

2. The optimun number of specimens to be tested
from any one layer is a rapidly decreasing function
of the depth of the layer and increases with the lay-
or's expeeted compressibility.

3. Testing specimens from a single boring at
the site of a contemplated building practically does
not guard against the possibility oi the building's
tilting as a consequence of differential soil compres
sibllity; several borings are required for this pur-
pose. The justification for this statement is that
nncorrelated differential compressibilities have
praotically mo effect oa tilt. Host of the phenome-
asoa must be attributed to systematic variations of
ecompressibility in horizoatal directions.

4. The greater importance of upper, rather
then lower, clay formations is more promounced ia
connectloa with differential settlement than with
awrage settlemeat.

Clearly the preseat state of the theory of opti-
men sanpling does not aliow a rapid, trustworthy cal-
calation of the best sampling plen. It is useful,
therefore, to keep in mind that the maxicum loss in-
curred oat of excessively extensive sampling plans is
always smaller, and usually much smaller, than the
direct cost of the excess in exploration and testing.

Design against shear failare

The maia difference between the treatment de-
scribed for design agalast settlements and that
against shear failare lies in that the loss functions
for the latter coatingency can not reasonably be ap-
proximated as a quadratic function of a soil property
having a smooth probability distribution. Rather,
there is & negligible loss from this cause when the
strength lies ebove soms limit and a rapid imcrease
up to & very high less for intermediate valaes of the
stroagth.

For building foundations oa clay under static
coaditions the loading process may often be idealized
as the spplication of sastaived stress. 1s other
foundation probleas the gradual application of load
my prodece consolidation to the extent that the proh
ability of shear failure becomes a decreasing fuuc-
tios of time. This is often true ia storage yards
(Loasslak and Wenz, 1969) and in some dams oa clay
(Weigh and Hawa, 1969; Stefanoff and Zlatarev, 1969).

Mere it not for comsolldatioa one would expect
that the probablllty of shear failure would be an in-
creasing function of time for buildings on a wids
cluss of soils, laoludiag most clays (see Singh and
Mitchell, 1969; Vyalov and Nesohyan, 1969). Yet, the
lacrease ia strength with consolidation makes this
phenomenon unimportant, at least in many practicail
cases (Bishop aad Lovenbury, 1969; Vyalov and Meseh-
yea desoribe a general procedere for takiag iato ac-
couat changes in leads and is soll properties with
time when studying the possibility of creep fallare).

The 1acrease of sheariag deformations with time
should not rigorously be discarded. Aside from the
time=dependent deformatioas directly attributable to
shear there is the influence of shear oa coasolida-
tlea (Hanrahan aad Mitchell, 1969). Tet, because of
the crudeness of other simplifying assumptioas It
seems proper to disregerd the time dependenee of
l:ontinq deformatioas, at least as a first approxisa-
tion.
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In view of these considerations it is normally
Justified to assume that shear failure either takes
place on the day the building is dedicated or not at
all,

if the failure surface in clay were independent
of the space distribution of soil strengths and if
these strengths were nncorrelated, the probability
distributioa of bearing capacity could be approximat-
ed as gausslan. However, among the kinemstically pog
sible failare surfaces, that giving the smallest wvai-
ue governs the bearing capacity. Hence, the extrome
type 2 distribution could be expected to apply as a
good approximation (Gumbel, 1958). Space correlation
will probably lead to distrlbutlons intermediate be-
tween extreme type 2 and normal,

Onder the circumstances it is premature to at-
tempt the formuletion of a usable optimization model.

Losaos dua 3o accidental loads

With lopds due to earthquake or wind, uncertain-
ty about the maximum disturbance that will take place
in any moderate period of time often exceeds by or-
ders of magnitude the uncertainty in soil properties.
It is permissible, then, to take all variables other
than the disturbance as deterministic and to replace
thea with their modes.

These same disturbences may often be ideaiiaed
as Poisson processes. The natural conjugate for the
prior distribution of the rate of occurrence (Ralffa
sad Schlaifer, 1961) is then gamma-1. This type of
problem has been dealt with in structural design to
resist earthquakes (Esteva, 1968; Esteva, Elorduy and
Sandoval, 1969) incorporating the consequences of un-
certainties ja the characteristics of the distarb-
asces and in the strength parameters.

In what follows, and merely for illustrative pux
poses, it will be assumed that the amoumt of statisti
cal information available is sufficiently large so
that the paremeter ia the Poisson process may be ta-
en as deterministic. Uncertainties in resistance
will be neglected. Then the probability that no
events occur in interval O,t with intensity greater
than that which would csuse failure (say, shear fail-
ure ia clay) is R(t) = exp(-A) where M is a functioa
of the resistence. R(t) fuifills the definition giv-
en earlier for the reliability function of ths sys-
tem; la the present case the system comprises the
building and the soil in which it is founded.

It follows from eq 4 that, if the system ceases
to function when failure occurs, and coasiderlag a
single mode of failure,

L J
D =Dy SO °'(T¢A)t dt

AD
-« —1 (25)
Y +A

where Y is the disoqaat rate.

If the system is rebuilt systematically after
failare, with no change la its design, eq 25 must be
replaced with a geometric series whose sum is AD{/Y.
The differeace between D] and Df is that the former
includes the benefits lost because of failare whlle
the latter iacludes only those lost during reconstrug
tioa or repair. Changes la design for the structare
to be rebuilt tend lower the expected losses and make
the series converge to a value smaller then AD{/Y,
Hence, 1a all cases one may write

AD, MDY
D % min (—& , 1) 26)
Y+N Y
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where DY = D; bat usually Di 3.

Often A << Y gad 80 eq 26 may well be replaced
with the simpler expressloa

D= *_31 @n

Failare from earthquake effects can asaally be
associated directly with maximum ground ecceleration
or wlocity (Esteva, 1968). These are practically
proportionsl to exp aM, other things being equal,
where g 1s a coastant snd M is the earthquake's mag-
altade (a measure of its cnergy relesse). If A(N)
stands for the rate of occurrence of earthquakes hav-
Ing a magnitude greater than M aad originating ia a
given volume of tbe earth's crust, A is approximately
proportional to exp(-fi) over s wide range of values
of M, where  1a a coastant for the volume ia ques-
tioa and varies little over wide regions of the
erust. Combining the effects of all volmmes of the
earth where earthqaskes haviag an appreciable effect
oa the structure may originate, it follows that the
desiga valpe of the maximum ground acceleratioa or
velooity, say a, 1s exceedod with a rate given ap-
proximately by .
Az) =Bz P (28)
where P' = fa. P’ varies from ome part of the world
to another and is larger for acceleration than for
velooity. Values of the order of 2 to 3 are aot un-
common,

Substitutiag oq 28 in eq 27 and assuming that
the initial cost in the range of iaterest 1s glvea by

C = Cy * hap
where C), h and p are oconatants, ome finds
L]
C‘D-CI’.‘p’BDl/“p (”)

This may be tehen o8 the objective function X to be
minimized. Differentiating with respect to z end
equation to zero one finds the optimum resistance,
85 to be ptovlded ia design.

= ®0,p*frap) 1/ PR (30)
and heace the oorronpoldlng recurrence period
T= IA('.)

gy an

Numorical exesplo

The foaadatloa of s tail, slender building found
ed la clay has already been designed for verticsl
loads. Preliminary calcalations Ilndioate that the
foandation will require redesign -- additionmsl piles,
greater depth of excavation, a base wldenlng -- to re-
slst eartkquakes. In thls example z will be taken to
stand for the base shear coefficient and will be as-
sumed to be proportional to the maximum ground veloci
ty. Otber pertinent d tl lto. D] = 10,000 h, Y =
0.05 yr~1, B = 5 x 10 o B' = 2.0, b ~ 1000k,
P = 2. These valaes of h lnd p are iatended to la-
clude the change of the cost of the structure and
foaadatloa to resist the desigm valae of a. The aa-
merioal valuea chosen are not asreesonable for a ten-
story building costing aboat 500 h, having a rather
dactlle structure and founded oa medium clay la a mod
erately seismic region.

Substitutlon of the data iato eq 30 gives xy =
0.10, while eq 31 gives T = 200 yr.

The present forsmlation permits evaluation of
tke coasequences of a obaage ia each of the pertineat
parameters. For example, if either the discosat rate,
Y, or the sensitlvity, h, of the cost of the building

to its capacity to withstand esrthquakes is multi-
plied by 2, zo is reduced 16 percent and T 1s reduced
29 perxcent.

Discusaion

It seems most dealrable to set the stage for the
application of decision theory to design uader acci-
dents] loadsa. To this end it would be worth proces-
sing the data available oa the capacity of model asad
prototype foundations tested to failare. This would
provide the statistissl distribution of the ratlo of
actual to computed bearing capacity. Thus one would
have the basis for adapting a conceptual model of ran
dom bebavior in order to estahblish the probability
distributloa of the beariag capacity.

The last terms ia cq 29 may be writtes
BD1/y B'aB’, where 3 now stends for the expected val-
ue of the resistaace and 1is a random variable. Re-
placing the objective functloa with C + E D it is
seon that this modiflcatioa is equivaleat to mmlti-
plying B by E 1/ la eqs 29-31. But if the proba-
bility density function of 1is finite la the neigh-
borbood of zero, B 1/ P' is infinite. No design
would be satisfactory under these conditions. Hence,
the spproximate treatment outlined above is untenmable
if oombined with a simplistic approach to the matter
of the probebility distribution of the bearing capa-
city.

This situation arises principally from taking eq
27 instead of eq 26 and out of assumlag that A(N) 1is
proportioasl to exp(-PM) for all magnitudes. The
latter 1s known not to be the ease (Rosemblueth,
19698) s A (M) drops below the values predicted by this
relation for both very large and very smell magal-
tudes. Heace A(M) must be precisely defised, espe-
cially ia the range of very small M. The fact re-
mains that the probability distribution of the bear~
ing cspacity must also be carefully deflmed, particu-
larly in the tail of exceptionally small values.

Concluding remarks

The preaent peper has touched eas problems typi-
cal of building foumdatioas la clay. Omeations hewe
been approached from the viewpoint of decisioa theory
and regardiag the combinatioa of soil, foandatioa amd
buildisg as a system. It has been pointed ouk that
neighboring and nearby struotures and utilities
should often be considered as part of the system am-
der study, and that some indirect recogmition sbould
alse be swarded to much vaster systems which embrace
the onme under consideratioa.

An explicit solution was found for a desigm gov-
erned by settlement. It was possible to deflae the
optimum sampling program. However, the solutloa had
to be based oa drastic slmplifyisg assumptious. A
more general and powerful Monte Carlo approach shoald
be developed to permit more realistic ideslizations.

The study of buildings subjected to earthquahe
loading isdlcated the need for a careful defisitios
of the distarbances, ss a stochsstic process, sad of
the bearing capacity, as s random variable.

Despite preseat shortcomiags of the probabilis-
tic approsch to these questions, great benefits can
be envisaged from an attitute consistent with a sys-
tems approsch snd the applicstion of decisioas theo-
q'
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FIG 3 GAIN OBTAINED FROM SAMPLING

Cralman N. A, TSYTOVICH

Thank you very much Prof. Dr. Rosenblueth
for your excellent and interesting informa-
tion on the oombined performance of soil and
superstructures.

Ladies and gentlemen, it is time for 20 min-
utes intermiesion. It ie time to receive reg
ietratione for oral participation selecting
only 10 participants.

RECESS

Cheirman N. A, TSYTOVICH

Since we only have one hour left for discue-

sione or commente of queetione from the floor
I suggeet that we restrict each commentary to
not more than 5 minutes. Now I call Dr. Vesié.

A. S. VESIC (U. S, A)

This discussion is related to topics a) and o
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proposed by the General Reporter and is con-
cerned with the ultimate point and skin re-
sistances of piles and piers in stiff clay.

For over two decades now it has been common
practice to attribute the skin resistance or
all saturated clays to adhesion between clay
and pile material and to compare this "adhe-
sion" to the undrained shear strength (“cche-
sion") of the clay. Comparisons of this kind
showed invariably that the apparent adhesion
was approximately equal to the undrained
shear strength of undisturbed soil as long as
the latter did not exceed about 0.5 to 0.7
ton/sq.ft (soft to firm clays). There was,
however, a considerable discrepancy between
measured skin resistances and undrained shear
strengths in the case of stiff and hard clays.
This well known fact is shown in Fig. 1, which
represents a summary of most of the known com-
parisons of this kind. Different types of
piles to which test data refer are shown in
this figure by different symbols explained in
the legend. The source of data is marked next
to each point by a lLetter, the explanation of
which can also be found in the legend.
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Many investigators of this problem have made
attempts to interpret the observed trend of
results, shown in the figure,by empirical for-
mulae stating that the adhesion ca is equal t
a definite fraction of und rained shear
strength cy. Or, it was proposed generally
that ca = B¢y, where B8 should be a number
between 0 and 1. Limiting values of B from
observations on drilled piers in London clay
(Skempton, 1959) are marked in Fig. 1.

In our studies of this problem (Vesié, 1967)
we have come to the conclusion that there is
no direct correlation between the shaft adhe-
sion and undrained shear strength, at least
fcr stiff to hard clays. After presenting
some arguments explaining why such comparisans
appear to be unreasonable, we suggested that
the skin resistance f, of deep foundations in
stiff or hard clays should be compared with
the frictional component of their drained
shear strength and analyzed in terms of an
equation f, = KgJ tan §, used for piles in
cohesionless soils such as sands. Since that
time we have had opportunity to analyze sev-
eral load test results indicating clearly this
¢ # 0 behavior of piles and piers in stiff
clay.

In a contribution to this Conference W. C.
Sherman has reported results of load tests
with instrumented piles in a stiff, tertiary
clay, having an undrained shear strength of
1.6 ton/sq.ft. If we look carefully at his
measured distributions of pile load along the
shaft, we find clear indications of friction-
al character of skin resistance. With mea-

sured drained angle of shear resistance ¢'= 22°
and ¢' = 0, and assuming that the friction
angle between the pile and the soil, § is
equal to ¢',one finds for the coefficient of
lateral soil pressure on pile skin Kg = 2.47.
This value appears to be quite realistic for
non-displacement type piles driven into a
preconsolidated clay. A similar value of Kg

= 2.44 is found by analyzing the results of
tests with piles from the Bagnolet site in an
Oligocene stiff clay age with undrained shear
strength of about 1.0 ton/sq.ft (Kérisel, 1964).

A clearly frictional behavior of this clay
is again evident from increase of both point
and skin resistances with depth. The re-
corded pile behavior indicates in this case
¢' = 269, while the drained triaxial tests
on clayosamples in the laboratory showed

o' = 229,

In summary, it appears that it is not
justified to compare resistance of piles and
piers in stiff or hard clays with undrained
shear strength of these soils. Comparisons
with fractional component of drained shear
strength make, generally, more sense, and
give, in our experience, quite sensible re-
sults. New systematic research is, of
course, needed to examine the parameters
affecting skin resistance of frictional
soils, particularly Kg.
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Kérisel, J., 1964:; Deep Foundations, Basic

UNDRAINED SHEAR STRENGTH (TON FT2)

Fig. 1,

Comparison of Pile Shaft Adhesion and Undrained Shear Strength of Adjacent Soil.
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General Reporter V. F.B.de MELLO

I call upon our Chairman Prof. Teytovich to
present us his discussion using the same pre-
rogative of limiting himself to 5 minutes.

NA. TSYTOVICH, Z.G. TER-MARTIROSYAN, N.M. DOROSHKEVICH
and A, JUMADILOVA {USSR) °

The experimental investigations on normal stress
relaxation in clayey soils surrounding piles were
conducted on a special rig (Fig. 1). Total strese
gauges (6) and pore pressure gauges (7) were put
inside the testing tank which was filled with the
poil mass. The pile model was driven into the soil
by means of a jack, and the total stresses in the
soil and the pressure of the pore liquid were
measured, both at the soil-pile contact surface
and at various dietances from the pile.

The experiment was conducted under conditions of a
plane stress state and plane deformation. For this
purpose, the rubber cushion (bag) (5) wae filled
with gompressed air or water, and was used to apply
the external pressure to the surface of the clay.

|
\ A AL,
. l
AW A
|

K ok
_|Fem)
50cm |

—
Fige 1 - Experimental rig: 1 ~ pilej 2 - testing
tankj 3 - thrust platej 4 - filtering platesj 5 -

rubber bags 6 - total stress gaugesy 7 - pore preg
sure gauges.

The curves in Fig. 2 show the variation in the to=-
tal, pore and effective radial pressures with time
at the poil-pile contact surface, expressed ae a
fr;ction of the initial pressure (curves 1', 2' and
3').

The effective stresses and pressures of the pore
water, as ie evident from the curves, have extreme
variations of signs, and the total stress is relax-
ed immediately after driving the pile to the estabi-
lized value. This effect, apparently, can be ex-
plained by the simultaneous progress of the filtra-
tion and relaxation proceesses. In the initial peri=-
od of time the filtration processes have not had
enough time to cover the whole volume of soil being
tested and purely relaxational processes are pre=-
dominant. This leads to an increase in pore pres-
sure., Then, ae the filtration processes continue to
spread, a stage develops in which the pore pressure
drope. This stage 1s predominant up to the and of
the process. The nature of the variation in effec-
tive stresses compliee well with the known fact,
occurring in pile driving, that the bearing capac-
ity ie lower during the initial period and gradual-
1y increases with time,

The analytical investigations given below are based
on physical prerequisites that follow from the ex-
periment, It ie assumed that the clayey soil can

be conceived as an elastic-creeping medium filled
with a compressible liquid. The rheological equa-
tion of state of the soll is presented in the form
of an hereditary creep equation (N. A. Tsytovich,
Z. G. Per-Martirosyan, et al, 1967).

E(T)-E(t)=a(t, )94_1 j__(g)_éa(t.t)dc (1)

where £ (7.)and é_('t)are the initial and time-
varying void ratioe, respectively; 69(t) is the
time-varying sum of the principal stresses and &
is the coeffioient of lateral pressure J

a(t,7)mag+ &) | 1-617] (2)

where a; and a; are the coefficients of instanta-
neous and long-term compaction, and wn is the coef-
ficient of creep damping. \

The pore fluid (water, air bubbles and dissolved
alr) obeys the linear law of compression with a

coefficient of volume change ay equal to (Ter-

Martirosyan and Teytovitch, 1965):

a'-(l-J')/Pa (3)

where Jy 18 the coefficient of saturation and Pa
is the atmospheric pressure.

Let us consider the stress-~strain state of an un-
bounded hollow soil cylinder with an inside diam-
eter 2r, and outside diameter 2 R, , into which an
abeolutely rigid watertight cylinder of a diameter
2 Ryis forced. If it 1s assumed that there is free
filtration on the external surface of the soil
cylinder and conditions of rigid contact are com-
plied with on the internal surface, i.e. continui-
ty of displacement, we will have a complex filtra=-
tion-relaxation problem. This will require the
simultaneous solution (1) and the differential
equation of axisymmetric soil consolidation (Teyto
vich, Ter-Martiroeyan, et al, 1967).

Uoa g lrieh (2, 10y) @
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taking into consideration the following filtration
and relaxation boundary oonditione

SPw(R, &) _ w (R, ,t)=uy
% o (5)

Pw (szt)'oi u(R,,t)-O
where Ry is the radius of the pile and Ry, is the
radius of influencej

and $she equilibrium equation

Q(t)=® (t)+ 3 Py (t) (6)

The following procedure was aocepted for solving
the foregoing system of integro-differential equa-
tionss first the axisymmetrical plane problem of
filtration consolidation was solved (Teytovich,
Zaretsky, et al, 1967) under the assumption that

a time-oonstant load acts on the soil-pile contact
surface. Then, on the basis of this solution, an
integral equation of the contact stresses was set
up to establish the law of stress variation with
time, This equation has to comply with the condi-
tion of constant initial displacements at the soil-
pile contact surface (relaxation condition).

0 L1 i
1 ‘_,34‘—"{f_- e gt
— : 2 days

o 1
|OQ 1 b1 i 1 | id

Experimental curves (1', 2' and 3')
and theoretical curves (1, 2 and

}) showing the variation in time of
the total, effective and pore pres-
sures around the pile.

In its final form, the expression for determining
the time-varying itotel stress (presesure) is:

q(t)-q (Z’,):z:_l(cii + 011 '-‘ﬁt

where q (7)) 1s the initial value of the total
stress, determined by the solution from the linear
theory of oreep (Bezukhov, 1961) and the pore pres-
sure is

Pu(t)_ _ a(3-#) B - q (&) <
% E‘n’.“fmﬂmﬁi{ﬂo(xvrﬁ )=

: ai -t
x(D‘io1k* +D‘1e‘"t+D516‘” )
(&)
and

A= --:f?———————
vhere Yo is the<%; ﬂiszag'!r Bessel functions:

[ ¢ -t
+Cyg e +C, ) (7)

.t -y, t
-Dzie-ﬁ" +D-510 ad

Vo(Xi,r/Rl )ﬂo (xio r/x, )Yo(xi)'yo(xivr/nx )Jo(xj_/

vheie Xi are the roots of characteristic equacion
(10).

Iy (X oR /R )Y (X )=, (Xg0R/R2)To(X1) (10)

where C1y Dy, Ljjytj and(31 are constant values
depending upon the soll properties and the geomet-
rical parameters of the problem. They are deter-
mined by complex expressions (Jumadilova, Ter-Mar-
tivosyen, 1969f in accordance with the following
coefficients: the instantaneous (ay) and long-term
(al) compaction, creep damping qh, water permeabi
1ity k , initial porosity & (7,)y average porosi-
ty £, radius of pile R] and radius of influence
RZ'

The derived expressions were used to calculate an
example with the following parameters:

a,;=0,004 cm2/kg| a3=0.02 cmz/kg'
rl-leo";i—n-; k=2x10"" cn/ming

e,=0.003 cmz/kg|§-o.56; E(T)=1.2}

£=1,04R, = 15 cm and R, = 150 cm.

1 2
The results of these calculations are given in Fig.
2 (curves 1, 2 and 3), This confirms the similar
character of the experimemtal (1!, 2' and 3') and
theoretical (1, 2 and 3) data.
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Chairman N. A. TSYTOVICH

Row I Call Mr. Milovié

D. MILOVIC (Caneda)

I should like to refer to the paper of

K. F. Egorov and I. A. Simvulidi: "Calculat-
ion of Footings on Compressible Foundation
Beds", Vol. II, pp. 77-84.

The authors have shown the theoretical solu-
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tion for the calculation of vertical siresses
and displacements produced by a rigid circu-
lar foundation in an elastic isotropic layer
of limited thickness, underlain by a rigid
base. Solution is obtained by means of the
Bessel functions and second power Fredholm
integral equations and based on a no friction
condition existing between the soil layer and
the rigid base.

In the practice the contact between the elas-
tic layer and rigid base is very often rough
and I should like to show some of the results
which I have obtained for no horizontal dis-
pPlacements condition.

FPig.1 shows the influence coefficients for
the vertical displacement of the surface due
to vertically loaded rigid circular foundat-
ion resting on the elastic layer of finite
thickness, underlain by a rough rigid base.
The results have been obtained by the finite
element method.

As it has been expected, the influence values
for the vertical displacements in the case of
rough rigid base are smaller than those shown
by Egorov and Simvulidi for the smooth base.

Cheirman N. A. TSYTOVICH

Please, Dr. Moretto read your contribution.

O.MORETTO (Argentina)

The use of bearing capacity formulas in engineer-
ing practice proves frequently a problem of Judge
ment that deserves some attention. Whenever foun-
dations involve soils that undergo small deforma-
tions, so that settlement under the working load
will be within the limite that are known tolerable
for the structures, designs are made on the basis
of the falilure load computed with a bearing capac-
ity formula affected by an udequate factor of
safety. By far, in number, the great majority of
foundations are presently designed, either con-
sciously or unconsciously, on this basis.

In applying a bearing capacity formula, the prob-
lem arises as to which are the suitable values of
c and @ to be used. For clay soils, the most ready
solution and generally the safest , though not

always the most representative, ie obtained resort
ing to the undrained values c¢_ and « However, in
unsaturated clays and some saturated soils, during
the construction period and even during the time

required to reach the maximun live load by occupam
cy, a significant amount of consolidation may take
rlace which, unless the soil is highly dilatant,

implies that the zone of the subsoil that is being
compressed by the load increase will react under
partially drained conditions.

To obtain an idea of what this partial drainage may
mean for the shear strength of the soil, triaxial
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tests have been run in which samples 5 cm in diam-
eter and 12.5 cm high were subjected to the follow
ing routine:

1) No drainage allowed (Q tests)

2) Under the all around consolidation pressure, the
samples were permitted to drain unidimensionally

at top and bottom for periods of 1/2, 1, 2 and 5
minutes and then they were sheared increasing the
deviator strees under undrained conditions.

3)Under the all around consolidation pressure, the
samples were allowed to drain unidimensionally at
top and bottom for periods of 1/2, 1, 2, and 5
minutes and then they were sheared increasing the
deviator stress at a rate proportional to the
expected or assumed velocity of loading in the

field.

For a clay soil with a degree of saturation vary-
ing between 7%% and 95%, Fig. 1 shows how both the
engle of internal friction and the cohesion vary
when drainage is allowed only under the all around
compressive stress for time periods up to 5 min-
utes. It may be seen that while the angle of inter
nal friction increases very rapidly, the apparent
cohesion decreases at a much slower rate. Fig. 2
refers to tests in which, after partial drainage
under the all around compressive stress for time
periods up to 5 minutes, the deviator stress was
increased at a rate of 500 microns per minute,The

soil tested is a saturated silty clay.

Partial drainage produces a substancial increase in
soil resistance. Even if it is theoretically possi
ble that the partially drained strength of dilatant
clays may be smgller than the undrained one, no
case has been encountered as yet where such a de-
crease of stress takes place within the sequence

of drainage periods indicated above.

Consolidation drains only that portion of the slid
ing mass of s0il involved in feilure that 1is lo-
cated within the pressure bulb developed below the
footing. Assuming that, for isolated footings, this
mass extends downward fanning from the edge of the
shape of the failure surface is not cLanged and
remaine equal to that developing in a mase with
uniform strength, as a first approximation, it may
be assumed that the unit bearing capacity to be
considered in desi,n may be taken as equal to:

op = ez + (1= o) qy

in which qq is calculated bearing capacity

obtained using the shear parameters of the partial-
ly drained soils, q, is the computed bearing O
capacity of tlLe undrained material. The value of
has to be estimated fror an analysis of the relative
magnitude of the reaction that develops along the
surface of sliding. For preliminary purposes in
practico it has been taken as 0( = 0.5.
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Chairman N. A. TSYTOVICH

Thank you for your interesting remarks. Now
Mr. Burland, please.

J. B. BURLAND (England)

I would like to present some observations of
the consolidation settlement of model strip
footings on deep beds of homogeneous normally
consolidated clay and to compare these obser-
vations with theoretical predictions. The
apparatus used for the tests has been des-
cribed in detail by Burlarnd and Roscoe (1969).

B=27cms
Footi 1
"3 i Surcharge=27 3psi
o X " Permeable
£
O
o Iz |
o
[] 1
I
Greased
| rPcrmcobh
30-5cms |
Fig. 1. Details of typical footing test.

The overall geometry of a typical test is
shown in Fig. 1. The tests were carried out
under plane strain conditions in a steel
framed, glass-sided box with all its surfe-
ces heavily greased. The displacement of a
large number of points within the clay bed
were observed by means of X-ray and lead shot
markers. The clay was placed in the appara-
tus at twice its liquid limit and then con-
solidated one-dimeneionally. The relevant
properties of the clay (Spestone Kaolin)
are: Cec = 0.715; @' = 232 and Cy/ ' = 0.25
(from simple shear tests). The model footing
consisted of a rigis strip resting on the up
per surface of the clay bed which was acted
upon by a uniform surcharge pressure applied
through a rubber membrane. The top and bot-
tom surfaces of the clay layer were free-
draining. The model fotting was loaded by
means of a hydraulic jack and loading was
carried out in three increments; the time
between each increment being sufficient to
allow full primary consolidation.

In Fig. 2 are plotted the observed relation-
ships between net average footing pressure
and consolidation settlement (expressed as

a proportion of the breadth B of the foot-
ing) for two tests. It should be noted

that the pressure increments were small,
being approximately 1/3 and 1/6 of the un-~
drained bearing capacity for tests A and B
respectively. For both tests the immediate
settlements were too small to be detected.
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The chain-dotted lines in Fig. 2 represent
predictions of consolidation settlement made

by means of the simple oedometer method using

Net average footng presaure—psl
o)

Net overage footing pressure — psi
Lo] 20 30 40

Ore-dmensionad theory sereral heory

Fig. 2 Observed and predicted relationships
between net footing pressure and con
solidation settlement for two model
footing tests.

Test details:

Test A - Surcharge = 27.3 psi
B = 2.7 cm
H = 12.3 cm
Test B - Surcharge = 28.3 psi
B = 5.08 cm
H = 14.0 cm
the value C, quoted previously. The dotted

lines represent predictions made by means of
the general stresse-strain theory for soft
clay which was outlined in my paper to Sessian
1 (Burland 1969) and given in detail by
Roscoe and Burland (1968). This latter the-
ory only requires a kmowledge of C; and g°.
It can be seen from Fig. 2 that the simple
classical one-dimensional method and the more
rigorous analysis give very similar predic-
tions which are in good agreement with the
observations.

Fig. 3 shows the observed vertical displace-
ments (expressed as a proportion of the
settlement of the footing) for test A be-
neath and outside the footing for various
values of 2/B. These observations are com-
pared with the predictions of the simple
one-dimensional theory making use of the
vertical elastic stress distribution. The
theoretical curves (shown chain dotted) have
been fitted to the observed displacements at
the centre line. The theoretical settlement
profiles can be seen to be in good agreement
with the observations.

The open triangles in Fig. } represent the
observed cumulative horizontal displacements
at the end of the third increment of footing
pressure, i.e. at a rressure corresponding

to the undrained bearing capacity. Even at
such high pressures the lateral displacements
do not exceed 10 per cent of the setlement

of the footing. At lower footing pressures
the ratio between maximum horizontal displa-
cement and settlement is even smaller so that
the drained deformations are nearly one-di-
mensional.
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In Fig. 4 (a) are plotted the vertical dis-
placements at various depths beneath the
centre of the footing for test A. For
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¢ Horiz. disp. at end of ncrement 3
One-dimensional theory

Model footing test A. Observed
cumulative vertical and horizon-
tal displacement, expressed non-
dimensionally, for various values
of X/B and Z/B.

Fig. 3
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Fig. 4 ReBults of model footing test A
showing relationships between
depths and

a) cumulative vertical displace-
ment beneath the centre, and

b) cumulative horizontal displace-
ments beneath the edge of the foot
ing.

clarity, comparison with the predictions of
the two theories is confined to the third
pressure increment. The horizontal displace-
ments beneath the edge of the footing are
plotted in Fig. 4(b) (note the large horizon-
tal scale) where they are compared with pre-
dictions using the general stress-strain the-
ory. (The simple oedometer method cennot, of
course be used to predict horizontal displace
ments.) In spite of the small magnitude of
the horizontal displacements the predictions
agree very well with the observations.
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In summary the results of the model footing
tests show that the drained deformations
beneath a footing on normally consolidated
clay are cloely one-dimensional. The accu-
racy of the classical oedometer method for
predicting consolidation settlements for
normally consolidated clays has been confirme
even when the clay layer is very thick. The
more rigorous method proposed by Burland
(1969) has been shown to give good agreement
not only with the measured vertical displace-
ments but also with the horizontal displace-
ments. The method is based on a general
stress-strain theory for soft clay which only
requires a knowledge of C, and g (Roscoe and
Burland 1968.)
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BURLAND,

Chairman N. A, TSYTOVICH

Now Mr. Schmertmann

J. H. SCHERTMANN (U.SA)

This discussion pertains to only one small portion
®f Dr. de Mello's broad and excellent state-of-art
treatment. Mr., Pérez Guerra also noted this prob-
lem. It is the problem of determining the constant
Nep in the formula Bp = Nonc, which is the equa-
tion relating static cone gearing and undrained
shear strength in purely cohesive soif®

As Dr. de Mello notes on p.84 of Volume I, the cor
relation data are few and confusing, Ncp appears
to vary from approximately 8 to 30.

Consider a cone penetrating a clay. 4 cylindrical
hole remains after penetration. It would appear
that the elastic~plastic theory for the radial
expansion of an infinite cylinder might be of some
use. In this connection, there exists a remarkable
paper by Bishop, Hill and Mott (1945) in which
these authors investigate the use of static cone
punches to determine the strength characteristics
of ductile metals. They demonstrated in a convinc=-
ing way that cavity expansion theory oould explain
the meaning of their cone-punch penetration tests
in terms of the elastic-plastic propsrties of the
ductile metals they tested. In soil mechanics
terninology, their important conclusion was that
the cone penetration resistance depends not only
on the undrained shear strength ¢, but it also de-

d
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pends on the ratio of modulus to strength, E/c.

The University of Florida conducted a preliminary
experimental program to check this theory in clay.
Pressuremeter tests, similar in principle to
Ménard's, but using equipment designed by GeoProbe
of Quebec, previded independent measurements of E
and c. These tests were made after enlarging, by
auger, a l.4 in, diameter cone hole to about the
2.7 in. initial dismeter required for our pres-
suremeter tests. The previous cone bearing values,
R,, could then be compared with the pressuremeter
data to obtain Nop. Fig.l shows a clear trend
despite scatter — N p increases significantly
with the ratio E/c. %he cavity expansion theory
also predicts such a trend. The pressuremeter
determined shear strength is noted next to each
point. Note also that the Nep range in this fig-
ure, namely 8 to 25, is about the same as noted
by Dr. de Mello and Mr. Pérez Guerra.

T
FIQURE 1. DEPENDENCE O

DAA (K 08 PRESSURENETER TESTS

THE RATIO E/c IN SOME GAINESYILLE CLAYS

What an engineer needs to determine N, more accu-
rately from only cone data is some way to sense
the two unknowns, E and e. This requires two
independent measurements of a clay's strength
characteristics. The ordinary static cone provides
only one, cone bearing. However, the recent devel-
opment of the friction-oone, with its ability to
measure also local adhesion along a small length
of rod just above the come point, provides the two
independent measurements required — at least in
principle., The ratio of local friction to end
bearing, called the friction ratio, can be shown
mathematically to relate to E/c for the case of
insensitive clays. The practical result is that
for insensitive clays the friction ratio provides
an index to the value ~f the "constant" Nep. Fig-
ure 2 presents our data on this point, plus some
data extracted from Begemann (1965). We have
plenty of scatter but perhaps the trend i1s encour-

aging.

Although our results are preliminary, both theoret
ical and experimental investigations suggest that
at least some of the observed scatter in the N,
values can be explained by the previous failure to
consider the importance of a deformation character
istic, such as E, in this relationship.
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approach to this problem while a graduate student
at the University of Florida. Assistant Professor
Ronald E. Smith chaired his supervisory committee.

FIGURE 2. DATA FROM
RATIC MAY BE AN INC
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Chairman N. A, TSYTOVICH

Row Mr. Bakholdin, will read his discussion

B. V. BAKHOLDIN (USS.R)

The new method of dynamic tests of piles has
been worked out at the Research Institute of
Poundations and Underground Structures of the
Gosstroy. This method was based on the
results of field tests. These tests were
made on clayey soils, which had the consis-
tency from liquid to semi-solid.

In order to obtain the values of stresses
inside a pile end the displacements of the
Pile during its driving, reinforced concrete
test piles were equipped with strain gauges
and displacement gauges. Wire strain gauges
were glued on steel rods, that were attached
to the reinforcement inside a pile. The dis-
Placement gauge was made as a rheostat and
belonged to the potentiometer type. Its body
was installed on an immobile steel frame and

its mobile part was stiffly fixed on the
pile.

Oscillograms of stresses and displacements,
which were obtained during driving the piles
6 m long and with cross-section 30 x 30 cm
into stiff clays, are shown on Fig. 1. The
curve 1 shows displacement of the pile, cur-
ves 2 and 5 show the stresses in the pile
near its point and its head respectively and
curves 3 and 4 show the stresses in the pile
near half and two-thirds of its length res-
pectively.

Fig 1. - Oscillograms of stresses in a pile

and its displacements at the time of driving.

It can be seen from the given oscillograms,

that the character of pile displacement under

a blow is imperiodical, but not the oscilla-

tory one, as'it had been supposed earlier. We

think that this fact is caused by high skin

friction and by the influence of elastic pro-

perties of the pile itself and of the wooden
pad of pile cap. So, the results of field
tests show that the existing solutions based

on a theory of reduction of periodic oscilla-

tions, are unsuitable for an estimation of
pile driving parameters.

The oscillograms of stresses in a pile during

driving have the peaks at the beginning of

driving, especially in sections near the pile

head. These peaks are caused by the inertia
of the pile mass. Generally the recorded
stresses in a pile are not the stresses cau-
sed only by soil resistance. Actual soil

resistance may be found with a gauge install-

ed near the pile lower end.
The variation of point resistance for one of

the test piles during a blow, when a hammer
was dropped from different heights, is shown
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on Fig. 2. Teet pile 6 m long and with cross-
gection 30 x 30 cm with a strein gauge near
ites point passed the soft-plastic clays and

at a depth of 5,15 m pile point was embedded
into the layer of stiff-plastic loam. To
drive the pile, bar diesel hammer having ram
weight of 1,8 tons was used. Oscillograms

of soil resistance (curves 1), of pile dis-
Placements (curves 2) and the curves that show
relation between soil resistance and pile dis-
placements are denoted on Fig.2 with letters
a, b, c and d,respectively. These curves are
given for the cases, when the hammer dropped
from the height of 0,8, 1,08, 1,4 and 1,89 m
correspondingly.
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Fig. 2. - S0il resistance during pile
riving.

As it is seen from the figures, the more is
the height of hammer drop, the higher is a
maximum value of point resistance. By the way
the moment of getting up the highest point
resistance does not coincide with that, when
the maximum displacement tekes place. It can
be explained by the well known fact that when
the rate of displacement is high, a viscous
resistance of 80il is considerable.

To make clear the behaviour of soil under
load, it i®s necessary to estimate the values
of soil resistance at the moment when the
displacement of pile downwards changes into
elastic upheave. At this moment the speed
of pile displacement is equal t0 zero and
the resistance of the soil from a physical
point of view i® close to the static one.

Ap it is shown on Pig. 2 with dotted line,
the point resistance depends upon pile dis-
placements, when their rate is equal to zero.
It is possible to examine the mentioned dia-
gr~m as that of momentary settlements of soil
unde. imaginary static load (which does not
c.use a viscous resistance). A similar dia-

gram, which was obtained from the strain
gauge near the pile tip at the time of pile
load test, is shown on the same figure with
a touch-dotted line, Comparing these two
diagrams we see that they are similar, espe-
cially when the Boil resistance is ultimate.
Because of good coincidence of load-displa-
cement diagrams under static and dynamic
loads, there was suggested a new method of
dynamic tests of piles with the use of strain
gauges.

According to this method the bearing capacity
of piles can be determined from the results
of measured stresses on the contact surface
between hammer and pile under a blow. We
assume that to the bearing capacity of pile
corresponds an elastic limit of pile displa-
cements. This value can be obtained from the
oscillograms of stresses and displacements
and corresponds to the contact stresses at
the moment, when a speed of pile displacement
is equal to zero.

The relation between contact stresses and
elastic 1limit of pile displacement can be
defined by the formula:

P, =P 1+ 3),

where: p - elastic limit of pile displace-
» ment

Py - contact stress at the moment
when the displacement of pile
downwards changes into elastic
upheave

q - weight of pile
Q - weight of hammer and pile cap.

To measyre the contact stresses, we use a
strain gauge meter, which is installed into
the cap of the hammer. At the same time the
displacement of the pile is measured with
the potentiometer displacement gauge. Record-
ing of stresses and displacements is made on
one photo-film by means of an oscillograph

or other rapid self-recorder.

For approximate designs the bearing capacity
of the pile can be defined according to the
given formula using the oscillograms of
stresses and displacements for the period of
one blow. If it is necessary to have the
exact data and to obtain the general charac-
ter of load-settlement diagram, we do some
dynamic tests of piles with the different
heights from which hammer is dropped. The
Btiresses into the pile head and displacements
of a pile are recorded. From these oscillo-
grams using the above-mentioned formula in
the cases of different displacements the elas-
tic 1limit of pile settlement can be estimated.
Also the stress-displacement diagram may be
made that allows us to find out the bearing
capacity of a pile without static load tests.

Chairman N. A, TSYTOVICH

Thank you Mr. Bakholding. Now please Prof.
Kérisel.
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J. KERISEL (France)

Je voudrais présenter guclcues renargucs
sur le calcul de la pression limite & court
terme: il est admis que celle-ci est égale
au procuitl du coeftficient Ny par cy, cohé-
sion non drainée. La seconde fijsure présen-
tée rar le Prof. de Kello, montre une grarde
dispersion de cu suivant la m¢thode: scis-
sométre, compression simgple, UU ou CU
triexial. Je crois que cette dispersion est
encore plus grande pour les argiles molles
ot j'ai certaities dévicences ce valrurs de
cu =u scissometire doubles de celles don-
nées par le triaxial.

Mais la question pour moi est de savoir si,
partant d'une valeur donnée cy dans une
argile homogtne, No varie lorsqu'on fait
varier les dimensions de la forndation. La
réponse est oui, pour les argiles tout com-
me pour le sable. No diminue lorsque la
dimension augmente et il est donc imprudent
d'utiliser pour de larges fondations les
résultats de pénétrom2tres.

Ceci a été montré pour les fondations super-
ficielles par le Prof. de Beer, par Tcheng
et d'autres, par le Prof. Vesid, ii.Tcheng
et moi-mBme pour les fondations profondes
dans le sable, et enfin par Adam et moi-
m2me pour des fondations profondes d'argile
de Bagnolet: Ne¢ diminue de 2.5 & 1 lorsque
la dimension augmente de 10 cm & 100 cm,
bien entendu en se référant toujours au
m2me type d'essais pour cy; il s'agissait
d'une argile cy = 1.2 kg/cm?. Le labora-
toire des Ponts et Chaussées fait actuelle-
ment avec le m2me équipement des mesures
dans les argiles molles ol il est probable
que, tout comme dans les sables non serrés,
il n'y a pas d'effet d'échelle.

Ceci serait de nature a nous faire penser
que pour de larges fondations construites
sur des argiles molles, on sait calculer
tassements et pressions limites. Le Prof.
Bjerrum pense qu'on sait le faire bien
qu'il admette que, par ailleurs, les tasse-
nents des fondations d'immeubles sur argiles
molles sont plusieurs fois ceux calculés.
Je ne partage pas son optimisme; des obser-
vations sur un barrage trés large & la base
(200m) sur argiles molles aussi bien que
des observations sur des remblais sur sols
mous, mettent en évidence des tascemerts
Plusieurs fois supérieurs & ceux de la
prévision exactement comme pour les immeu-
bles de Norviége cités par le Prof.Bjerrum.

Je ne crois pus que ceci soit & relier a
un effet d'écrelle comme pour les argiles
consictantes. Mais ceci nous montre que,
2ussi bien pour les argiles consistantes
que pour les argiles molles, en ce qui
concerne la prévision de 12 c=pzcité por-
tarite et celle des tassements, il reste
encore becaucoup & fhire en méiciniaque des
sols.

Chairman N. A. TSYTOVICH
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Thank you very much Prof. Kérisel for your
very interesting remarks on pile foundations.
Now Mr. Van Wambeke,

V.EA. VAN WAMBEKE (Belgique)

Mon intervention m'est suggérée par les dis-
cussions de ce matin.

Je désire vous faire part de l'expérience
personnelle acquise notamment au cours des
travaux de recherche actuellement en cours
en Belgique,

Je parlerai de deux choses : l'estimation
et l'observation des tassements d'une part,
la comparaison des résultats d'essai in
situ d'autre part.

Pour les tassements, il y a trois points &
considéreT : les formules théoriques, 1'in-
vestigation et le contrdle.

Il me semble, en premier lieu,que 1l'ordre
d'importance qu'il convient ée leur accor-
der est inverse de celui dans lequel je

les al énumérés et qui est habituellement
adopté, Le contr8le et 1'observation me
semblent prépondérants et une bonne inves-
tigation est plus importante que la recher-
che d'une formule théoriquement exacte.

Les formules les plus simples seront tou-
jours les meilleurss. Quant & l'investiga-
tion, elle doit &tre plue poussée qu'elle
ne l'est habituellement : le nombre d'es-
sais doit 8tre plus élevé et les types de
méthode d'investigation - judicieusement
choisis - doivent 8tre multiples.

Le contr8le, habituellement inexistant ou
trop sommaire, conduit & des observations
insuffisantes ou insuffisamment communi-
quées.

La double nécessité d'une investigation et
d'un contrdle valables doit conduire & con-
fier & des institutions indépendantes, si
possible internationales, la mission de
rassembler les renseignements tirés de
l'investigation des sols et du contrdle des
tassements des constructions.

On ne verra jamais assez grand dans ce do-
maine si 1'on désire aboutir.

Pour les résultats d'essais in situ, je di-
ral que pour les sols de notre pays les
appareils les mieux adaptés semblent &tre
le pénétrométre statique et le pressiomé-
tre, les pénétromdtres dynamiques pouvant
utilement servir d'appoint.

Le scissométre, pur contre, ne paraft pas
convenir. Je crois personnellement que les
deux méthodes mentionnées (pénétromdtre
statique et pressiomdtre) peuvent et de-
vruient se compléter harmonieusement,

Le pénétromttre est économique et de manie-
ment facile. Le pressiométre, plus délicat
4 mettre en oeuvre et plus cofiteux, pré-
sente l'avantage de donner de trés intéres-
sants résultats chiffrés : les caractéris-
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tiques de rupture et de déformation sont
Béparées, les modules de déformation sont
déterminés dans la gamme des pressions de
service.,

Je signalerai pour terminer et pour illus-
trer ce que je viens de dire sur 1'intérét
de l'utilisation simultanée des deux métho-
des que le coefficient K intervenant dans
la formule de Buisman,qui donne le coef-
ficient de compressibilité C en fonction

de la résistance en pointe pénétrométri-
que rp et de la pression verticale du

terrain au niveau de l'essai Py ¢

est trés vraisemblablement donné par le
rapport du module pressiométrique E & 1la
résistance en pointe rp .

Chairman N. A. TSYTOVICH

Thank you very much. Now I want to call on
Dr. Reséndiz.

D. RESENDIZ (Mexico)

I would like to refer to a question raised

by Prof. De Mello and discussed a few min-
utes ago by Prof. Vesié¢, namely the evalua-
tion of the so called coefficient of adhesion
of piles driven in clay. As used by De Mello
such a coefficient was defined as the ratio
of the developed resistance along the pile
shaft to the undrained shear strength of the
soil in situ.

Prof. De Mello presented a slide showing the
coefficient of adhesion, » against the in
itial undrained strength of the soil ( see
Fig. 14 ,p. 77, of the State-of-the-art Report).
In that figure, 8 changes from about unity
to leses than 0.2 as the undrained strength
of the soil increases 30 times. Since the
major source of strength variation in undis-
turbed clays is the overconsolidation ratio,
I wonder if Prof. De Mello's figure could be
draw equally well taking oversonsolidation
ratio as the abecissa instead of undrained
strength. If this is the case, the coeffi-
cient 8 would be larger than one for normal
ly consolidated clays and would decrease
steadily down to values much smaller than
one as the overconsolidatlion ratio increases.

I think the fundamental reason for this be-
havior lies in the pattern of pore pressure
development of the various soils, and there-
fore in this particular case, as in many
other cases in soil mechanics, things are
much more clear if one thinks in terms of ef
fective stress instead of referring to total
gtress and undrained strength.
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Normally consolidated and slightly overconso
lidated clays dewelop positive pore pressure
during pile driving. Dissipation of that pore
pressure with time gives rise to an increase
of effective horizontal stress in the soil
around the pile and therefore to an available
strength larger than the undisturbed strength
of the soil in situ. Thus, the coefficient
B will be above unity in this case.

On the other hand, clays with a high overcon-
solidation ratio develop negative pore pres-
sure upon remoulding by pile driving, and as
this negative pore pressure dissipates the
effective stress decreases and the void ratio
of the 80il increases in the immediate vicin-
ity of the pile shaft. Hence, after equilib-
rium of pore pressure is reached, the avail-
able strength of highly overconsolidated clays
around driven piles is smaller than the undis
turbed strength of the soil in situ., This
fact accounts for the observed value of the
coefficient S below unity.

Let me show some field data to support the
previous interpretation. These data corre-
spond to concrete piles driven down to 37 m
at a site in Mexico City in the soil profile
shown in Fig. 1. It is seen that, except for
a short portion near the top, the whole pile
shaft was embeded in normally consolidated
clay.

[

] sano

Fig. 1 Profile and Soil Characteristics
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The coefficient B was evaluated in a number
of piles with different rest periods between
driving and testing and the results are shown
in Pig. 2.

—

[ w— Y

Fig. 2. Variation of B with time.

It is seen thatﬁ increases with time, as the
clay around the pile shaft consolidates. This
occurs rather rapidly, and after a few days
the developed resistance attaine an equilib-
rium value larger than the initial strenth of
the soil in situ. As this happenes, P increa
ses and finally stabilizes at a value close
to 1.2.

However, the ratio of developed resistance

to available shear strength along the shaft,
computed in terms of effective stress and
drained strength, is found to be unity. The
computation was made assuming a Ko condition
to compute the horizontal stresses since, at
least in Mexico City clays, the increase in
horizontal stress from pile driving reverses
with time as water migration and soil rela-
xation take place around the pile.

The s0il parameters used avaluated in the
laboratory were K, = 0.6 and ¢' = 289,

In general, I feel that the rational way to
handle this problem involves the use of ef-
fective stress and drained strength of the
s0il and that, if this is done, the coeffi-
cient B should be practically unity for
most of the usual pile materials in every
80il type.

Chairman N. A. TSYTOVICH

Thank you very much Dr. Reséndiz, Mr. Vyalov
Please.

S. 5. VYALOV (USS.R)

This paper deals with the results of investigations
that were conducted to study the mechanism of long-
term deformation and failure of clayey soils. The
investigations consisted in creep tests carried

out on a series of identical soll specimens. At

the same time, the structure of this soil was
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studied at various states of deformation.

The creep experiments were carried out under condi-
tions of simple shear and consisted in twistine
hollow cylindrical specimens under various cons-
tant shear loads, beginning with loads sufficient-
ly large to cause instant failure and ending with
small loads which lead only to damped deformation.
In order to determine changes in the structure of
the soll, the tests were interrupted at different
stages of deformation, namelys transient creep
(Fig. 1, curve II, section OA), steady flow (Fig.l,
curve II, section ABg and progressive flow (Fig. 1,
curve II, section BC).

~

Gh

Figo. 1. - Curves of damped (I) and undamped (II)

creep and schematic diagrams of the soil structure
in various stages of deformation.

a) initiel structure; b) in stage Ij ¢) in stage
II; d) in stage III,

Legend: 1 - aggregates} 2 - defects of the struc-
ture; 3 - cementing clay; 4 - fissures.

The investigations were conducted on artificial
specimens of Jmuressic olay of a semisolid consist-
ency. This soil i1s characterized by high dispersion
and plasticity. The content of fractions less than
9.005 mm in size is 56 per cent; the lower yield
point 1s 48 to 50 per centj; the lower plastie lim-
it is 26 per cent.

The soil structure was studied by the petrographic
and electron microscopy methods. The microphoto-
graphe of the soll structure at the initiel stage
and for various stages of deformation are given in
Pig. 2. The changes that occur in the soil struc-
ture in the process of creep are shown schematical
ly in Fig. 1.

Before deformation, the structure of the jurassic
clay (Fig.2a) was characterized by the presence of
microaggregates occupying about 65 to 75 per cent
of the area of the microsection., Smell amounts of
mineral fragments (mostly quartz) were also pres-
ent. The space between the above-mentioned compo-
nents was filled by a randomly oriented clayey mass
which seems to serve as a filler.The aggregates in
the soll are rock that was not destroyed by prepa-
ration., It was formed over a long period of geolog
ical development and possesses rigid cementing
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bonds, Evidently, these bonde are stronger than
those produced during the preparation of the
spe.imen.

Clearly seen in Figures la and 2 are voids and cay
ities on the contacts between the aggregates.
These are the weakened portions of the soil, the
defects in its structure.

After the first stage of deformation - transient
creep (Fig.l, curve II, section OA)- and under the
damped creep condition (Fig.l, curve I), «hen
mainly elastic deformation develops, the number
and size of the voids and cavities are reducedj at
some places they are compressed and stretched out
in the direction of shear. This is an indication
of local displacement of the particles and aggre-
gates, and they become more closely packed. The
longer the deformation process continues, the more
structural defects are obviated. Along with the
healing of existing defects, new ones appear., How-
ever, under these oonditions the first phenomenon
predominates and leads to a strengthening of the
soil, Due to this phenomenon & number of investiga
tors have described an increase in soll strength
after prolonged deformation in conditions of dam-
ped creep (Vyalov and Pekarskaya, 1968).

If the stress is less than the limit of long-term
strength, deformation at a damped rate terminates
in the stabilization of the deformation. If the
ptress 1s larger than the limit of long-term
stremgth, the deformation passes over into the sec
ond stage « -teady flow at a constant rate (Fig. 1,
curve II, section AB).

In the steady flow stages, along with the con-
tinuing healing of defects ‘he aggregates break up
and the clay particles are gradually oriented in
the direction of shear (Figs. lc and 2b); this
promotes further deformation. The phenomenon of
re-orientation of clay partioles in the creep proc
ess with a simultaneous drawing of water into the
shear zone was previously established by Goldstein
(1968) and Turovekaya (1964). At the same time, in
the weakened portions of the soil the bonds are
broken and very fine microfiseures appear. They
diverge from the voids or extend from one void to
another., When the stage of steady flow is prolong-
ed, the orientation of the clay particles becomes
more orderly. Extensive zones of particles orient-
ed in the direction of shear appear. These areas
are the weakest parts in the structure of the soil.
Fissures form more frequently along the zones with
distinct orientation of the particles. This helps
to weaken the bonds and promotes subsequent defor-
mation,

At the same time, partial rupture of the bonds and
their weakening, caused- by re-orientation of the
particles fissure formation, is compensated for

by recovery which is due to the continuing heal-
ing of defects and partial closing of fissures. Akt
this stage, equilibrium is set up. This equilibri-
um gives rise to the development of the stage of
deformation that proceeds at a practically con=
stant rate.

Subsequently, as re-orientation and fissure forma-
tion oontinue to develop, and the processes of
weakening and rupture of the bonds, as well as the
formation of new defects, begin to predominate
ever the recovery processes. Equilibrium is viola-

ted and deformation passes over to the new, third
stage of progressive flow (Fig. 1, section BC,
curve II) in which the creep process develops at
a continuously increasing rate.

The breaking-up of the micro-aggregates and re-
orientation of the particles continue in this
stage. Portions consisting of re-oriented particles
occupy greater and greater areas (Figs. 1ld and
2c). In these areas, the defects of structure
develop intensively and at a continuously in-
creasing rate, as does the growth of old fissures
and the formation of new ones., The size of the
fissures varies in a wide range - from ultra-fine
(fraction of & millimetre) to 2 or 3 mm in width,
Frequently, the fissures extend over the whole
micro-section in all directions, seeming to divide
the soll into separate parts.

Certain microfissures widen and then merge, form-
ing macro-fissures which lead to failure. The
predominant orientation of the large fissures de-
pends upon the magnitude of the load and on the
length of the creep process. Upon rapid failure,
when the particles do not have enough time to be-
come re-oriented fissures occur mainly at the con-
tact surfaces of the microblocks. The longer creep
develops, the greater the degree of re-orientation
of the particles and, consequently, the more the
soil is weakened.

Re-orientation of soil particles and a reduction
in the effective area of the cross-section due to
fissure development lead to an increase in the ac-
tual stresses. These, in turn, give rise to the
continuous increase in the rate of deformation
that is characteristic of the progressive flow
stage.

Failure itself is the result of fissure develop-
ment and occurs, as a rule, when their density (1.
e, area of the fissures per unit area of the soil
cross-section) reaches a definite value for the
given soll, For instance in investigating Jurassic
clay of a semi-solid consistency, the critical den
sity of the fissures was in the order of 40 per
cent, Hence, it may be anticipated that a possible
criterion of clay fallure (of plastic, solid and
semi-solid consistency) is the reaching of the
critical fissure density.

Thus, during the creep process, two opposed phenom
ena - strengthening and weakening - occur.
Strengthening is due to a reduction in the number
and size of the cavities, voids and microfissures,
i.e. to healing of the defects of structure, and
also to more compact packing of the soil particles
in shear. Weakening is due to the break-up of the
aggregates, re-orientation of the soll particles
in the direction of shear, and the initiation and
development of microfissures, i.e. a growth of
defeets of the structure, If strengthening predom-
inates over weakening, creep deformation is damped.
If strengthening and weakening compensate each
other, steady flow at a constant rate is developed.
Finally, if weakening predominates, progressive

‘"flow 1s originated. This stage ends in soil failure
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due to the growth of defects,

The smaller the acting stress, the slower soil
particles are re-oriented and fissures developedj
consequently , the longer the time required to
reash the limiting density of fissures and for
soil failure to occur. In other words, the well-
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¢) In the stage of progressive flow
(failure)

‘ : 3
P 2>
o

b) In the stage of steady flow
(Tailure)

d) electron-microscopic photagroph
of o fissure (x 6500)

Fige 2. Changes in soil structure in the creep process (miorophotographs X 40)
Legend: 1- aggregates; 2 - defects of a structurejy 3- cementing clayj

4 - fissures,

known phenomenon of soil strength reduction in
time can be explained by internal ohanges of the
materfial that take place when it is subjmet to
long-term deformation under creep conditions, as
treated in this paper.

The obtained data, which illuminate the deforma-
tion mechanism, served as the basis for deriving
the equation of long-term strength dealt with in
the report of Vyalov (1964) at the first Seasion
of the Conference,
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Chairman N. A. TSYTOVICH

Thank you for your interesting speech.

In closing this session, I wish to say a few
words about those who took part in its work.

First of all we must thank our General
Repotrter, Dr. de Mello, who did a huge
amount of work in summarizing the numerous
results of the research that had been con-
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ducted in the last years, including those
presented in the Proceedings of this Confer-
ence, as has been reported here.

It is important to note that the results of
the summarized investigmntions make it possi-
ble to more accurately estimate possible
foundation settlements (including those of
pile foundations) for structures built on
clayey soils, teking into account primary
and secondary consolidation of the clays and
their degree of compaction.

I also wish to thank all the speakers for
actively participating in the work of our
session.

I propose that the editorial board of our
journal "Geotechnique" organize a special
section to deal with all the interesting
cases of foundation settlement of structures
erected on clayey soils. It is essential
that the geological structure of the soil
mass in the whole range of the zone of com-
pression be described, and the values of the
design moduli of deformability and the creep
parameters (according to the accepted rheo-
logical theory) be given, as well as the
characteristics of natural compaction, the
values of the structural strength, the ini-
tial head gradient, the coefficient of the
initial pore pressure and so forth, or that
other comprehensive characteristics of soil
deformability be given and properly substan-
tialized. An analysis of this data will
enable limiting foundation settlement values
for structures to be established. It will
permit us to determine the practical validity
of one or another theory of settlement pre-
diction.

I thank you for your kind attention.

General Reporter V. F. B.de MELLO (Brazil)

In the few minutes allowed for the parting
remarks it will not be possible to insert
any more than a very sincere vote of thanks
for the many interesting contributions, and
a very brief mention of some items that have
brought forth the requested note of debate.

I should first take liberty to single out
Dr. Rosenblueth's presentation as constitut-
ing a very important beacon for the develop-
ment of the field along the lines proposed
by my report. It was my task to look at the
past and present: I chose to emphasize that
the analysis should be statistical, the pro-
gress in the field being associated with a
raising of the lower confidence level. Dr.
Rosenblueth points to the future, asserting
that the right approach to the design deci-
sions should thereupon rely more and more

on analysis based on decisions theory.

Regarding the problem of rough and smooth
contact faces, brought out by Dr. Miloviec,
the interest in establishing the upper and
lower bounds to the solutions is being fre-
quently tendered mathematically: to my knowl
edge, however, very little experimental data

exist to date to aid the design decision as
to the behaviour to be associated with a giv-
en interface.

Moretto discusses the interference of a par-
tial drainage under a footing, on the appli-
cable strength parameters and bearing capa-
city equilibrium. Consolidation (drainage
and/or absorption) will take places not mere-
ly under the "pressure bulb" postulated, but
wherever the change of stresses has created
excess pore pressure, and the dissipation of
a localized pore pressure affects the sur-
rounding soil elements (as would happen to
the zones marked as undrained in Moretto's
Fig. 3). It is my opinion that the complex-
ities and uncertainties surrovnding such si-
tuations will always fall back, at some
point, into what was stated to be (P.52 of
the State of the Art Report) a "basic pre-
mise of engineering practice, whereby, in
the face of any problem, ever inescapably
fraught with unknowns and uncertainties, the
solution must be formulated for that set of
working hypotheses which would ensure the
necessary conservatism. "

Schmertmann brings out the importance of the
E/c ratio in clays, in interpreting the Ncp
values of static penetrometers. We have tend
ed to consider that E/c varies very little
because of a4 tendency for both values to vary
together. The discussion constitutes an in-
teresting example of improved confidence lev
els of correlations. Moreover, I take the
liberty to emphasize the point, brought out
by the discussion, that often the bane of
field investigations has been the attempt

to solve a single equation for two or more
simultaneous unknowns. The conjugate use of
the static penetrometer and the pressuremeter,
as mentioned by Wambeke, constitutes a sug-
gestion along the same line.

Kerisel's discussion on the influence of di-
mensions on the undrained Nc value in homo-
geneous clays really throws me into some
confusion. Surely the dimension of the foot
ing must be taken into account in using pene
trometer results. But it has been my impres
sion that this fact results from the exces-
sive deformations (proportional to B) requir
ed to develop the failure, so that settlement
criteria take over in establishing allowable
pressures. Although experimental evidence
of load tests on large diameters rarely goes
to deformations of about O.1 B as seems re-
quired, it as been assumed that at such a de
formation the failure condition would repro-
duce approximately the Ne¢ value, independent
ly of diameter. Unless I have interpreted
the discussion incorrectly, it seems that
the clue given by Kerisel's Nc values of 2.5
and 1 is that he is referring either to what
I would call Nc values, or to allowable pres
sure Nc¢ values. It appears important to cla
rify this point.

As can be seen from the several contributions
to this Session, we shall always have a lot
of work ahead of us in complementing or revis
ing present knowledge.
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WRITTEN CONTRIBUTIONS

M. APPENDINO and M. JAMIOLKOWSKY (Italy)

In relation to our paper from Session 2 ®Founda-
tion for 200 m high ohimney on an overconsolidated
clayey ailt",lve are presently in a position to
ocomplete the information on the foundation beha-
viour reporting field observations performed from
Jamary to July 1969, when construction of the
chimney was ocompleted.

On the basis of these further observations we oan
make the following ramarkss:

1) An increase of foundation load (W) from 14220

tons to the final load of 16245 tons corresponded
to »n average inorease ef the total settlement of
about 2 mmj see fig. l.

—

CONTRIBUTIONS ECRITES

The calculations were made with contaot pressure
distributions corresponding to the total weight
of chimney and in one oase with the reduction of
buoyancy deriving from the re-establishment of the
water table afder the excavation disturbance (at

about 8 m a.s.l.)

A Young modulus of 200,000 kg/en2 and a Poisson
ratio of 0.16 were assumed in the concrete.

Results are given in Table 2, The results from the
defleotion values indicated that to obtain a cor-
respondence between measured and calculated defleo
tions it is necessary to allow that the pressure
distribution ehanges progressively from a parabol-

o-EXCok SHRFILLING o = CONCRETE SHAFT— [——INNER SHAFT—|
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Fig. 1. Settlements and loads during chimney comstruction

2) The plezometers readings indicate that the pore
Pressure is stil)l decreasing but there is a tendep
cy to reash a stable level ranging approximately
from 46 to 47 m above sea-level.

3) The deflections of the cantilevered edge of
foundation decrease in the long run as it may be
seen from the data indicated in the Table 1.

The deflections were caloculated with different
30i]l pressure distributions as shown at fig. 2.

io shape with downwards concavity tr a parabolio
shape with upwards ooncavity (see curves a and o,
fige. 1). This behaviour may be explained with a
decrease in the long run of the deformation modulus
of soil at the edge of the fbundation where devi-
atoric stresses were initially larger. Periphe-
rical high pressures due to wind loads could give
also a substantial contribution.

If this hypotheses were valid, the soil layer be-
low the foundation would have a defermation mod-
ulus variable according to fig. 3.
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REFERENCE PLANE AND SECTION

DEFLECTION AS REPORTED IN TABLE i& 2
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To understand in a better way the behaviour of the
soll we put seven earth pressure oells, of the

BRS type, below the foundation of a second chimney
which is now under construotion at the same site.

TABLE |

DEFLECTIONS AVERAGE % OF
15 16 17 18 DEFLECTION LOAD
232 127 380 427 29 mm 87

DATE

DEC 1968

MAY 1969 [108 000 182 385
JUNE 1969 |020 020 115 318
JULY 010 080 060 240

.69 mm 92
108 mm 97
0525 mm 100

f1,12 = DEFLETION AT REFERENCE POINTS
6-7-8 INDICATED IN FIG 2.

l-2-3-4-5-

TABLE 2

TYPE OF |[LOAD (W)| PRESSURE
PRESSURE 9 t/m2
DIS TRIBUTION ° R:0 | r/R:14

a 87 588 | 1351*
b 92 927

DEFLECTION
(Mt S)

279 mm

166 mm

100 15 150

100 135 et

058 mm.

.t
054 mm

% CONTACT PRESSURE AT r=09 R
#xVALUES CALCULATED WITH BUOYANCY REDUCTION

REFERENCE

l. M, Appendino and M. Jamiolkowsky (1969),

"Foundation for a 200 m high chimney on & clayey

silt", Proc. Seventh Int. Conf. on S. M, and F, E,,
~Mexico, Vol 2 pp. 9-15

Referring to Appendino and Jamiolkowsky's eddition
al information on the behaviour of a 200 m high
chimney foundationl, it may be interesting to
point out some results obtained from & calculation
of the raft internal stresses, made according to
the three reaction hypothesgts given in_Fig. 2 eas
types >f contact pressure arstributionl. To make
calculations easier, the raft external circular
ring, of variable height, has been replaced with a
circular ring of constant height and of equal de-
formability.

Assuming the stresses in hypothesis b equal to unj
ty, the radial maximum moment and the maximum shear
in the hypotheses a and c result respectively: hy-
pothesis a1t 1.7; 1.2} hypothesis ct 0.6; 0.8. It

is obvious that the commonly adepted hypothesis b
may be dangerous when the soil reacts, even during
a short time, as in hypothesis a.

li, This reaction distribution diagram takes into
account only the stresses due to the weight of the

shafts.
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Deflections reportedl in Table 2 include, even if
not exactly, the shear effect, of remarkable conse
quence in a structure of this kind, which is varia
ble depending on the type of load. .

The Young modulus for the 350 l:g/cm"2 cubic strgngth

concrete is probably higher than 200,000 kg/cm®,
as adopted in the deflections calculation; a high-
er value would give a closer correspondence with
measured deflection in hypotheses a and c.

REFERENCE

1 - Appendino, M. and Jamiolkowsky, M., "Founda-
tion for a 200 m high chimney on a clayey silt-Ad-
ditional information", Proc. Seventh Int. Conf. on
S.M. and F.E., Vol 3, Written contribution to
Session 2.

V. ESCARIO (Spain}

I was glad to read the Report presented by
Aitcheson and Woodburn, entitled ''Soil Suction in
Foundation Design'!, since it supports some of
the basic ideas I presented to the Conference on
Expansive Soils, Texas, (V. Escario, 1965)

/ 3
) \

15—\

/

- |

—

which briefly, were included in the corresponding
Proceedings.

Field conditions shall be, reproduced in the
laboratory as accurately as possible. Therefore ,
the swelling tests shall be carried out handling
the two variables which take part in the phenomenax:
exterior forces and suction. It is useless trying
to anticipate the behaviour of an expansive soil by
flooding the sample, as it is usually done, despite

the corrections which may afterwards be applied
by the existing formulae, specially knowing that
the principle of effective stress can hardly be
applied to these cases.

Consequently, four years ago I informed in
Texas about the tests which we were performing,
applying a suction to the source of water by means of
a mercury column. Although the concept was
then clearly established, the procedure had the
practical difficulty of being limited to a maximum
suction of -1, 0 Kg/sq.cm. In view of the foregoing
I continued investigating the possibility of applying
suctions higher than -1,0 Kg/sq.cm. to the water.
As a result of this, two years ago I submitted a

BRASS BUSHING

12 SCREWS

RUBBER SUPPORT

TA)

RUBBER GASKETS

e —

SEMIPERMEABLE MEMBRANE

SURFACE BEARING IN
TESTING MACHINE e

HOLES FOR RAISING THE :

POROUS STONE

Fig. l. Apparatus for epplying suction to the
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Report entitled "Measurement of the swelling
characteristice of a soil fed with water under
tension" (V. Escario, 1967) at the International
Meeting held in Madrid, by thg working group
organized under the OCDF. auspices, entitled
""International Cooperative Research on the
Prediction of Moisture Content under Road
Pavements"'.

In the above work I proposed the use of
an apparatus to determine the swelling characte-
ristice where the suction of the feeding water is
obtained by applying air pressure to the upper
part of the sample, which in turn is in contact
with water at atmospheric pressure through a
semipermeable membrane; that is, using a
systemn similar to the one employed in the well
known pressure membrane apparatus to obtain
the curves suction/moisture content of a soil.

A high pressure triaxial cell was then
being used, conveniently adapted.

Figure 1 schematically shows the new
apparatus we have now in use, as presented only
a few days ago to the 2nd International Conference
held in Texas (V. Escario, 1969).

The results obtained may be seen in the
Proceedings of the Conference.

References

Escario, V. (1965) "Engineering Effects of Mois-
ture Changes in Soils". Interna-
tional Research and Engineering
Conference on Expansive Clay
Soils. Texas A & M University.
PP 23-25.

Escario, V. (1967) "Measurement of the swelling
Characteristics of a soil fed
with water under tension'. In-
ternational Cooperative Re-
search on the Prediction of
Moisture Content under Road
Pavements, Working Group
under the auspices of OCDE,
Madrid meeting.

Escario, V. (1969) "A New Method for in situ
Measurement of Pore Water
Tension'", International Confe-
rence on Expansive Soils, Colle
ge Station, Texas.

A. A, GRIGORIAN (US.S.R)

The indmstrial methods of construction and the
tendenoy to increase the loads on footinge pro-
vide a basis for future development on the use of
Pile foundations in loess ocollapsible soils.
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Nowadays the piles, that completely or partly
cross the layers of collapsible soil, are being
wvidely put into praotice, specially in loess soils
of the first type. To the first type belong loess
layers, for which the collapse under overburden
pressure is practically impossible. The design

of piles in ocollapsible soils is made according

to data obtained from the field tests.

In the oase of theoretical solutions there are a
lot of difficulties and it is still impossible to
estimate exactly the stress condition in the soil
around a loaded pile.

In order to investigate the behaviour of driven
friction piles, which doss not oross loess ocol-
lapsible layers, experimental investigations were
oarried out (Grigorian and Mamonov, 1968). Piles
were driven through a ocollapsible soill with a
natural (low) water content. Then the soil around
them was wvetted before the statioc load test and
during it. The length of the test piles was 5-7 m
with a cross-seotion of 30 x 30 om.

The field tests with the special piles were oar-
ried out and the ultimate values of point resist-
ance and skin.friction were separately obtained.
The sum of these values in all ocases in saturated
loess was equal to the ultimate load, whioh was
obtained by tests performed in the whole pile.
Therefore to know the behaviour of a pile in ocol-
lapsible soils one may examine separately these
two resistances.

The shear forces between the pile and the saturated

loeas axe mainly due to the skin friction, beocanse
there is generally no oohesion in this soil. In

T ey
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Fig., 1 - Cross-section of pile after test with
indicator lines that show the deformation of the
80il around the pile: l~before statio load teat;
2-after statio load test.
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the state of failure there was a slip between the
pile and the loess. The horizontal lines, formed
by individual elements acting as deformation indi-
cators, after the pile was driven into the soil,
are shown in Pig. l. The indicatorse near the pile,
along ite length, had no vertical dieplacements
although the settlement of a pile was about 30 cm.
The point resistance depends mainly on the rela-
tion between the volume of the compaction zone,
formed by driving, and the volume of the deforma-
tion zone under the action of a static load.

When the load on a pile increases to almost the
value of the ultimate load, the elastic strains
of the soll mostly take place in the compaction
zone, At the same time the residual etraine are
small. The complete settlement of a driven pile
in loess soil upon reaching the ultimate load ie
less than 3-5 mm.

Under the ultimate load of a pile the stresses at
the lower part of the boundary of the compacted
zone reaoch a oertain value, which is called the
initial deformation pressure of saturated loess.

When the load on a pile i1s greater than the ulti-
mate one, the deformations of the loess start out-
side the compaction zone. In thie moment a sharp
inorease of settlement is observed.

¥hen the natural density of the soll outside the

compacted zone is high, then the bearing capacity
of the pile is also high. This is due to the fact
that the vertical load, causing an intensive com-
paction of the loess outside the compaction zone,
must be aleo large.

In loess soll, point resistance takes the main
part of the total bearing capacity of a pile. For
instance, in homogeneous, loose, highly collapsi-
ble loess (the coefficient of relative collapse-
ness Ocol, taken from oedometer tests, was
0,05-0,07) the ultimate load on the pile with a
length of 5,6m and a crosssection of 30 x 30 om
in saturated soil was 15 tons. Point resistance
in this case was equal to 8 tonsa.

Therefore to obtain a high efficiency when ueing
the driven piles in collapsible soils, under con-
ditions of possible wetting, it ie necessary to
put the pile points in soils with écol'< 0,02,

In order to increase the bearing capacity of foun-
dations on high collapsible soils of the first

type, we suggest to use a short oonic pile-footing,

which is placed on a punobhed base. This pile has
an upturned cone shape (cone, truncated cone, pyr-
amid), made of concrete or reinforced concrete. It
can be precast or cast in sitm.

The bed of the pile is formed by a rammer, falling
from a certain height (Fig. 2). The shape and size
of the rammer are equal to those of the pile. In
this manner the soil is displaced under percussion
action and is compacted to take the shape of the
pile. By means of this method the bearing capacity
of pile-footing on collapsible soil may be largely
increased.

As compared with known oonic piles, the suggested

plle has a much bigger angle of cone and base diam-
eter, That also causes its higher bearing capacity.

After wetting the soil the pile with angle of cone
34”, length 2m and diameter of baee 1,2 m had a

bearing capacity of 50-80 tons, which depended
upon the density of the loess outside the compact-
ion zone.
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Fig. 2- Scheme for pressing out the base to make
the pile-footings 1. bulldozer; 2, welght; 3,
frame; 4. rammerj 5. base for pile-footing.

The pile-footing needs in this case rather less
reinforcement than usually. The suggested type of
pile-foeting has an advantege as compared to usual
types of driven piles. This is due to the fact
that the normal compressive stressss, developed on
all contact surface, are mainly resisting the ver-
tical load, applied to thie pille=footing. The
shear stresses along inolined have a minor influ-
ence, In the field tests that were ocarried out in.
the South Ukraine, eng. Goldfield took part.

When dropping the reinforoced rammers with conic or
truncated cone shape, the contact surface of the
holes was found to be very dense and smooth, It
gave the opportunity to ocast the conorete into the
hole without timber forming.

In the caees of large thiokness of oollapsible
soil layer (10-30 m), when the load on the founda-
tions ie great, a widely used practioce is to use
different sorts of cast-in-place piles with bulbe
near their lower end. The bulbs are made in the
following ways

1. boring, 2. pressing the concrete into the soil
near the bottom of bore hole by vibro method and
3. pressing out the soil aside by means of special
multipetal equipment with the aid of jacks. The
latter method is the most promising, beosuse it
gives an opportunity to inorease the bearing capao-
ity of bulbe by means of compacting the soil with-
out excavating it.

REFERENCES

A. A. Grigorian and V., M. Mamonov (1968), "Esti-

mating the bearing capacity of a driven friction

pile in loess soil of first type", Preceedings of
the 3rd Budapest Conference on Soil Mechanicse and
Foundation Engineering, pp. 549-558, Budapest.
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N. JANBU (Norway)

I agree with panel member, Dr. Golder, that theo-
retical time rate estimates so far, and as a whole,
have failed miserably in predicting the actual
time-behaviour of structures and fills on clay. But
I believe this is becanse a vast majority is still
using the classical stress-theory of comsolidation.
If, instead, & proper strain-theory, allowing for
non-linearity, is applied, one will find that 80 -
90% of previous errors go down the drain - in more
than one meaning.,

To illustrate the difference between a stress - thg
ory and a strain - theory, reference is made to

Fig 1. A 20 m thick normally consolidated clay lay-
er, overlain by 1 m of sand, is carrying 10t/m2
uniformly distributed. The, tangent modulus is Mw=l5-
P’s hence m=15, and c,=8 mz/year. The ground water
level coincides with the clay surface, and initial
hydrostatic pore pressure is assumed. The simple
vertical stress distribution with depth is also
shown.

For each selected depth the vertical strain can be
calculated by the formula:

£ L 1n Pote

B

For 1nstancs at elevation = 10 m, where po'-12t/m2
and Ap=1t/m¢ one gets,

E=L11n22 o 41%
15 12

Thus, the strains have been obtained for the entire
clay layer, and the £-3 curve has an area §=98 cm.
This same settlement, 98 cm, and the same strain
distribution can be obtained by using C o
_c = 0.153.
l+e

e

Now, by the classical stress theory the time rate
is governed by the Ap- distribution. Here Op 1s a
constant equal to 10t/m2.Therefore, to reach 50%

consolidation or 49 cm,

T.

v

From the strain - theory, however, i1t is the shape
of the £-2 curve that determines the rate (see Fig.
6, page 195 in Vol I of this conference).

? 2
teT = o 0,197 Eg‘ yrs= 10 years

The calculated £-3 diagram is accurately repre-
sented by a Eeotangle of area 50 omz, and a parab=
ola of 48 ¢m“ in area. One can then obtain the
resulting é-t curve by adding the two §=-t curves
vertically after each is calculated and plotted in
separate o =t diagrams, Ommitting details of
caloulation, the final result is represented by the
fully drawn eurve in Fig. 1.

When comparing the time required by the stress-thg
ory, t to tbat needed by the strain theory, ?E it
is seefi that:

The fill settles many times faster by the strain-
theory, especially in the early phase of the con-
solidation. For instance, to reach 50% consolida-
tion it takes less than four years by the straine
theory as compared to 10 years by the stress=theo-~
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Here, the comparison is made for a theoretical case
to avolid influences of unknown factors in the com-
parison, However, studies of several avallable case
records for fills and structures on approximately
normally consolidated clays have disclosed that the
strain theory predicts the time-rate reasonably
well, At least, I have yet to enocounter a well-dog
umented ocase reocord where the differences between
the strain-predicted and the observed behaviour is
alarming, or even unsatisfactory for practical pur
poses,

J. MATHIAN et R. PAUBEL (France)

COMPLEMENT A LA COMMUNICATION FIGURANT AUX
PAGES 173 4 181 DU VOLUME N° 2

9 - CBSERVATIONS COMPLEMENTAIRES

9-1 Tassements observés récemment sur les
ouvrages de Bourg-lés-Valence

Depuls la rédaction du rapport visé
ci-dessus les mesures de nivellement ont
été poursuivies réguliérement.

Ces mesures montrent que le tasse-
ment observé depuis la mise en eau des ou-
vrages se continue. Au mois de juin 1969
soit 18 moils aprés l'arrét des épuisements
et 12 mois aprés la mise en eau des ouvra-
ges aux niveaux définitifs d'exploitation,
la vitesse de tassement est encore de 1'-

Cotes NGF * g

ordre de 1 mm par mois.

Le basculement de l'usine vers 1'-
amont a également continué a s'accentuer
légérement (voir fiqure n° 8 bis complétant
la figure n°® 8 du rapjort).

Rien ne permet donc de penser qu'il
Yy ait tendance au transfert du poids de
l'e~u sur les pressions interstitielles.

A cette remarque, nous rattacherons
certalnes mesures effectuédes lors d'essals
de c¢isjonction des groupes hydro-électri-
ques de l'usine. A 1l'occaslion de ces essais,
on a constaté qu'une surélévation momen-
tanée du niveau en amont de l'usine, de 1'-
ordre de 1 m d'amplitude pendant une tren-
taine de minutes, accentuait temporaire-
ment le basculement de 1'usine vers l‘'amont.
Cette accentuation a été mesurée en obser-
vant 1'un des pendules de 30 m de hauteur
visé au paragraphe 5-2 : le déplacement
momentané du pied du pendule est de l'ordre
de 0,15 mm vers 1l'amont et dure approxi-
mativement le méme temps que la suréléva-
tion du niveau d'eau en amont de l'usine.

Cette derniére observation confirme
le f it qu'une augmentation rapide de 1la
mass2 d'eau surmontant l'argile provoque
un tassement instantané du squelette soli-
Je. D'autre part, la grande régularité des
covrbes de tassement observées depuis 1l
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mise en eau démontre la vraisemblancz ce
1'hypothése formulée précédemment : pour
expliquer au mieux les mesures de gonfle-
ment et de tassement, il faut tenir compte
non pas des varlations des charges effec-
tives des terres enlevées ou du béton mis
en place, mais des variations du poids
total de ces matériaux, en y comprenant la
masse d'eau qui les baigne ou les surmonte.

L'hypothése de l'eau agissant par son
poids n'est peut-&tre pas tout a fait
exacte, mais elle semble donner des résul-
tats qui sont plus en accord avec la réa-
1i1té que ceux obtenus dans 1'hypothése
classique qui ne prend pas en compte la
pression d'eau.
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Courbes de tassement
(mises a jour en juillet 1969)

9-2 Gonflements de la masse d'argile
observés pendant les terrassements
de la foullle de l'usine de Gervans

Les terrassements nécessaires a la
construction d'une nouvelle usine hydro-
électrique, celle de Gervans, ont commencé
au printemps 1969.

Cette usine est fondée sur la méme
formation d'argile pliocéne que l'usine de
Bourg-l&s-Valence. En profitant des expé-
riences précédentes, on a cherché a analyser
de maniére plus détaillée les gonflements de
la masse d'argile pendant toute la phase de
terrassement.

Le nombre de repéres mis en place

dans l'argile avant le début des terrasse-
ments est d'environ 80. Ces repéres ont été
installés dans des forages verticaux. Pour
déterminer leur altitude & un moment donné,
on utilise une torpille & ailettes escamo-
tables, ce qui a permis d'installer plusieurs
repéres (jusqu'a 10) dans le m8me forage.
Les repéres les plus profonds sont situés i

50 m de profondeur en dessous du toit de
ltargile.

A chaque campagne de nivellewent, il
est alors possible de tracer dans un plan
ou dans un profil donné des courbes d'égal
gonflement par rapport a l'état initial.

La figure n° 13 a été établie de
cette maniére, a une époque ou la fouille
avait atteint 16 m de profondeur. Au centre
de la fouille le gonflement maximal des
couches superficielles de l'argile dépasse
70 mm ; il est de 20 mm a 50 m de profondeur.

Les réactions sont extrémement rapides
pulsque les relevés, ayant servi a établir
ces courbes, ont été effectués alors que le
chantler de terrassement était en pleilne
activité et que les travaux avalent commen-
cé seulement trois mols auparavant.

Bien qu'elle solt relative a une autre
usine que celle de Bcurg-lés-Valence, cette
figure a 1'avantage de bien mettre en évi-
dence l'expansion générale de la masse d'-
arglle pendant le creusement d'une grande
foullle ; dans l'espace, les surfaces d'-
égal gonflement ont grosso modo 1l'allure de
calottes sphériques dont les centres se si-~
tueraient tous sur la verticale du centre de
gravité de la fouille.

G. G. MEYERHOF (Canada)

The paper by Mandel and Selendon in the present
Conference Proceedinge (Vol. 2, p. 157) provides

a valuable analysis of the ultimate bearing capac-
ity of etrip foundatione on rigidly supported soil
strata of limited thickness in relation to the
footing width. For the special case of purely cohe
sive materials this analysis agrees with the pre-
vious theory and experiments by the writer! who
additionally treated the cases of circular and rec
tangular foundations on such materials. However, it
should be noted that for saturated clays in the
undrained state both the failure meohanism and the
bearing capacity depend on the true (Hvorslev) co-
hesion and internal friction of the olay and not on
the apparent (undrained) cohesion and §§ = O condi-
tion. This conclusion ie confirmed by the results
of experimental studies of the ultimate bearing

7 A latense
¥ /A Detormatios
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L Strain

a) Stiff clay overlying soft clay
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capacity of layered clays in the present Confer-
ence Proceedings (Brown and Meyerhof, Vol. 2, p.
45). Typical failure patterns observed beneath
etrip footings on saturated clay strata used in
this investigation are shown in Fig., 1 and differ
considerably from those used in the theoretical
analysis. Accordingly, the latter authors have sug
gested semi-empirical relationships to estimate
the bearing capacity of foundations of various
shapes on clay strata of limited thickness.

Prandtl =0

i/

b) Soft clay overlying etiff clay

Fig. 1. Typical rupture figures
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T. K. NATARAJAN (india)

The paper on “Storago Yard Foundation on Soft Co=-
hesive Soils®: olsarly brimgs out the signifiocance
of horizontal deformations within a soft clay
stratum. The many instances of horizontal movement
of abutment piles in India testify to this. I wish
to add yet another experience we had in recent
monthse.

A certain oargo jetty in Kandla Port in India, was
designed to rest on hollow RCC piles, 20" dia. ,at
12ft ‘centres. The subsoil was 48 ft of soft olay
(with o = 350 psf on the basis of vane tests)
underlain by 20 ft of medium dense sand, followed
by very stiff c¢lay. The port anthorities had
completed the installation of the piles, pene-
trating through the soft clay layer and 5 ft into
the sand layer, driven to a set of 3/4" under the
last 10 blows using a 4500 kg single acting steam
hammer with a drop of 28", At this stage and pot
earlier the problem was referred to us for an
analysis.

Pile load tests were made. Suitable ocorrections
were made for the removal of olay surrounding the
plles due to anticipated dredging of slopes as
well as for negative skin friotion,

The safe load per pile was determined to be 7Otone
with a faotor of safety of 1.5 against bearing
oapacity failure, The faotor of safety for the
slope under the Jetty at 113, was 1.5 egainst rota
tional failure, In view of the rather low faotor
of safety, no filling was permitted immediately

267

behind the jetty and the approach road 100 ft wide
vas also made to rest on piles.

Despite the provision of piles and despite assur-
ances of stability of slopes against rotational
fallure, using shear strength values based on
conventional tests, there were indications that the
soft olay layer would tend to move horizontally
tovards the seaside, on the baslis of observational
data. Since the piles did not have adequate embed=-
ment into the sand and since laboratory tests
indicated a low creep strength, viz., of about 0.6
of the ultimate shearing resistance, the possibil-
ity of a toe kick-out of the piles could not be
altogether ruled out.

As a oorrective measure, a 24 ft thick RC diaphragm
wvall penetrating deep into the stiff clay, to aot
like a cantilever sheet pile wall in order to with-
stand the lateral thrust, had to be provided in
front of the quay faoce. The wall was wholly buried
below the sea bed level. The jetty was declared
safe only after this was done.

This clearly demonstrates the need for consideration
of bending stresses in all such piles, suoh as
abutment piles etc., driven through soft oohesive
soils. I believe this mode of fallure as distimot
from and in addition to other possible modes of
fallure, therefore deserves to be ocomnsidered, in
any foundation analysis, under these oircumstances.
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G. SANGLERANT (France)

Le paneliste Perez Guerra a bien voulu citer au
cours de son exposé les travaux de J, Gielly, P.
Lareal et G, Sanglerat concernant 1'étude de la
compressibilité des sols et la prévision des tas=
sements a 1l'aide du pénétrometre statique.

Les recherches entreprises a ce sujet conjointe-
ment depuls plusieurs années par 1'Ecole Centrale
Lyonnaise et 1'Institut National des Sciences
Appliquées de Lyon ont fait ltobjet d'une premiére
communication & la "Conférence on in situ investi-
gations in soils and rooks" (Réf. 1). Depuis lors,
les études statistiques ont &té poursuivies et
actuellement elles portent sur plus de 350 couples
de comparaison pénétromdtre-ocedometre réalisés sur
différents chantiers de France et de Belgique. Ces
études ont permis de compléter et de parfaire les
résultats publiés dees 1965 (REf. 2 et 3) au sujet
du ooefficient & figurant dans la relation

a, = —h—
o Rp
permettant de calculer le coefficient de compre-

seibilité volumétrique m, en fonction de la ré-
sistance & la pointe du pénétrométre statique Rp.

Les coefficients of ont §t€ donnés pour différents
types d'alluvions modernes: arglile peu plastique
(CL), argile trée plastique (CH), sol tourbeux et
sable (Réf. 1),
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Tl est intéressant de noter que les gfotechnioiens
aiglais, A.C, Meigh et B.O. Corbett ont trouvé
itrs de 1'&tude des tassements de réservoirs &
essence en Arabie (REf, 4) des résultats qui re~
coupent les valeiirs de o proposées pour les argi-
les (CH). Il en est de m@me pour les résultats
obtenus par A.S. Correia Mineiro dans les sables
dtAngola (Réf. 5).

Les études statistiques ont, par ailleurs, permis
de mettre en &vidence que quelle que soit la naty
re des sols &tudids, le coefficient de compressi-
bilité C, est 116 a la résistance & la pointe du
pénétromdtre statique, .= La figure A indique
le fuseau des valeurs trouvées limité par deux
hyperboles Squilatdres.

Cette figure est capitale car i1l est possible dten
tirer la oonolusion pratique suivantes

"Dés que la répistance a la pointe du pénétro-
métre statique dépasse 12 bars, les bftiments
courants fondés superfiocilellement aveo des con=
traintes raisonnables ne doivent pas subir de ta=-
ssements excessifs",

CHAMGARBNT D ScHELLs

snbpee D

+ Rigina lysanalse
« Jadna o Loirs

ax s Alna

SCV.IQ

oy \

oy | ., .\

B €L

o »o Easl

Fig A1 C, fonotion de RP

Lorsque R, est inférieur & 12 bars, des tassements
non négligeable peuvent se produire et il y a lieu,
a ce moment 14, de déterminer la teneur en eau w
et de se reporter aux tableaux qui donnent des va-
leurs de Co ou de & en fonotion de RP et w,

Grice au pénétromdire statique on peut dono appfé-
cler rapidement, aveo une bonne approximation, les
tassements absolus et différentiels &ventuels
puisque cet appareil permet de déceler sans ris=-
que d'erreurs ou d'omission la résistance et 1'é-
paisseur des ocouohes compressibles sous jacentes,
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E. B. SOUTO SILVEIRA and J. O. JUNQUEIRA FRANCO (Brazil)

Upon a suggestion of Prof. Victor F. B. de
Mello, consistent with the concept summa-
rized in his remarkable State-of-the-Art
Report, and in accordance with a practice
employed long since on several earthwork
projects on which he is the Soil Mechanics
Consultant for Promon Engenharia, we have
had some opportunities of establishing for
practical use general power functions of
w= £(Gy, 0y - 0.
In each case, several tests with different
values of (J; were carried out, and the indi
vidual groups of values of (2?3, 0103, u)
were statistically analysed, in order to
obtain the best fitting surface in the space

(A

Fig.1l - Best fitting surface
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defined by the three above variables. The
statistical analysis was developed through a
computer program, according to the following
steps: given several powers of the inde-
pendent variables ((3 and (;-/3) and their
combined products, the program made a re-
search on which of them was the most sig-
nificant one, established a first best
fitting function on this single variable,
and analysed its statistical significance;
if it proved valid, the research continued
in the next step, adding each time the next
significant value. Thus, the final equation
has the form:

M=z a + bly + C(Ji —Ig) + d(03‘)(0i - 0‘5) +
2 2 2
ey + £(0] -0 + g(03) (07 - 0° +
2 . 2 2
h(0° (0] -0 + 1OPTO-0p° + ...

in which the coefficients a, b, c...
zero, or not.

may be

The research starts with two terms (power
function of the most significant variable),
and, at every step, a new term is added, the
most significant one. The research finishes
when, from an engineering point of view, the
benefit introduced by the addition of a new
term is no longer significant.

Fig. 1 shows theu= f(J,, - -{J.) best
fitting surface determiﬂed,*whigh is found
to be curved in both coordinates 03 and
0 - 03

It should be mentioned that, when a surface
is established, the values for a hydrostatic
pressure (@] = (") would be given by the
trace of the general surface of 4= f(U3,

7y - 0%) on the plane of (7 - 3 = 0, that
is, a curve of &t = f(03). However, the sta-
tistical analys¢s seems to indicate that a
direct regression on pairs of values of the
chamber pressure {; on the samples, prior to
the application of any deviator stress

(01 - 03), does not necessarily belong to the
same universe as the surface function of

M= £(03, 0y - ¥3), as may be visualized in
Fig. 1b. Thils means that the pore pressure
induced by a hydrostatic pressure on a soil
sample does not necessarily follow the same
law as that of the pore pressure induced by
a deviator stress - which seems to agree
with Markus Reiner's considerations about
the elasticity theories, on which the pore
pressure coefficients are generally based,
and about the elastic dilatancy of materials
that are constituted by particles.

With a view to establishing the merits of
theprocedure on the basis of unquestionable
experimental data, the exemplifying computa
tions were carried out using the data publish
ed in the "First Progress Report on Investi-
gation of Stress - Deformation and Strength
Characteristics of Compacted Clays", by Ca-
sagrande, A, and Hirschfeld, R.C., Soil
Mechanics Series n? 61, 1960, for the Q11,
Q12, Q13, Q1lu, and Q16 tests (table IV and
Figs. 28, 29, 30, 31 and 33 loc.cit.), with
about the same degree of saturation (around
76%). The values of the_confining pressure
vary from 4 to 14 kg/cm®.
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Figs. 2 and 3 show comparisons between the
observeg values during the tests with 03 =

6 kg/cm? (Fig.2) and ¢3= 14 kg/em2 (Fig.3)
and the values calculated according to the
statistically best-fitting surface - equation
of Fig.l. As may be observed, even the highest
error, corresponding to Fig. 2, is rather
small, even when the equation was established
for a relatively large range of the confining
pressure values (4 to 14 kg/cm2).

With the observed values of 4 for U3z 4 and
10 kg/cm?, and with 0] - 03 = 2 and 3 kg/cm?,

(s 4 B ‘ |4
G- 0y (kg/crm)

Fig.
Ib- Traces parallel to theu x 0; -05 plane
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the traditional pore pressure coefficients Aj
and B; were calculated; with the same values

of (3, but with a larger range of {3 - 73

(1 and 4 kg/cm?), A, and B, were also calcu-

lated.

Fig.2 shows two straight-lines, for comparison
with the observed data and with the values
taken from the statistical surface of Fig.l:
straight-line (1) shows the variation of 4t
with ¢ - 73, for #3= 6 kg/cm? (as the other
two curves), and for A1} and B;; and curve (2)
shows the same variation, for A, and 82.

observed da'la

salcuialed surfoce of u

W oulkgsem )

>
Gy \kgrem)

ig.2- Comparison between observed and
differently calculated values for
3 = 6 kg/cm

These straight-lines show that any computa-
tion based on a linearization of the function
w= £ (03, 07 - ("3) only gives reliable
values when the parameters for computation
of the pressure coefficients A and B are very
close to the values one wishes to calculate;
they show therefore that the heavy responsi-
bility of obtaining a reliable result lies
on the choice of appropriate values for the
determination of A and B, as mentioned in
the State-of-the-Art Report under discussion.

The same procedure was carried out for ¢4 =
14 kg/cmé, as indicated in Fig. 3.

Although this method has been under general
use among us, and the conclusions above
exemplified have been repeatedly confirmed

- — obterved dota

u(lgtn‘?

—— calculatad surfoce of u

! 2 3 4 5
s s 2
v, - L/, (kg/cm )

Fig.3 - Comparison between observed and
differently calculated values for
d3 = 14 kg/em

in varying measures depending on soil proper
ties and stress levels, it is felt that the
concept of the procedure and its handy com-
putational application is sufficiently docu-
mented through the single example presented,
based on a very meticulous test program.

A.S. VESIC (U.S. A)

This discussion is concerned with effects of
scale and compressibility on behavior of shal-
low foundations. Scale effects differing from
those predicted by the classical earth pres-
sure theories have been known in bearing ca-
pacity and earth pressure phenomena for gquite
some time. Yet, the understanding of the van-
ety of reasons for their existence has come
only in very recent years, (De Beer, 1963,
1965; VesiC 1964, 1965; Kérisel, 1967). It
was shown that the relative compressibility
of soils, both with respect to gravity forces
and with respect to their shear strength, in-
creases with foundation size. The mentioned
studies also indicate that, in case of shal-
low foundations, the average shear strength
mobilized along a slip line under the founda-
tion decreases with foundation size. (There
are actually three independent reasons for
this decrease of strength with foundation size:
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Fig. 1. Variation of bearing capacity factor Ny with footing size (after De Beer, 1965).

a) the curvature of Mohr envelope;b) progres-
sive rupture along the slip line; c) presence
of zones or seams of weakness in all soil de-
posits. The relative contribution of each of
the reasons varies with soil type and the rage
of footing size; their total effect being dis-
cernible in practically all soils.)

In view of these facts a decrease in apparent
values of bearing capacity factors with size
should be expected,to a certain degree, in all
soils. The most conspicuous of all is probably
the decrease of Ny-values with increased size
of surface footings on sand. Fig. 1, taken
from De Beer, 1965, shows that this decrease has
been apparent in all major experimental studies
of the problem of bearing capacity of shallow
footings. As the largest of these footings has
been only of the size of one meter (3.3 ft)
square, there is a great practical, as well as
theoretical interest in possibly establishing
whether the Ny-values shown in the figure tend
asymptotically to some minimum.

Let us examine the two possible answers to
this question with the use of data obtained in
tests with Chattahoochee sand in controiled
conditions (Vesié, 1967). First the four points
from Fig. 1 marked "Vesié, vy = 1,538 t/m’" are
replotted in Fig. 2, which shows the ultimate
resistance q, of surface footings in ton/ft?
versus the footing width in ft, The same fig-
ure shows in thin lines the ¢g-values for
large. footings according to the third term of
the conventional bearing capacity equation.
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Also shown, in solid line, are the measured
penetration pressures of deep circular foot-
ings in the same sand. Should the surface
plate data in Fig. 1 tend aymptotically to ary
of the Ny-values shown, the gg-values in Fig.
2 would need to exceed the deep penetration
pressure. It is hard to conceive that a foot-
ing may have a greater bearing capacity at the
surface than at great depth. The alternate
conclusion is that there is no minimum value
of Ny for large footings and that an upper
limit of bearing capacity exists for all sur-
face footings. It can be postulated that this
upper limit depends on the relative density or
void ratio of the soil in question and that it
does not exceed the deep penetration resistance
of a footing of the same shape and size. This
would suggest that large surface footings may
also fail exclusively in punching shear, as
apparently all deep footings do. This possi-
bility should not come as a surprise if one
considers the mentioned fact that the relative
compressibility of soils under footings in-
creases with footing size,

The data presented in this discussion indicate
that the conventional theory of bearing capac-
ity of shallow foundations, at present limited
to the rigid-plastic idealization of soil be-
havior and general shear failure pattern of
the soil mass, may not always be able to offer
an adequate assessment of the scale effects.
It is believed that an extension of this the-
ory, to be based on a more realistic model of
a compressible solid can provide needed an-
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swers for a greater variety of problems ap-
pearing in engineering practice.
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E. P. VIDELA and J. R. NADEO (Argentina)

SYNOPSIS

This paper presents the results of compres-
sion and pulling tests with slow application
of the load carried out on a number of piles
used or the construction of a Cold Rolling
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Mill (Propulsora Siderairgica Works, Ensenada,
Buenos Aires, R.A.). The tests were conduct-
ed with total variable loads of up to 200 Tn.,
and the relationships load-total settlement
and load-plastic settlement were recorded

for each case. A complete report of the
tests has been published in the last volume
of Specialty Session No. % Memories

The tests were carried out on square precast
concrete piles (35 x 35 cm) driven to a depth
of 13.50 m below ground level. Because of the
soil stratigraphy and the works characteris-
tics it was necessary first to remove by ex-
cavation the upper layer of Type C.H. soft
clay, 6.00 m deep. After drilling to a depth
of 9.00 m below ground level with a 40 cm
bore through the clay-silt strata, Type M.H.
very firm and Type M.L. silty and hard, the
piles were driven into the soil.

Loads were increased in stages and were main-
tained at each stage until settlement had
substantially ceased before proceeding to the
next stage. First a maximum compression load
of 80 Tn was reached and was maintained a
minimum of 12 hr. before removing it com-
pletely. The net settlement or plastic de-
formation produced by that maximum load was
then measured.

After this, loads were increased in stages
again until a maximum compression load of

200 Tn was reached. This load was maintained
a minimum of 24 hr. before removing it com-
pletely and measuring the resultant plastic
deformation. The results of the 6 compression
loading tests carried out - in 2 of them
failure occurred with a load of less than

200 Tn are shown in the Load-Settlement, Set-
tlement-Time, and Time-Load Increments curves
presented in our paper published in Specialty
Session N° 8 Memories.

The five pulling tests were made mainly to
verify the amount of total settlement pro-
duced by loads approximately equal to working
loads. Loading was increased in stages as be-
fore until a maximum of 40 Tn to 60 Tn was
reached. The loads were then removed and the
plastic deformation determined. In one case a
decision was made of producing the failure of
the pile, which occurred at 180 Tn.

All tests results were represented in the
aforementioned curves. An analysis of these
results showed that there was no correlation
between the total settlement values measured
in different tests, therefore more attention
was given to plastic deformation. In all
tests - compression or pulling - that had not
reached the failure stage the plastic deform-
ation values measured were found to be around
the mean value represented in Fig. 1.

I'his figure shows that the plastic deform-
ations produced by pulling loads are greater
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than those produced by compression loads,
even vhen these were of a smaller value, If
we accept the validity of the relationship
pulling load-plastic deformation, it can be
concluded that the friction produced during a
compression load test for a certain plastic
deformation it is a function of the deform-
ation. Therefore, and as long as failure is
not reached, it results that about 60 per
cent of the load is carried by the tip.

The relationship Load-Plastic Deformation for
a compression and a pulling load test that
had reached failure was represented in Fig. 2
with the object of analysing the results for
greater plastic deformations.

0
LOAD (1n)

-200

\_COMPRESSION

|
| QF

: PLASTIC DEF (mm)
I 2 3
Fig. 1
" LOAD (tn)
200
\‘ COMPRE SSION
b
if | PLASTIC DEF (mm)
10 20 30
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The study of Pig. 2 shows that until approx-
imately 2 mm the tip carries about 60 per
cent of the load applied, the same as in

Fig. 1. As plastic deformation increases the
load carried by the tip is gradually trans-
ferred to friction until all the applied load
is taken by friction when deformation is

15 mm, in this particular case.

Thou this is not the more general case - that
in which a residual resistance remains in the
tip after friction resistance is over - the
above assumptions are valid as long as they
are applied to similar situations.

CONCLUSTIONS

1, Differing from total deformation values,
the plastic deformations measured in com-
pression and pulling load tests were quite
similar for the same load.

2. The study of plastic deformations seems to
be a useful tool to analyse the stress
transference phenomenon from pile to soil
as tip and friction resistance.

3. For small plastic deformation values the
pile tip takes about 60 per cent of the
applied load. As plastic deformation is
increased friction cooperation it is also
increased, becoming more and more impor-
tant until reaching the Ffailure stage,
when practically all the load is carried
by friction.

4. In similar situations bearing capacity of
a pile could be calculated as the sum of
the friction resistance and the residual
tip resistance; if this is so the admis-
sible load obtained by applying a total
safety coefficient does not represents
proportionally the admissible loads taken
by tip an friction, and only an acceptable
security margin is obtained that the ap-
plied loads will not produce failure,
Hence, it would be convenient to use par-
cial security coefficients.

K. WEISS (Garmany)

Muhe and 'oinslhavo reported the results of four
loading tests with a 2.0 x 0.5 m footing in their
paper about the influenoce of the load inclination
on the bearing oapacity of shallow footings. It
was rather easy to determine the amount of de-
crease of the bearing capacity due to the inolina-
tion and eccentricity of the load by putting the
respeotive failure load in proportion to the fail-
ure load of the corresponding vertical central
load case. The following conclusions oould be
derivated therefrom:

1. The influences of eccentricity and inclination
of the load are independent of each other)
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2., The bearing oapacity deoreased approrximately
by “the faotor tand , when the applied load is in-
olined under. the angle s.

However, theee results have been proved so far by
the four tests only for an angle of inclination of
8= 20° and an ecoentriocity € of 1/6 L. Additional
ly they are only true for the case when the in-
olined load acts in the direotion of the longer
side of the footing.

In the meantime sixteen further tests have been
oarried out in two series with & = 10° and & = 30°
in a dense sand-gravel mixture, in which also the
ecoentrioity was increased to 1/3 L (Figure 1).
The different load ocases have been compiled to-
goether with the corresponding failure loads in
Tables 1 and 2; the coeffioients in the last three
oolumas were calculated by dividing these failure
loads by those of the corresponding vertical
central load oase (Tables 1 and 2),

Fig. 1 - ¥est set up for 5 = 30° and e = L/6

Table 1

Test results for dg = 10°
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The average reduction values due to the influence
of the ecoentrioity with respeot to the inolina-

tion of the load are ocompiled for all tests to-
gether with the corresponding variances and ocoef-
fioients of variation in Table 3,

It can be seen from the values in the last column
that the bearing capacity under an ecoentricity

Table 2

Test results for &g =30°
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Table 3

Averoge test values of reduction

influence of reduction to
& =073t 003
e =L/6 s = : 007

v = t 9%
£ = 051 002
e =(/3 P t Q04

v = e %
& = 084t 004
& = 10° S -7 ¢ gos

v = t 9%
& = 062t Q02
§ = 2° ¢ 7 003
(see table in paper)| i = t 5%
. & = 042° 002
4 = 30 D2 : 605

v = L11%

» Jvariance
«) coatlicient of variation

of e = 1/6 L amounts to about 73% and that one
under an eccentricity of e = 1/3 L to 51% of the
bearing oapaoity of the ocentrioally loaded footing.
When the load application is inolined in the di-
reotion of the longer side of the footing the bear-
gng espaoity deeroa-es under an inclination of

20%, 30° to approximately 84, 62 and 42%
respoctively of the bearing oapaocity of the verti-
cally loaded footing.
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Por the decrease 5; of the bearimg capacity due to inclined in direotion to the longer side of the

the inolined load, it has been proposed in the footing seems to be justified for all angles of

paper by Muhs and Weiss ths equation &5 = (1-tln¢S) inelination § being used in praotice.

based on the tests with 20 load inclination. The REFERENCE

oomparison of the herewith ocalculated values 65

for 10, 20 end 30° ( &g .=0.83, Eg.,,=0.64, L. He Muhe and K., Weidb (1969), "The influence of
65,,,-0.42) with the deorease 5; resulting from the load inclination on the bearing oapacity of

the tests shows praotioally a ocoaplete agreement, shallow footings", Proo, Seventh Int. Conf., on

so that the appliocation of this equation for loads S. M, and F, E,, Mexico, Vol 2, pp. 187-=194
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