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Pour ouvrir cette session le D r Feld, qui est un ingénieur
de grande expérience dans le domaine du génie civil, va
nous parler du facteur de sécurité dans les problèmes des sols
et des roches. D r Feld la parole est à vous.
(Dr. Feld's lecture appears on pp. 185—97.)
P r é s id e n t H u d e r

C ’est toujours très instructif d’entendre les pensées et les
expériences du D r Feld. Par son exposé le D r Feld a appris
à chacun de nous beaucoup de choses. Je lui adresse en votre
nom nos vifs remerciements pour sa très intéressante con
férence. Merci D r Feld.
Pour gagner du temps nous laissons tomber la récréation
et continuons notre travail. Cette après-midi nous allons
parler des barrages en terre et en roche. Le Rapporteur
général est de nouveau le professeur Mohan. Les panelistes,
que je prie de prendre place, sont M. Lôfquist de la Suède,
M. W alker des Etats-Unis, M. Kjaernsli de la Norvège et
M. Schaerer de la Suisse. Personnellement, je suis assisté de
M. Piette du Canada.
Pendant ce temps, je veux vous montrer vitement quel
ques images de la catastrophe de M attmark subi le 31 août
1965, qui montre très bien l’impuissance de l’ingénieur. S’il
vous plait, la première image.
Fig. 1 vous montre la vallée de M attmark avec la plaine
de M attmark, qui montre la situation de la digue. La digue
était en train d’être terminée cet automne. En haut, le glacier
d’Allalin, la moraine du sud et la moraine du nord; la
moraine du sud sur laquelle vient s’appuyer la digue et la
moraine du nord dont les matériaux sont utilises pour la
construction de la digue.
La prochaine image (fig. 2) montre l’état au mois de
juillet 1965. Le glacier et la digue en pleine construction en
bas. Fig. 3 : durant six années de construction on n’a
pas pu observer des détachements de blocs de glace par
fragments qui étaient peut-être considères comme normal
pour un glacier comme celui-ci et, par contre, les bloques
n’atteignaient jamais la route.
La prochaine image (fig. 4) est une vue générale du
glacier, les installations en bas, les cantines, la pente rou
lante. En haut vous voyez très bien le glacier d’Allalin. Pour
vous donnez une imagination de la pente, vous voyez là, la
moraine du sud dont la distance horizontale était de 120 0 m
et la hauteur de 500 m.
La fig. 5 est une vue aérienne du glacier avec la rupture.
Vous voyez très bien ici la rupture qui était de 30 m environ.

. 1. Vue aérienne prise du nord au sud, vers l’amont de la
vallée de Mattmark en 1954, bien avant le commencement des
travaux. Les deux moraines latérales (nord et sud) du glacier
d’Allalin se trouvent au centre de la photo; à droite on voit la
partie terminale du glacier. En 1923 le glacier descendit encore
jusqu’à la Vispa, torrent principal de la vallée. La moraine sud
limite la plaine de Mattmark, qui forme le fond du futur lac
artificiel.
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La prochaine (fig. 6 ) donne une vue générale de l’avalanche
de glace qui a causé à peu près 90 victimes.
Pour faire suite j’invite M. Mohan, le Rapporteur général,
à prendre la parole.
General Reporter: D. M o h a n (India)
This morning we discussed the analytical aspects of the
design of earth dams, slopes, and excavations and I would
now suggest that we devote the afternoon session to the
practical aspects.
In this connection I would like to mention some special
and interesting features of a 412-ft-high rockfill dam under
construction in North India over the River Ramganga. A
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f i g . 2 (à gauche). Situation en juillet 1965: La digue est en
pleine construction. En bas on remarque les installations avec les
cantines des ouvriers. La digue s’appuie à la moraine sud. La
moraine nord fournit les matériaux de construction.
f i g . 3 (en bas). Pendant les 6 années de travail sur le chantier on
n'a pu observer que de petits détachements de blocs de glace, ce
qui n'est rien d'extraordinaire pour un glacier.

f i g . 4 (en bas). Les dalles rocheuses devant le front du glacier (photo prise
avant la catastrophe) ne sont pas aussi raides que l’on pourrait supposer en
consultant les photographies. On remarque des replats importants, capables de
retenir des avalanches d’un volume assez considérable. L’inclination moyenne
entre la ligne de rupture (Abbruchfront) et le pied de la pente atteint environ
27°; la dénivellation est d’environ ¿00 m.

. 5 (à gauche). Vue aérienne du glacier avec la surface de rupture (Abbruch
stelle), dont le front est d’environ 30 m de haut.
f i g . 6 (à droit). Situation après la catastrophe du 31 août qui causa 88 victimes.
La masse de glace, de 1 200 000 m.cu., se déversa en moins de 40 sec sur le
chantier.
f ig

concrete dam in the Ramganga gorge was not found feasible
since the foundation rock consists of alternate bands of sand
rock and clay shales which, being softer than sandstones and
claystones, will not withstand the high stresses caused by a
concrete dam. The length of the rockfill dam will be 1,855 ft
at the crest and 300 ft along the river bed. The volume of the
fill would be 327 million cu.ft. The design of the dam is
based on the maximum utilization of the most readily obtain
able materials. To deal with the large volume of flood water
in the river a chute spillway is proposed, to be dug in the
adjacent hill on the right-hand bank. This construction
involves excavation to a depth of about 600 ft and will yield
approximately 60 million cu.ft. of clay shale and 181 million
cu.ft. of sand rock. To achieve an economical design most
of this material has been utilized in the construction of the
dam. The use of sand, rock, and clay shales for the construc
tion of a dam of this magnitude is perhaps unique and this is
why I have mentioned it particularly. Sand, rock, and clay
shales, though classified as weak rocks, are hard enough to
resist direct excavation by shovel but are not hard enough
for economical blasting. Consequently heavy rippers are
being used. The rock is subsequently picked up by shovels
and scrapers, and will be crushed by means of heavy rollers
and placed in the dam.
I have already given a brief summary of each individual
paper in my General Report and it is not my intention to
repeat those comments. However, I might mention a few
of the papers which deal with interesting or controversial
topics. I would specifically like to mention those dealing with
interesting observations on the measurement of settlements in
dams and reporting good correlation between field and the
laboratory test values.
The effect of saturation and subsequent settlement in rock
fill dams, believed to result from the crushing along the
points of contacts between rock fragments, deserves some
consideration. We might also consider the amount of fine
material that can be permitted. In the design of cores and
filters a number of new concepts have been put forward, and
in view of the important role played by these elements in the
construction of dams they are worthy of serious considera
tion. The technique of using clay slurry for the excavation of
a cut without the use of any bracing or strutting appears to
have been fairly well established and judging from the large
number of papers presented on this subject at a recent
symposium in England, increasing use of this technique
appears to be in vogue in excavations for cuts and founda
tions.
An interesting paper on the use of radioactive tracer
techniques has been contributed in connection with the study
of water seepage problems and its further extension into the
determination of the thickness of permeable strata opens a
new field.
Again, in this afternoon session, in order to utilize
usefully the short time at our disposal, I would suggest that
discussion be directed mainly to the following topics.
1. Effect of seismic forces on design considerations,
especially in cases of relatively loose soils.
2. Influence of age on the strength and compressibility
characteristics of soils used in dam construction.
3. New concepts in the design of filters and impervious
cores.
4. The saturation of rockfill dams and its effect on
settlement. This last subject was not suggested in my printed
report but has been added subsequently in view of its
importance.
(Professor M ohan’s General Report appears on pp. 270-3.)

P r é s id e n t H u d e r

Remerciements à M. Mohan. Les panelistes donnent leur
présentations.
Panelist: B. L ô f q u i s t (Sweden)
The General Reporter has proposed, as one of the subjects
for discussion, new concepts in the design of filters and
impervious cores. I will give some short remarks on this,
and even if they are not very new I think it is good to have
them repeated. Looking at the different designs of dams with
central earth cores from various periods, I have received the
impression that the trend in the ’thirties or ’forties was from
narrow to wider cores, but that the latest trend seems to some
extent to be the opposite. There are some new examples of
high dams with rather thin vertical earth cores. We saw one
of these in the lecture by Mr. Sexton.
The question of the thickness of cores is of course
primarily a matter of cost and availability of material, but
very often the conditions can dictate the choice. A thin core
naturally gives minimum total volume of the dam and is
therefore attractive to the designer. However, it is difficult
to overlook the fact that in a thin earth core there is a greater
tendency to arching between the upstream and downstream
fills. This may happen when the consolidation of the core
requires greater settlement than the surrounding fills and may
give rise to cracks or weak spots where erosion can start. It
is a m atter not only of total settlements but also of different
time settlements. Mr. Nonveiller, in Session 8 , showed us an
example of the latter kind. In general, one can say that there
is a potential risk for horizontal piping as soon as the vertical
effective stress in the soil is reduced below the water pressure
at the same level.
Earlier I made some measurements of the earth pressures
in two dams with thin vertical cores. In both cases there was
a marked reduction in the vertical pressure in the core. In
these cases this could be explained numerically by using the
theories of pressure in vertical bins. The problem seems to be
a real one, though no dam failure, as far as I know, has been
attributed to this effect. In wider cores the particular effect
that I have described is not as pronounced but here also a
tendency for cracks or weak parts due to uneven settlements
might exist. In this connection I would mention the report by
Anagnosti (6/3) to this Division in which measurements of
the stresses in the core of a dam now under construction are
described and analysed. In this case arching is observed to
develop along the dam and between the slopes of the valley.
The formation of cracks in earth dams was studied by
Professor Casagrande some time ago. The first extensive
study was undertaken by Sherard, but since then there have
not been many contributions to the literature. The problem
is very complicated and requires extensive field measure
ments and observations. We are still in the initial stages of
understanding the phenomenon itself, or all its logical
consequences.
One important consequence is, for example, the design of
downstream filters. The gradation of the filters is usually
based on standard criteria or on direct laboratory tests. The
normal procedure of the tests is to place the filter material
and the base material in a cylinder and to subject them to a
hydraulic head. This corresponds very well to the natural
conditions of steady flow through an intact core, which is the
normal case in a dam. However, if we anticipate a crack in
the core, the flow will be much more violent and more is
required of the filter. This effect ought to be taken into
account in some way when testing filter material. I will show
an example in which an attempt was made to do so.
569

Fig. 7 shows the gradation of the base material, which is
a silty moraine, and the gradation curves of the different
uniform filter materials which were prepared for the tests.
One series of tests were done in the normal way. The results
of the tests are plotted in Fig. 8 as loss in weight. Failure
occurred at a grain size of the filter greater than 10 mm. In
the second series, the base layer perforated with 25 holes,
made by means of a 1-mm-thick needle. Failure occurred
for a filter coarser than 1.5 mm, thus showing a rather big
difference. This method of simulating a crack in the core
may have limited application, but it gives at least some
indication of the effect of a concentrated leak.
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7. Gradation of base material and filter material.
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Now, once the correct gradation of the filter material has
been established the filter layer itself must have a sufficient
thickness, but this thickness is not decided mainly by the
filter or drainage requirements, but by the requirement that
a crack in the core should be prevented from passing through
the filter zone. The question of minimum thickness and
general arrangement of the filter or transition zone seems to
be more important than details in the gradation, but we have
no theory or test which can give us guidance in this matter
with due regard to anticipated cracks in the core, and we
do not know the safe, minimum thickness of a central core.
To be able to do further work on these questions a study
of case records and measurements in dams is most impor
tant, not only measurements of settlements and pore pressure,
but also of total stress and strains in various points. Due to
the development in measuring devices, we are now in a
much better position to do this than we were one or two
decades ago.
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Panelist: F. C. W a l k e r (U.S.A.)
The consensus of reviews of earthquake damage is that
structures built according to the conservative recommenda
tions of various building codes withstand seismic forces very
well. Assorted laboratory experiments reported in recent
years indicate that the strength of well-compacted soils is
not affected adversely by seismic shocks. The general effect
of these observations is to lend support to a common practice
that a normal design need only be appraised using some
hypothetical gravitational effect to provide a safety factor
exceeding unity. With increased communication facilities an
increasing awareness of the possible consequences of earth
quakes has developed. This, in turn, has resulted in a strong
demand that something be done— that structures should be
able to withstand the stresses produced by any earthquake
likely to occur.
Under these circumstances both the State of California
and the U.S. Bureau of Reclamation have re-examined their
practices with these tentative conclusions: that the best
available construction practices are essential; that the earth
quake forces applied should correspond to the maximum
recorded shocks attenuated on the basis of the distance
between the structure and the closest likely epicentre; and
that the acceptable factor of safety should not be relaxed for
earthquake considerations.
The common experience that characteristics such as
strength, consolidation, and permeability cannot be deter
mined reliably for loose soils should provide the guidance
necessary for the conclusion that construction on loose soils
in seismic regions is very dangerous and should be dis
couraged. The question remains, however, of what consti
tutes a loose soil. Many years ago a concept of critical
density was advocated which could be used as a dividing
line. However, the testing procedure was involved and
frequently indicated that current compaction practices were
inadequate to secure densities above the critical level, so the
concept has generally fallen into disuse. It seems that to
resolve the question as to when soils are too loose for safety,
the critical density concept should be revived but modified
to permit a moderate amount of volume change during
shear which experience has indicated would be safe.
Panelist: B. K j a e r n s l i (Norway)
In 1953 at the Zurich Conference our late Honorary
President Terzaghi found himself compelled to make a choice
between the devil and the deep blue sea, the devil and the
deep blue sea corresponding to placing core material above
or below the optimum. The rather heated discussion concern
ing placement water content has since died down. Mainly
depending on climatic conditions, dams are constructed with
wet and dry cores— successfully— because the influence of
the water content on pore pressure and its influence on
stability is rather well understood.
Dealing with earth and rockfill dams, I think it is correct
to say that the properties of core materials are today better
known than those of rockfill. The properties of rockfill that
are important factors in the behaviour of a dam are first of
all shear resistance and compressibility. In Fig. 9 two types
of rockfill dams are illustrated. For the deck type of dam,
compressibility is of vital importance to the deformation and
the behaviour of the deck. For the earth and rockfill type
with a central core, the shear resistance of the rock is, of
course, decisive. Compressibility is, however, also of impor
tance for stability. If the rock is more compressible than the
core, the weight of the rockfill will partly be transferred to
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9. Types of rocklill dams.

the core and thereby reduce the stability because the fric
tional component of the core material is smaller than that
of the rockfill. W ithout advocating that high shear resistance
and small compressibility are aims in themselves, I do think
that a better fundamental knowledge of these properties
should be sought, as well as further knowledge of how the
various methods of placing the rock influences these
properties.
Due to the particle size of rockfill, very few laboratory
tests are carried out with this type of material, and none at
all with really large rocks. It is therefore not astonishing that
the most valuable information concerning rockfill is ob
tained from measurements on the dam itself. From measure
ments of the compression of individual layers in the dam
during construction, and also the settlement of the crest of
a completed dam, the behaviour of rock fill under compres

sion is fairly well known. Due to the difficulty of measure
ment, no direct registration of the shear resistance of the
rock is obtained from dams. As these two properties prob
ably can be looked upon as twins, however, we might learn
something about both of them by studying one.
The settlement of the crest has been recorded for a fairly
large number of dams. From these records (Fig. 10) it can
be concluded that the settlement is far greater for dumped
rock fill than for compacted rock fill, for which the crest
settlement is practically zero. Further, it can be seen from
the records that after a few years the settlement of the crest
for dumped fill is, in many cases, almost a linear function of
time, being up to 1 per cent of the height of the fill per
30 years. (Fill placed in layers of more than 3-4 m is here
referred to as dumped. Fill placed in thinner layers is
regarded as compacted even if the compaction is only the
result of the traffic of hauling equipment.)
We are all aware that consolidation of clay might be a
long-lasting process and we have a theory telling us why.
But why should the settlement of a rock fill, highly permeable
as it is and with no water in the voids, take such a long time?
Dealing with rock that is not disintegrating with time, the
only explanation there can be for these long-lasting move
ments in rock fill is that the structure of the fill is changing.
The change in the structure with time must be the result of
crushing at contact points followed by a re-arrangement of
the stone. This procedure goes on as a chain reaction, mainly
because the pressure at each contact point always is ulti
mately equal to the yield stress of the rock and therefore
even small disturbances are followed by a re-arrangement of
the stones. Based on this idea, a reduction of the yield
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strength of the material would necessarily cause a change in
the system of contact points. From a number of tests it is
known that dry rock samples lose strength when saturated,
and a reduction of the yield stress at the contact points
might therefore result from adding water to the fill.
In Fig. 11 the effect of time and of the addition of water
to a rock fill is schematically illustrated in a load-compression diagram. A fill will compress in relation to the load
upon it. Under constant load the movements in the fill will
go on with time. Adding water to the fill will accelerate and
increase the compression. Time and water work together to
increase the compression of the fill. Now, if water is not
added to the fill or if water no longer penetrates the fill, the
fill with drain, the contact points will become dry, and the
yield stress of the rock at the contact points will increase
from that of wet rock to that of dry rock. Therefore, on
further loading, the fill will have greater resistance to defor
mation and the compression of the dry fill will be reduced in
the same way as if the fill had been preloaded. If the fill is
loaded above this preload, the contact points will again be
adjusted to the dry strength of the rock. Consequently, a
repeated wetting of the fill will cause an accelerated com
pression under constant load leading again to a reduced
compressibility.
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12. Comparison of compressibility in dumped and compacted
rock fills.
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11. Effect of time and addition of water on
settlement of rock fills.

From these simple considerations we learn that on a deck
type of dam, where the deck is constructed after completion
of the rock fill, the deformation of the deck due to the water
pressure at the facing might be reduced by flushing the fill
on completion even if the rock is sluiced during placing.
Measurements on rock fill dams by means of cross-arms or
similar equipment, as well as by cedometer tests, indicate that
the compressibility of rock fill lies within rather wide limits.
The compressibility of dumped rock fill corresponds approxi
mately to the compressibility measured on loose, narrowly
graded, crushed rock material in the cedometer, being of an
order of magnitude of 100 kg/sq.cm. The compressibility of
compacted rock corresponds, on the other hand, to what is
obtained in the laboratory on dense, broadly graded, crushed
rock material, being of the order of magnitude of about 500
kg/sq.cm. (Fig. 12).
From test results it can be concluded that compressibility
is decreased by increasing the number of contact points in
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13. Compressibility of rock fill placed under
various conditions.

the fill. Consequently, the purpose of fill compaction is to
increase the number of contact points between stones, thus
producing a more stable structure in the fill. However, from
a practical point of view, counting or estimating the number
of contact points simply cannot be used as a method to
evaluate the compactness of the structure of a fill, and there
fore the most common procedure is to measure the volume
change of the fill or the density resulting from compaction.
It should however be noted that density does not give a
complete picture of the properties of a rock fill. Two rock
fills with equal dry density may very well have different
structures with different numbers of contact points and
consequently different compressibilities. This is illustrated in
Fig. 13 which shows the compressibility of a rock fill at three
different sets of initial conditions. Curve A shows the corn-

pressibility of the rock fill when placed in a loose state
without any compaction, Curve B the same rock fill when
compacted by static loading, and Curve C the compressibility
when the rock fill is placed with an initially more stable
structure.
The uncompacted material naturally has the highest com
pressibility. The fill which was compacted by a static load
shows a reduced compressibility for pressures smaller than
the preload; however when this value is exceeded, the rock
shows volume-change properties comparable to those of the
loose fill. The rock fill which initially had a structure with
a great number of contact points shows a low compressibility
over the full range of loads.
If it is of importance to reduce settlements, there are good
reasons to believe that the method of placing as well as of
compacting the fill is of vital importance.
These remarks are concluded by emphasizing that the
choice of whether rock fill can be dumped or must be placed
and compacted, and the way this should be done, depends on
the actual conditions such as rock material, type of dam, and
compressibility of the core material. With an adequate under
standing of the problem and with a knowledge of the
behaviour of rock fill, such a choice can be made by an
engineering evaluation without the risk of landing either in
the hands of the devil or in the deep blue sea.
Panelist-. C. S c h a e r e r (Switzerland)
It may be significant that the need for knowledge of the
stress-strain state, and its variation with time, in structures
and the subsoil has been pointed out in nearly every discus
sion at the present Conference.
From the papers presented in Session 6 , it appears that
various authors, Anagnosti (6/3), Goldstein, et al. (6/11),
Holestol, et al. (6/13), and Sowers, et al. (6/29) for example,
conducted their tests and measurements in order to acquire
just such knowledge. Londe and Sterenberg (6/17) think
that there is, as yet, no computing method available which
incorporates acceptable assumptions for the stress-strain field
in both the embankment and the foundation. As a comple
ment to Gilg’s paper (6/10) on the Goscheneralp Dam I
should like to present a brief summary of the results of stress
and deformation analyses carried out on this structure by
Dr. H. Bendel in 1963.
Using Bishop’s method of finite differences, Bendel de
veloped a numerical method for computers (Siemens 2002/
I.B.M. 704) for the estimation of the stress distribution in
both the dam and the foundations. This analysis is based on
the relaxation method published by Southwell in 1946.
Bendel examined the influence of variable boundary condi
tions, acting forces, and material properties. He considered
the state of stress, firstly, according to elasticity theory and
secondly, according to the theory of plasticity.
Fig. 14 shows the deformation curves of the dam materials
at the site. Elastic behaviour was stated to be limited to « =
1 per cent for loose and e = 2 per cent for dense materials.
The corresponding values for the stress deviator are 2 and
7 kg/sq.cm. and for the specific volume deformation 0.9 and
0.8. The variation of the elasticity modulus as a function of
cr3 is shown in Fig. 15. Despite this, computation is first made
for a mean value. Both stresses and deformations depend on
Poisson’s ratio. Fig. 16 shows the variation of ¡ . with 4> for
elastic and plastic deformations. Vertical deformation is
approximately proportional to n but this result does not hold
for horizontal deformation. Horizontal stresses have a great
influence on plastic zones. F or computation using the plas
ticity theory it is assumed that soil shows first elastic, then
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17. Plastic zones at three different construc
tion heights.
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ideal plastic behaviour. As the dam becomes higher plastic
zones develop where stresses are above the elastic limit, as
can be seen in Fig. 17. The central part of the dam settles
the most and the horizontal stresses increase especially in the
plastic zones.
a p p l ic a t io n

t o

t h e g o s c h en er al p

d am

Calculations were made for the following values: height
of fill, H — 6 0 /8 0 /1 2 0 m; water storage level = 120 m; wet
density y — 2.35 t / cu.m., y ' — 1.35 f/cu.m .; E = 600 kg/
cu.m.; /j. — 0.3. Fig. 18 shows the influence of the water
pressure on the deformation vectors. Computation is per
formed on the results of field control measurements (settle
ment of marks in the profile under test). For this case, it
can be shown that the core material is denser than the
embankment fill (Fig. 19).
It may be interesting to compare the calculated and
measured deformations at the first filling (Fig. 20). For
vertical movements the ratio of measured to calculated is

approximately 200 per cent! Hence the assumption that E —
constant is a bad approximation. For horizontal deformations
the measured and calculated values are in good agreement.
The following E values can be calculated from the results
of the field measurements.
Phase I
E = 400 kg/sq.cm.
Phase II
E = 500 kg/sq.cm.
Storage phase E = 900 kg/sq.cm.
E /E ' = —
= 5 .5 , where E ' = modulus of
900
•
elasticity
for repeated loading.
Dr. Janbu has pointed out that the engineer has to con
sider four basic problems if satisfactory dam design is to be
achieved. I should emphasize that appropriate care in dam
construction is at least as important as good design. Much
work remains to be done in this field. I believe that the
approach to such engineering jobs must combine professional
knowledge, common sense, and a well-developed sense of
responsibility. Measurements are only useful for control
purposes in so far as they can be interpreted by theory.
Carefully carried out field tests supply the correct material
coefficients for use in the formulae.
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20. Measured and calculated deformations at first filling.
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There are many aspects of the role of water tension in
slope stability. I will only describe an unusual case which
can be used as a good model test. It is the shipping of
granular iron ore concentrates in cargo vessels. Although
carried on out at sea, this gives rise to some interesting geotechnical problems.
The iron ore concentrate is ground rock, with the grada
tion of fine or coarse silt or fine sand. The ore is loaded
into the holds in heaps with a natural angle of repose and in
a moist condition (Fig. 21). Because of the capillary forces
which create a negative pore pressure, the heaps are stable
when the ship rolls, at least within normal limits. If the water
content is too low, the heaps may flatten out by small slides
in the surface layers. The worst danger, however, arises if

. 22. 1, Tested Hy drat on, percolation test = Hydraulic gra
dient i — 40 (erosion-proof). 2, Filter size, recommended by
Terzaghi. 3, Gravel used as a filter.
f ig

b
J
. 21. Shipping of granular ore concen
trates: (a) loading with natural angle of
repose, (b) stable slope with roll of ship.

f ig

the ore has a high water content and thus a high pore pres
sure when the ship is pitching and rolling. Then the whole
heap can slide to one side, causing a severe list. In some cases
ships have gone down as a result. However, with controlled
water content, long experience shows that such heaps of
fine-grained heavy material can be shipped safely. This
example shows that the water tension can be fully effective
in a cohesionless material for periodic loading. The periods
are rather long compared to the case of vibration or earth
quakes.
P r é s id e n t H u d e r

Pour la dernière séance, les cinq orateurs donneraient leur
présentations dans l’ordre suivante: H. Neumann (Alle
magne), T. Shuk (Colombie), V. F. B. de Mello (Brasil),
L. Ramirez de Arellano (M exico), et B. Fruhauf (E.U .A .).
H.

N e u m a n n (Germany)
In his paper “Model tests on the seepage erosion in the
silty clay core of an earth dam,” Wolski (6/34) disclosed the
results of his extremely rigorous percolation tests. He fixed
the critical gradient in the range from i = 10 to i = 20 ,
depending on his test conditions. However, I should like to
point out that it is possible to prevent erosion in clay sealings
and clay cores. This can be done by mixing in a pug mill

f ig

.

23. Filling-in Hydraton, by simply opening the grab bucket
and moving it.

mixer, a cohesive soil with sodium silicate and a little sodium
carbonate and adding some water. If the latter mixture is
not available, it may be composed by mixing clay and sand
or gravel components. This is the so-called “H ydraton” pro
cess which has been used in central Europe for about 15
years for the sealing of canals, reservoirs, and dams. H ydra
ton has already been discussed in the course of former
conferences on soil mechanics (Keil, 1953; Keil and
Striegler, 1961).
A t its first stage the Hydraton mixture is thixotropic, then
it stiffens, but without the rigidity of concrete; Hydraton
remains plastic. When using it as fill, no compaction and
observation of the optimum water content will be necessary.
Filling in is possible even without special precautions during
heavy rainfalls or cutoff trenches under water. The silicate
will act as a bridge between clay particles by adsorption. For
this reason neither erosion by percolating water nor altera
tion or disintegration during a period of several days under
water will occur.
One sample of Hydraton composed of sandy silt and
ground clay used for sealing a navigation canal was tested
during a three-week period with a hydraulic gradient i = 40.
It was placed before gravel much coarser than the filter size
recommended by Terzaghi (Fig. 22). In other tests no ero
sion was noted with Hydraton made out of loam exposed to
an attack of water with gradients of i = 1500 and i = 100.
575
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24. Hydraton mixing plant with two pug mill mixers.

In comparison tests, however, the same base material without
the addition of chemicals was extremely eroded (Keil, 1959).
Therefore the size of a Hydraton layer may be reduced
substantially according to the gradient in the range from i =
20 to i = 30 (minimum size of 15 cm or 20 cm ). The nature
of Hydraton depends on the kind of the base material treated
with chemicals. The scope of values is: permeability from
k = 10 ~ 7 cm /sec to k = 10 “ 8 cm /sec; angle of internal
friction from 0 = 25° to <f>= 35°; cohesion from c = 1 k g /
sq.cm. to c = 2 kg/sq.cm.; modulus of linear deformation
from E = 30 kg/sq.cm. to E = 100 kg/sq.cm.
The method of filling the bucket is shown on Fig. 23. A
typical mixing plant is seen in Fig. 24.

mately 60 km from Bogotá. The area covered by the
measurements is approximately 30 sq.km. and is to be
crossed by a highway project. The average dip of the forma
tion is 28.7° against the slope. The circles represent measure
ments of slope heights and angles (normal to strike) taken
from a topographic map made in 1964 to a scale of 1:10,000
with 10 -m contour intervals (slope measurements were inter
polated in some cases to 5 m ) . The triangles and squares
represent measurements of slopes by reconstruction of photo
graphs taken in 1958 and 1950.
Photogeology is an indispensable tool in this type of work
as it helps to pinpoint the failed slopes, to determine the
direction of strike and average dip angles, and to locate those
parts of the slopes which are covered by talus, debris, or
a significant thickness of soil. W ithout photogeology, a
regional analysis such as this one is not economically
feasible. It has been found that good correlations of this
type can be obtained in areas fulfilling the following con
ditions: (a) young valleys in uplifted areas; (b) rock masses
with closely spaced discontinuities (bedding, jointing, etc.),
where the main systems of discontinuities which are respon
sible for the geometry of the slopes have statistically uniform
dips; (c) slopes where water pressure effects are significant.
Dry slopes behave more in accordance with the ideas out
lined by Terzaghi (1962); in these slopes it has been
observed that the slope angle is mainly a function of the dip
of the principal systems of discontinuities.
It is interesting that satisfactory correlations have been
obtained in both sedimentary and metamorphic rocks ful
filling the above conditions, provided that the measurements
IOOOi
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This is a discussion of the stimulating paper by Langejan
(6/15), and in a more general sense, a contribution to the
discussion on safety factors, probability of failure, and time
effects in slopes. The method of analysing these questions
that I have used for the past few years differs somewhat from
the analyses presented at this Conference. It is not a new
method, as it has been used by geomorphologists since the
beginning of this century, and by engineers, most notably by
Binger and Thompson (1949) in the Panama Canal and
Lane (1961), in major engineering projects.
The method consists of the analysis of the geometry of
natural slopes in relatively large areas consisting of soils or
rocks within a given formation. Fig. 25 shows a correlation
of this type obtained for the Villeta formation, which con
sists of black ferruginous, unweathered, and sound shales.
The slopes measured lie in an area to the northwest, approxi
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25. Height versus tangent of slope angle of natural slopes in
the Villeta formation.

are taken normal to the direction of strike of the defect
planes that are responsible for the geometry of each slope.
Also, by using stability methods much as proposed by
Petzny (1964) with suitable assumptions regarding charac
teristics of the rock mass, similar exponential correlations
are obtained by including water pressure effects. The rele
vance of this method of analysis in the prediction of the
in-silu strength and deformation characteristics of rock
masses will be discussed in a paper to be published in the
near future.

A)

failure as suggested by Langejan (6 /1 5 ), would allow for
a more rational approach to slope design in engineering.
However, one very important factor has been neglected
by Langejan as well as other writers on these subjects. This
factor is time, as was brought to our attention by Mr. Feld
in his lecture. Fig. 25 shows that within what could be con
sidered the normal life span of an engineering project, five
slopes have failed, two on a number of occasions. These
failed slopes probably had a factor of safety of one, or some
what higher. It is interesting to note that some of the stable
slopes have greater heights or slope angles than the slopes
that have failed. A part from the variability of the conditions
and characteristics of the materials within a given geologic
formation in such a large area, these slopes can be probably
grouped in that category which Terzaghi once called “held
up by an act of God.”
Based on the logical premise that all natural and manmade slopes have a probability of failure— the question being
how long will they take to fail— the following conclusions
can be stated. (1) The term “factor of safety” as used at
present in slope stability problems is meaningless unless it
is related to time parameters, and it can be a tranquilizer
with bad after-effects if it is used only on the basis of strength
parameters. Although it is a more rational approach, the
use of “probability of failure” methods, such as that pro
posed by Langejan are equally rational. (2) Factor of
safety and probability of failure cannot be related to one
another, unless both are based on the same time parameters.
Some attempts at a theoretical approach to time effects
have already been made. Scheidegger (1961) presents mathe
matical models for the evolution of slopes with time.
Unfortunately, these models are based on gradual changes
closer to a geologic time scale; some of the models pre
sented could, however, be treated mathematically to include
the more rapid failures encountered in engineering problems.
Saito (6/24) and Skempton, in his discussion, in this Session,
present interesting approaches to this type of analysis. These
efforts are essential. It is hoped that the results of the
endeavours to relate time to “factor of safety” and to “proba
bility of failure” anaylses will be available at the time of our
next conference.
r ef er ences

W. V., and T. F. T h o mp s o n (1949). Excavation slopes
(Panama Canal—The Sea Level Project: A Symposium).
Trans. A. S. C. E., Vol. 114, pp. 734-54.
La n e , K. S. (1961). Field slope charts for stability studies. Proc.
Fifth International Conference Soil Mechanics and Founda
tion Engineering, Vol. 2, pp. 651-55.
P e t z n y , H. (1964). Hydrostatic effects in jointed rock. Trans.
Eighth International Congress on Large Dams, Vol. 1,
pp. 954-64.
Sc h e i d e g g e r , A. E. (1961). Theoretical geomorphology, chapter
III. Prentice-Hall/Springer-Verlag.
T e r z a g h i , K. (1962). Stability of steep slopes on hard unweathered rock. Geotechnique, Vol. 12, No. 4 (Dec.), pp.
251-70.

Bi
8)

26. Probability of failure: (a) versus tangent of slope angle
for slope design height of 100 m, (b) versus height of slope for
slope design tangent of 0.5.
f i g.

From Fig. 25, a procedure for a “probability of failure”
analysis for the slopes can be postulated. Conceivably, it
can be reasoned that two lines lying parallel to the median
at the upper and lower limits of all the points, such as
shown on Fig. 25, represent the 100 per cent and 0 per cent
probability of failure curves for these slopes, if the period
of time for the slope stability prediction is not longer than
that of the diagram (14 years). By joining groups of points
representing failed slopes, with lines parallel to the median
(such as the 3.3 per cent probability of failure line shown
on Fig. 25), a probability of failure curve can be obtained
for each design slope height and angle. Based on Fig. 25,
curves for a design height of 10 0 m and tangent of slope of
0.50 (2 on 1) are shown on Figs. 26A and 26B respectively.
An approach such as that described, combined with a
sound decision as to an acceptable design probability of
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V. F. d e M e l l o (Brazil)
The authors of paper (6/5) (Bolognesi, et al.) added
another case history to the turmoil of discussion on the
efficacy of curtain grouting for rock foundations of earth
dams, but once again the data that might permit a complete
and impartial judgment are lamentably lacking. And although
the precaution of qualifying the attack as pertaining to
“indiscriminate grouting” is taken, the predisposition to
criticize appears rather transparent.
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Since everyone will agree wholeheartedly with the closing
statement that “grout cut-offs should only be used where a
throughly competent and detailed analysis shows that they
will be efficient for the purpose for which they are envis
aged,” it seems to me that in all fairness one should begin
somewhat further back than the authors deemed necessary,
in fact with a complete quantitative description of the
jointed pervious rock substratum, as a prerequisite to any
appreciation of the foundation treatments applicable or
required.
It is, therefore, most regrettable that the paper cannot be
discussed in the light of a case history, since no data were
furnished, beyond the description that the local rock is a
gneiss subjected to folding and faulting (Grandi, et a l, 1961)
and that Lugeon water tests were performed during the
execution of the grout cut-off, and since their results were
not introduced in the analysis. N or were they presented
because of some presumed question as to their accuracy.
As regards the water pressure test and its interpretation,
I fail to see in what respect the very nature of the tests
should compare so unfavourably in accuracy with piezometer
readings. One very important consideration that has forced
itself upon me in the course of continued investigation on
the subject since publication of the paper in the First Panamerican Conference, Mexico, 1959, is that the water pres
sure test should be allowed to probe the extent and nature
of the open points in the rock mass, in order to permit satis
factory interpretation of water losses and grout takes. Thus,
whereas for quantitative correlations I had earlier proposed
the use of water loss coefficients obtained from routine tests
conducted on 10 -ft lengths of the drill hole, it subsequently
proved obvious that such average values could not possibly
bear a very direct relationship to problems of seepage
through rocks except in the case of closely and uniformly
jointed masses wherein a 10 -ft length became satisfactorily
representative. In many rocks, including particularly our
local gneisses, granites, diabases, and basalts, open joints
are very often few and far apart, but widely open. A simple
way to probe their nature in connection with water loss
coefficients is to use top and bottom packers and to reduce
the distance between them in repeated tests while con
tinuing to straddle the open joint. It has thus become our
standard procedure to require that wherever the routine
test gives water loss coefficients higher than 1 liter/m in/m
atmosphere, and the rock type warrants it, the nature of
localized open joints should be carefully probed by a pinching-in procedure reducing the distance between packers. In
some cases we have detected single cracks responsible for
the entire flow within the 10 -ft length, and have computed
water loss coefficients of twenty to thirty times the original
average value. Advancing beyond present practical limita
tions it is not difficult to conclude that a tested length of
10 cm may comprise but a single open joint less than 1 cm
wide, and therefore a truly representative water loss coeffi
cient might often be 10 0 to 10 0 0 times greater than the
original average value.
Reverting to an analysis of the grout curtain discussed by
the authors, it may be concluded that ( 1 ) no special rock
horizons or conditions were observed, investigated, or
meant to be treated by the grout curtain used, a situation
which surely merits the description of indiscriminate grout
ing; ( 2 ) the authors interpret the bedrock as a pervious
continuum, isotropic and semi-infinite, with Darcy’s law
valid; (3) the effective grout curtain is assumed to be a
totally impervious plane; (4) the grouting treatment was
expected to produce a drop in average uplift pressure imme
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diately downstream from the curtain, and its eventual effec
tiveness was to be reflected in piezometer measurements,
wherein the term piezometer is attributed to drainage holes
10 cm in diam and 22 m deep, geometrically distributed
along the longitudinal and transverse cross-sections; (5) it
is stated that limitation of the depth of the permeable founda
tion would change the distribution of the equipotentials
below the foundation very little.
To begin with, if the foundation may aptly be considered
a pervious continuum down to infinite depth, it is rather
unnecessary to prove that a partial cutoff, even if absolutely
impervious, is quite ineffective. Such proof has been con
vincingly established by theoretical and experimental studies
published by M ansur and Perret (1948). However, by similar
analyses, it is quite clear that if the foundation comprises a
shallow upper horizon that is much more pervious, as is
often the case with jointed rock formations, an ideally
impervious grout curtain to a finite depth could well repre
sent a cut-off of nearly 10 0 per cent penetration, and there
fore the depth of the pervious upper horizon would not be
as irrelevant as was claimed.
The fundamental fallacies in thinking on rock grouting,
which appear to divide the profession into two clear-cut
groups, are linked to the diametrically opposite lines of
thinking represented by soil mechanics, which is interested
in the behaviour of a rather unfavourable continuum, and
by rock mechanics, which must concentrate on the highly
unfavourable discontinuities within a most satisfactory ideal
continuum.
A sheet-pile cutoff driven into a pervious soil would,
ideally, create a desired discontinuity with the unfavourable
continuum; a discriminating design of such a “cutoff” would
require a definite determination of the vertical extent of the
pervious stratum, and its positive interception by total
penetration. The transposition of such a picture to the case
of curtain grouting in fractured rock is clearly unwarranted.
As is undisputably demonstrated by the effects of grouting
on moduli of elasticity, the grout purports to seek out the
discontinuities and to fill them to a degree; thus, with respect
to water loss, a highly concentrated local flow is considerably
decreased or even stopped by the grout filling.
Since the probabilities of the grout travel depend directly
on the width and extent of the initial cracks, the reasoning
behind a grout curtain must be that an ideal grouting pro
gramme should pick up the original discontinuities and
treat them in direct proportion to their importance, thereby
tending to achieve a continuum. Such a conception is dia
metrically opposite to that on which ideal sheet-pile cutoffs
are based. Further, since discontinuities tend to be rather
indiscriminate geometrically within the geologically estab
lished average patterns, a somewhat indiscriminate line
grouting quite understandably has a much more tenable
position as a sound engineering criterion than would at first
sight appear to simplified mathematical theorizing. And,
particularly if the effectiveness of a treatment of discon
tinuities is to be measured, whether by flow or by piezo
meter measurements, it stands to reason that the measuring
device should not be installed in a geometrical pattern that
presupposes reasoning on the continuum, but should be
localized and specific to the discontinuity in question. A
piezometer tip, 20 m long and 10 cm in diam, may indicate
average uplift conditions of interest from a practical stand
point, but it would not be accepted for the detection of the
nature of a flow net within a soil continuum; nor, a fortiori,
can it reflect the eventual effectiveness of grouting in partly
sealing a specific important discontinuity.

Finally, a word about the use envisaged for single- or
multiple-line grout curtains and how their effectiveness may
be verified. Two fundamental facts must be recognized, in
absolute contradition to concepts that seem to prevail in
everything that has been written on the subject. Firstly, the
best that grouting can do is to reduce the average effective
permeability of the treated rock mass from tenfold to onehundredfold; total imperviousness is sheer delusion.
Secondly, the concept of a narrow curtain of constant width
of treated rock is quite fallacious; grouting distances vary
in direct proportion to the importance of the seams, being
known to extend frequently to distances comparable to the
bases of impervious cores of rockfill dams.
Curtain grouting treatments would thus fall under two
classes of reasoning. Firstly, if the boundary conditions of a
pervious horizon are well defined, a totally penetrating
curtain treatment may be planned to reduce seepage losses.
The effectiveness of such a treatment is principally reflected
in flow measurements; and it must be conceded that there
is ample evidence of the successful application of grouting
for reducing flows. The obvious question which arises is
the concomitant effect on uplift pressures, particularly since
there is a widespread notion that all treatments of pervious
foundations should aim at the control of uplift pressures, and
since on first thought flows and pressures seem inexorably
related. If we reason, however, that the nature of a flow
net is principally related to boundary conditions and to
relative permeabilities prevailing in different zones, it is not
hard to comprehend that under a core of permeability of
10 ~ s cm /sec, if the entire horizon of foundation rock is
changed from an effective permeability of 10 -3 cm /sec to
one of about 10 “ 4 to 10 —5 cm /sec, no measurable changes
in uplift pressures are to be expected. Such a treatment
should be questioned and justified on economic bases, con
sidering the probable reduction in water losses. Multiple-line
curtains should reduce effective permeabilities more than
single-line curtains, although the width of the treated zone
may not vary much.
Secondly, if no specific underseepage condition may be
geometrically idealized, but the nature of the rock indicates
important open seams erratically distributed, a single-line
curtain of relatively indiscriminate grouting may well be
desired. W hether or not concentrated preferential flows and
pressures within the rock are felt to be of any consequence
to the rock itself and to the dam fill depends very much on
the rock and on the design cross-section. But, no theoretical

reasoning based on flow nets is applicable, and average
permeabilities and gradients give no inkling of the proba
bilities of occurrence of a localized condition disproportion
ately worse than the one assumed. The theoretical and
actual behaviours of such grout curtains cannot reasonably
be compared by drawing flow nets. The effectiveness of such
indiscriminate grouting depends on the probabilities of the
drill holes and grout picking up the important seams, and
it can therefore only be assumed by measurements of
changes of flows and pressures at such seams. Single-line
curtains may well be as effective as multiple-line ones.
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R a m í r e z d e A r e l l a n o (Mexico)
A comprehensive report on field measurements performed
at El Infiernillo Dam during the construction and first filling
of the reservoir has been presented elsewhere (1965). Here,
a few preliminary correlations are outlined. The dam was
completed on the Balsas river in Mexico in December, 1963.
On the plan (Fig. 27), the location of those instruments
involved in this presentation is shown. The following instru
ments were selected: two cross-arm installations in the rock
fill, one upstream (D -l) and the other downstream from the
core (D -2); one inclinometer in the core (I-I) and another
in the downstream rock fill (I—I I I ) ; and three reference
monuments, one at the crest (M 10) and the other two in
the downstream berms (M 23 and M 30).
Fig. 28 contains some settlement data obtained by means
of the cross-arms and inclinometers in the locations shown.
Vertical displacements (Fig. 28, left) refer to changes in
elevation from the installation of each reference point to the
date at which the dam was topped off. Consequently, the last
section of casing in the core had just been installed when
these observations were made, so that there was practically
no settlement of the top reference point. Since installations
in the rock had been finished some time before, settlements
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28. Comparison of vertical displacements within the core and in both rockfill shoulders.

of the tops of the latter instruments had already taken place
at dam completion. The maximum settlement during con
struction was about 160 cm at about mid-height in the core.
Settlements recorded in the two instruments adjacent to the
core are of the same order, differentials being small. It is
possible that the core followed movements of the rockfill
shoulders, since it is quite plastic and was placed with a water
content of 4 per cent above optimum, on the average. In
clinometer I—III located further downstream discloses sub
stantially smaller settlements, with a maximum of about one
meter, also at mid-height. Settlements from the final closure
of the river in lune, 1964, until luly, 1965, are presented on
the graph to the right in Fig. 28. The peak settlements in this
case correspond to the tops of the installations. The maximum
settlement is about 50 cm, observed in the upstream cross-arm
D -l. Settlements in the core are smaller, differentials between
Elevation 90 and the crest being of the order of 10 cm. This
differential settlement suggests a dragging effect on the core
by the upstream shoulder. Its effect on horizontal movements
will be shown on Fig. 29. Settlements on the downstream
side (D-2) are about half of those observed in the core.
Fig. 29 contains information on horizontal displacements
observed in inclinometer I at the core. The heavy vertical
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29. Horizontal movements within the core during first
filling of reservoir.

line is a reference for zero displacements, that is, the position
of the installation just before filling of the reservoir was
started on June 15, 1964. Eight days after (June 23), there
was an upstream displacement reaching 13 cm at the crest.
When reservoir filling was completed for the first time on
October 12, 1964, and finally on July 29, 1965, the horizontal
displacements shown on Fig. 29 indicate the crest still slightly
upstream from its original position. The maximum down
stream deflection at about mid-height is 22 cm. For corre
lation, pool elevations are indicated for the three curves.
The upstream deflection of the core, which took place in
a few days after final river closure, can be attributed to
differential settlements between the upstream shoulder and
the core (Fig. 28). The thrust of the reservoir, however,
works in the opposite direction; therefore, a downstream
bulge started to develop, and when the pool filling was com
pleted for the first time, the downstream displacement was
of the same order as the maximum observed upstream deflec
tion. The corresponding bending of the core is considerable.
Notice the movement undergone by the core, after reservoir
filling. It took place at a slow rate and practically at constant
pool elevation. In the lower third, displacements were
gradual, and resembled a rotational movement with axis on
the foundation. The upper two-thirds, however, experienced
what might be called a block or translation movement. This
was confirmed by observations in the surface reference points
and can be attributed to the buttressing action of the down
stream platform.
Fig. 30 shows movements through time of three surface
reference points located on a section perpendicular to the
axis of the dam and approximately at the valley centre. One
point is at the crest (M 10), the next at the intermediate
berm (M 23), and the third one on the downstream plat
form (M 30). Time is plotted on the abscissae. Ordinates
in the upper graph are pool elevations. Filling of the reser
voir was started at the middle of June, 1964, and completed
four months later. Since then pool level has been kept prac
tically constant. Another important event is a strong earth
quake that took place on July 6 , twenty-one days after river
closure. Neither the dam nor the appurtenant structures
suffered any damage. The five strong motion recorders now
in operation at the project were being installed at that time
(the first earthquake recorded at the dam crest took place

It is planned to continue observations in the dam for
several years. In conclusion, the importance of field measure
ments in the prototypes of earth and rockfill dams is empha
sized if knowledge of these structures and their methods
of design and construction are to advance at a comparable
rate with their rapidly increasing numbers throughout the
world.
r e f e r e n c e

•-------- (1965). El Infiernillo Dam, observations during the
construction period and first filling of the reservoir. C.F.E.
Publication (Feb.).
B.
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30. Surface displacements versus time.

on Sept. 25, 1965). In the middle graph, settlements of the
reference points are plotted versus time. Settlements of the
crest after construction took place at a constant rate until
reservoir filling was started. This rate increased seven times
during filling; afterwards, the curve gradually tapers off, the
total settlement at the end of July, 1965, being 40 cm. The
crest did not settle appreciably during the earthquake. Settle
ments of point M 23 are plotted in the dashed curve. Also,
vertical movements after construction and before filling pro
ceeded at a constant rate and continued during the first
stages of filling. During the earthquake, about 1 cm of settle
ment took place. As the pool level rose, the rate of settlement
increased and it can be seen that the maximum rate occurred
after reservoir filling. Afterwards it tapered off, the maximum
settlement being about 15 cm. Vertical movements at the
downstream platform were very small, and only a few
millimeters of settlement were recorded after the earthquake.
In the bottom graph, on the ordinates, are the upstream and
downstream deflections for M 10, M 23, and M 30. The crest
moved upstream rapidly upon river closure and reached a
maximum of 15 cm a month later, shortly after the earth
quake. The earthquake was an unfortunate occurrence, that
tends to confuse matters, since a reversal in the direction of
movement was to be expected, in any case. Afterwards,
downstream movements took place at a gradually decreasing
rate, and the present position is still upstream from the
original one.
The point at the intermediate berm (M 23) always moved
downstream with a maximum deflection of 15 cm. Horizontal
movements at the downstream platform (M 30) were very
small and gradual, suggesting that its buttressing action is
effective.

F r u h a u f (U.S.A.)
This address describes an unusual method which was being
carried out this summer in Switzerland to increase the
imperviousness of the core of the M attmark Dam. It is also
a solemn tribute to the recognized skill of the Swiss engi
neering and construction profession and to the firm Swissboring, A.G., which was expertly performing the chemical
grouting when their gallant crew of thirty-two perished,
including Ing. Frédéric Ducommun, engineer-in-charge. On
August 31, 1965, this awesome disaster interrupted con
struction activities at the M attmark Dam, which is located
only a short distance from Matterhorn. The Allalin Glacier
obliterated the construction facilities which had been below
the dam. The construction buildings, as the Chairman so
dramatically illustrated, were located in the wider space
scoured in the past ages by the Allalin Glacier. When the
writer visited the site, located 7000 ft above sea level, con
struction work was being rushed by two 11 -hour shifts on a
seven-day basis, taking advantage of the short summer
season to complete the task within two months.
The M attmark Dam, about 380 ft high when completed,
will form an important part of the hydro-electric develop
ment in the Saas Valley. The site is underlain by a loose
subsoil composed of moraine material and alluvial deposits
up to 300 ft thick resting on granite, gneiss, and prasinite
(greenstone). Fig. 31 shows a cross-section of the M attmark
Dam and the subsoil configuration. The impervious core
(noyau) on the upstream side is provided with filter and
drainage layers on both slopes. The original clay grouting
curtain is shown in the upstream foundation moraine. The
recent chemical impregnation zone is indicated by four
vertical lines in the upstream lower part of the core.
Fig. 32 shows the plan of the M attmark Dam; the reser
voir is at left upstream. The temporary construction facilities
were erected below the dam at the right in the wide, glacierscoured cove on the left side of the valley. The grouting of
the foundations was carried out prior to 1963 by clay
(opalit), cement, and bentonite in the upstream part of the
dam base, also by Swissboring.
These operations, described in previous publications (Blat
ter, 1961, and others), treated the miscellaneous deposits in
the glacier-eroded U valley, which have a coefficient of
permeability ranging between 10 - 1 (W urmien moraine)
and 10 ~ 4 cm /sec (lacustrine deposits); the weathered zone
of the rock base was also grouted. Rotary drilling was used
for the most part to install the grouting pipes. A completely
equipped central plant was erected with silos for clay and
cement in which the mixing and grouting could be regulated
by a push-button arrangement. The grouted curtain has a
surface of 22,000 sq.m., with a thickness varying from 35 m
below the core to 14 m at its extreme bottom; a volume
equal to 520,000 cu.m. of loose deposits required 214,000
cu.m. of various injection mixtures containing some 65,000

581

""V~ y T “N“ —N—-V—-V“

—V“

V““V

R ocher (granit,gneiss,prasinite)
FIG. 31 .

f ig

.

Mattmark Dam—cross-section.

32. Mattmark Dam—plan.

tons of various ingredients as well as water. The result of
119 tests checking the improved coefficient of permeability
gave an average value of 1.8 X 10 -5 cm /sec, an appreciable
accomplishment.
It is noteworthy that the left downstream part of the
random rock fill rests on a recent moraine (Fig. 31). Recent
chemical impregnation of the base of the core and of the
upper part of the grout curtain was performed from a work
ing berm left in the upstream slope even though the filling
operations of the dam had advanced to upper levels.
Fig. 33 shows the upstream slope of the dam looking east,
depicting the stage of construction as of June, 1965. A
protective layer made of rock blocks rises at an average
slope on 1.9:1 above the berm below where the grouting
operations are being carried out. The plant for mixing and
storing the chemicals is at the right, while pumps are in the
distance at the centre of the picture. The main impregnating
operations are under way at the far end of the berm.
The core of the dam consists of fine aggregate screened
out of the moraine; owing to its origin it is short on clayey
constituent and its permeability was in the order of magni
tude of 3 X 10 u cm /sec, about the same permeability as the
grout curtain. Material having a coefficient of permeability of
10 ~ 5 cm /sec cannot be improved by cement, clay, and
bentonite grouting. Therefore, chemical impregnation was
considered the only method that could seal the voids and
reduce the permeability of the lower part of the core and of
the upper part of the grout curtain conservatively to 1/ 10
of their original value.
A one-shot chemical solution employed a mixture of
sodium silicate and sodium alumínate in various proportion
in order to regulate the delay in setting; the delay employed
varied from 40-60 min according to local requirement. Four
rows of holes, 5 ft apart and 6.5 ft on centres, were grouted
from an upstream berm. The chemical grout was injected by
means of hydraulic pumps. A maximum working pressure of
140 lb/sq.in. was used. The outside holes were grouted with
an average output of 900 liters/hr, the inner holes with an
average output of only 400 liters/hr.
At first, cased holes 5K in in diameter had to be lowered
by water jetting 30 ft through the rock and drainage and
filter layers into the core zone; then the rotary drilling using
slurry advanced holes to a depth approximately 130 ft below
the berm located at elevation 2135.50 m. Following the
casing of the rotary borings, the grout holes were drilled
15-30 ft into the core material and 60 ft into the grout
curtain by means of twenty small rigs; the grouting opera
tions were carried out through the drill rods, 1/Í in. in diam.
Sodium silicate which arrived in solid form was dissolved in
water, heated at 160 C and at 115 lb/sq.in. pressure.
Adequate storage tanks and the central grouting system
enabled Swissboring to operate efficiently without any loss of
time. Fig. 34 shows the grouting units operating in holes
previously installed into the core by Gardner-Denver rotary
drills using clay slurry. Frédéric Ducommun is seen standing
in the foreground.
Fig. 35 shows a view of the dam site from the right
embankment at the berm level looking southwest towards
the Allalin Glacier in the upper centre. The right side
moraine is exposed below the glacier. One temporary con
struction building is visible there.
According to an observer, at the moment of the catas
trophe the air pressure mobilized by the falling mass of
1 ,00 0,00 0 cu.m. of ice flattened the buildings seconds before
the impact. Fig. 36 shows the aerial view of the dam
site a few days after the avalanche buried the construction
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33. Upstream slope of dam looking east (June, 1965).
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34. Grouting operations.

35. View of dam from right abutment.
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36. Aerial view of dam site a few days after the Aug. 30,
1965, landslide.

buildings and the plant located just below the dam nearing its
completion. The partially filled reservoir is seen above. The
falling mass of ice and boulders formed a layer about 10 0 ft
thick, burying 88 workers.
It is a matter of record that the Allalin Glacier inter
mittently created natural dams through the Saas Valley at
M attmark by its active terminal moraine which at times
raised water upstream. Subsequently, these natural dams
collapsed causing damaging floods in the valley below. Now,
this harmful activity was about to be remedied by this pro
ject and the enormous effort of all concerned. It is unfortu
nate that such a great toll of lives had to be paid.

M o han

Again, in the afternoon session we have had a very
interesting discussion, both amongst the panel members and
from the floor.
The collection of more data from various regions of the
world on the design of dams in seismic areas has been
rightly stressed. In India, we now have the School of Earth
quake Engineering at Roorkee which is doing a considerable
amount of instrumentation and experimentation. I am in
clined to agree with Mr. Walker that for the time being
design has necessarily to be a little conservative.
A good account of compressibility in rockfill dams has
been given by Kjaernsli. He has also given an interesting
example of the role of water tension in the stability analysis
of slopes.
Regarding design of cores and filters it is no doubt neces
sary to collect some further data, especially on thin cores.
This could be done by the study of case histories and the
measurement of vertical and horizontal displacements both
during and after the construction period.
In the end, after listening to all the discussions, I am
convinced once again that it is very important to make actual
measurements in the field, and that there is need for sound
engineering judgment when applying soil test data to the
various design problems of earth and rockfill dams.
( The remarks of the General Reporter for Session 9 pre
sented to the Closing Session appear on p. 596.)

A C K N O W LE D G M E N T

The writer is greatly indebted to Dipl. Ing. Ch. E. Blatter,
Director, Swissboring, A.G., Zurich, Switzerland, for extend
ing the courtesy of a visit to the construction site and for
reviewing and augmenting the manuscript.

W RITTEN CONTRIBUTIONS
H. R. C e d e r g r e n (U.S.A.)
I wish to make a few comments about paper (6/27) by
Silveira of Brazil. Dr. Silveira presents a new statistical
approach to the problem of estimating depths of penetration
of base materials into filters as a basis for estimating the
uncontaminated thickness available for the discharge of
water by aggregate filters and drains.
Dr. Silveira’s paper certainly is a timely contribution in
an area of soil mechanics which has been considered largely
a closed issue for several decades. If his paper encourages
further research into the hydraulic capabilities of filters and
drains it will serve a worthwhile purpose. The uncontami
nated “thickness” enters into the new analytical approach to
the “design” of certain kinds of aggregate filters and drains
that has been advocated by the writer (Cedergren, 1961,
1962), by Casagrande and Shannon (1952), and by Lovering (1960, 1962). Under conditions where the hydraulic
capacity of drains is important, the discharge capacity is
proportional to the uncontaminated thickness of the waterremoving layer.
To establish a theoretical basis for estimating uncontami
nated thicknesses of filters, the author develops “void size
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distributions” for the filters and compares the resulting
curves with the grain size distribution curves of the base
materials. By the use of statistical methods he estimates the
probable depths of penetration of base particles into filters.
He notes that the calculated depths of penetration “are
computed assuming a clean filter and without the interference
of the contaminations themselves, which could be taken into
account through an iterative analysis.” It appears to this
writer that the coarser migrated particles do have a major
effect in reducing the depths of penetration of base materials
into filters and that unless they are taken into consideration
the results will be highly conservative. Likewise, the shape
and roughness of real particles of base materials and filters
are important factors. It is hoped that efforts to study this
problem theoretically and statistically will be modified to
take into consideration these practical factors and that they
will be verified by appropriate field and laboratory experi
ments.
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T. K. C h a p l i n (G reat Britain)
The paper by Sowers, Williams, and Wallace (6/29) con
tains interesting data on the compressibility of crushed rock.
If one ignores the errors involved in testing, the results form
a reasonable pattern.
When curve 4 of their Fig. 3 is replotted in Fig. 37a to
show strain on a linear scale against pressure on a square root
scale, a straight line results within experimental error, and it
does not pass through the origin. One may reasonably sup
pose that some compactive effort was used to place the
crushed rock, causing some local crushing and flattening at
interparticle contacts before any external load was applied.
Low initial external pressures would not cause much addi
tional deformation, which would only increase markedly
PR ESSU R E
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when the external pressure became comparable with the
locked-up stresses left by the compaction. In this instance,
the deformation then started to increase “normally,” similar
to the behaviour corresponding to the writer’s hypothesis
presented at the previous Conference (Chaplin, 1961a and
1961b). Since crushed rock has nearly flat faces meeting at
sharp angles, it seems reasonable to expect the “constantgeometry contact” assumption of that hypothesis to hold at
all pressures in excess of the locked-in stress level.
The slope of the compression versus the square root of
pressure curve shows (Fig. 37b) that there is about 5.5 parts
per 10 0 0 compression per unit increase in the square root of
pressure where the pressure is measured in lb/sq.in. units.
This may be compared with about 1 part in 1000 for a typi
cal fairly uniform sand in a fairly dense state. This may not
seem a very great difference, but when stated in the form
that the rock fill develops only about l / ( 5 .5 ) 2 = 1/30 as
much resistance to compression at a given strain as the sand,
the serious effect of high compressibility is more apparent.
Since the compressibility of a granular material is known
to vary markedly with initial porosity, one would at first sight
expect it to vary as the porosity alters during compression
over more than 7 per cent strain. There are two considera
tions here. The first is that at fairly small strains compres
sion and crushing do not change the over-all arrangement of
the original contacts, so that neither the number of those
contacts nor their relative geometry changes markedly. The
second point is that new contacts as formed only contribute
appreciably extra stiffness to the whole mass after they
themselves have undergone considerable deformation (Chap
lin, 1961 and 1964). Since the strains are not very large,
these new contacts have little effect in a material whose
contacts are relatively sharp.
The curve for one of the loess compressibility tests re
ported by Varga (2/56) suggests that the loess sample
behaved like a granular material because its void ratio varied
closely with the square root of the applied pressure (Fig.
37b). Similar behaviour has been noted previously.
Where the originally sharp edges and corners of the
particles in a crushed material have become rounded from
transportation or some other cause, one would expect that
the compressibility after random deposition would be rela
tively small at low pressures but would approach that of
similar but unworn material once the stresses became suffi
cient to cause crushing of the edges and corners. This
suggests that if a rock fill is required to be of particularly
low compressibility, a preliminary “tumbling” of the smaller
stones in a rotating cylinder to flatten their corners and
edges by impact would produce a marked reduction in
compressibility. This would have to be supplemented by
individual impact treatment (or grinding) of the edges of
the larger boulders to prevent crushing after deposition.
Jetting would still be a useful precaution during deposition,
both to help achieve low porosity and to reduce moisture
tensions within the rock fragments.
r e f e r e n c e s
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J. R. C o m p t o n a n d W. C . S h e r m a n (U.S.A.)
The filter criteria employed by the Corps of Engineers since
the 1940’s were developed on the basis of extensive laboratory tests. While these criteria have been successfully used in
the design of many filter installations since that time, it is
gratifying to learn that additional research is being conducted
and particularly that a theoretical approach is being
developed.
It is believed that Silveira’s proposal of a void size distribu
tion curve (6/27) is a distinctly new and novel approach.
Because of the number of simplifying assumptions that were
necessary in the development of the theory, experimental
justification appears to be needed. It seems unfortunate that
the hydraulic aspects of the filtering problem could not be
considered in the theoretical development, as experience at
the U.S. Army Engineer Waterways Experiment Station
(W.E.S.) indicates that the amount of flow and the hydraulic
gradient have a large influence on whether particles of base
materials will move for any distance through the filter
material. This, of course, is especially true in the case of an
upward flow which may cause disturbance of the soil struc
ture where the hydraulic gradient exceeds a critical value.
Measurement of head losses in the filter near the filterbase interface can provide experimental evidence of the
extent of movement of base material into the filter. Measurements of this type in which manometers were provided at
intervals along the sides of the permeameter were employed
in filter experiments at W.E.S. The gradation curves of the
filter and base material employed in a typical experiment are
shown in Fig. 38. The ratio of the 15 per cent size of the
filter to the 85 per cent size of the base material was 4.2,
indicating a marginal filter material from the standpoint of
stability when vibrated. The variations in head loss through
the base-filter combination at various gradients through the
base are shown in Fig. 39. The loss in head in the vicinity of
the filter-base interface indicated approximately a 1.5-cm
penetration of base material into the filter under the action
of vibration and quite high gradients. Approximately 0.4 g
of the base material per sq.cm. of the permeameter crosssectional area actually passed completely through the filter
before the combination eventually stabilized. The gradation
of the material which passed completely through the filter
is shown in Fig. 38. It may be noted that 75 per cent of the
material which fell completely through was below the 40 per
cent size of the original base material. Therefore, it appears
that the gradation of the base material may be an important
factor with respect to the extent of base material penetration
into the filter.
The assumption that the spherical particles are at the
maximum density may yield results which are on the unsafe
side, inasmuch as the maximum densities of filter materials
can seldom be realized in practice. There does not seem to
be any reason why the development of the void size dis
tribution curve could not be applied to a material in its
loosest state. An intermediate density would probably be
more realistic.
Arching effects play a considerable part in filtering action;
consequently, it might be expected that a single particle, as
assumed in the analysis, would be able to travel more freely
and thus achieve a greater penetration into the filter than
several particles travelling closely together. In addition, as
586
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39. Head loss in filter base combination indicating approxi
mate extent of base material penetration into filter.

has been found in filter experiments conducted at the W.E.S.,
particle movement may not be experienced under static flow,
yet vibrations or pulsating flow produced by wave action or
surging may cause additional movement of base material
into or through the filter.
In regard to the particular case described in the paper, a
minimum thickness of 70 cm for the filter to prevent undue
contamination appears to be excessive. Filter layers with
thicknesses of 15 cm have been used by W.E.S. on many
projects with no indications of clogging or reduction of
efficiency. This thickness is considered a practical minimum
from a construction standpoint for filter, in relief wells,
and for blankets of relatively large areal extent. It seems
unnecessary to provide a filter so thick that only half of it
tends to become contaminated. Unless a larger thickness is
required for hydraulic or construction reasons, a filter only
slightly thicker than the contaminated zone may be adequate
in many cases.

In summary, it is felt that Silveira has made some impor
tant first steps in the development of a theory of filtering
action. It is believed that his work should be continued and
supplemented by carefully controlled filter experiments to
check the validity of his theory and to determine whether
any important modifications in the basis assumptions are
necessary.
A.

L . L i t t l e (G reat Britain)
In the preliminary copy of his report, the General Reporter
on this section made some remarks in relation to paper
6 /1 6 which might be interpreted as criticizing the use of the
negative pore water pressure concept in earth dam design.
Although these remarks have been modified, it seems that the
author did not make his views sufficiently clear in that paper.
It must be emphasized that the author believes that nega
tive pore water pressures in the field are temporary phe
nomena because they are self-neutralizing in the presence of
water. Only under arid conditions can negative pore pres
sures exist indefinitely. Such conditions are not likely to
exist in an earth dam near to the abundant water supply of
a reservoir. Therefore, the negative pore pressure concept
should be used only in designing against temporary condi
tions such as those during construction. At Mangla, the
core is being placed at a water content wetter than optimum
to obtain the necessary plasticity and minimize cracking.
However, laboratory tests have shown that even at com
paratively high water contents the material is still dilatant.
Consequently, at low principal stress, negative pore pressures
develop. Even at high principal stress, the positive pore
pressures are still appreciably lower than would be developed
in a non-dilatant material having B = 1 (see Fig. 6 of 6 /1 6 ).
Readings have now become available from Mangla and
although embanking is not sufficiently advanced for definite
conclusions to be drawn, they do suggest that by the end of
construction, the pore pressures might be fairly close to those
assumed in design.
Reference was made in the paper to the Diddington Dam.
This has now been successfully completed and water is being
impounded (Sept., 1965). Of the 19 piezometers in the dam
shoulders, 12 are still showing negative pore pressures
although drainage blankets allow penetration of the reservoir
water deep into the upstream shoulder. It is interesting to
note that piezometers in the foundations, where the material
is similar to the fill but below the water table and saturated,
show the measured pore pressures to be quite high.

E.

N o n v e i l l e r (Yugoslavia)
Dr. Janbu has raised three questions in his discussion on
my paper (6 /2 0 ) and I provide the answers herewith.
It follows from basic considerations of the moment equi
librium of any system of forces that the result of my Eq (11)
is independent of the choice of the location of the moment
pole. When applied to a circular surface with the pole in the
centre of the circle, / = 0, a — R , x = R sin a and Eq (11)
becomes

2[c b -j- (13 cos ^ “I- Wi “I- TV2 ~h A T
— uxb)tan <j>] — ,
2

[B y /r + (W \ + W ^ s in a]

which is easily identified with Bishop’s equation for a circular
surface. Hence Eq (11) can be regarded as universally
valid.

2. The derivation of Eq (11) is based on the same assump
tions as are Bishop’s and Janbu’s equations without any
additional assumptions about the interslice forces.
3. The answer to question (2) also clarifies question (3).
The mathematical proof presented by Dr. Janbu in his dis
cussion proves that: (a) my derivation of Eq (11) is correct;
( b ) Dr. Janbu’s equation does not satisfy the moment equi
librium as stated in my paper, because it is derived from the
equilibrium conditions of horizontal and vertical components
of forces only, and therefore, it satisfies only these conditions.
R.

P e t e r s o n (Canada)
Several speakers at the Conference mentioned the impor
tance of deformation in embankments and stressed that the
need for observations and study, particularly of horizontal
movements, is becoming increasingly apparent.
In the design of earth embankments where the foundation
soil or the embankment soil, or both, are soft or of low
strength the stability against a shear failure and the vertical
deformation are almost always estimated. Frequently, little
or no attention is given to the amount of lateral deformation
or spreading which may occur on the embankment slopes or
at the toes. Satisfactory theoretical methods apparently do
not exist for predicting these lateral movements and therefore
our knowledge of their nature and magnitudes can be
advanced only by field measurements. Three cases are cited
which illustrate that the magnitude of lateral movement
rather than the actual shear strength of the soil may be the
controlling factor.
In connection with the design of the Shellmouth Dam in
Manitoba, the Prairie Farm Rehabilitation Administration
(P.F.R.A .) carried out a test fill (Rivard and Kohuska, 1965)
in advance of construction to assist in evaluating the charac
teristics of the foundation. The foundation consisted of highly
plastic clay with sand layers. Based on experience in western
Canada with this type of clay, laboratory tests and con
ventional stability studies have often resulted in estimated
safety factors that were lower than the actual ones. The test
fill was constructed of sand with side slopes of about 2 : 1,
a top width of 30 ft, and a height of 55 ft. It was well instru
mented with movement and pore pressure devices. The fill
was constructed over a five-week period and during the
last week lateral movement seemed to indicate that failure
was imminent. During this period, fill construction was
stopped for a period of three days to permit some pore pres
sure dissipation, and then the embankment was completed at
a rate of lli ft of fill per day. In March, 1964, four months
after the test fill was completed, the vertical settlement of
the foundation was of the order of 6 ft and the toes of the
embankment had each moved outwards about 1 ft. Con
solidation and pore pressure dissipation were still taking
place at a reducing rate, but no cracking of the embankment
was evident. The question, “Has the embankment failed?”
might well be asked. The test fill has not failed from the
standpoint of the shear strength having been exceeded along
a definite plane involving sizable movement. From the
standpoint of deformation, the fill might or might not be
considered to have failed, depending perhaps on its function.
It might be satisfactory for a highway embankment, but
somewhat questionable for a dam where undetected cracks
could cause some trouble. Had the test fill been a dam con
taining a conduit, it is almost certain that any type of con
duit other than a specially designed articulated structure
would have failed or become unserviceable.
Large deformations were observed during the construction
of the Otter Brook Dam (Linell and Shea, 1960) in New
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England. The upstream slope of this embankment bulged
about 3 ft due to high pore pressure during construction and
moved some shallow footings, but the fill was found to have
ample strength against shear failure.
In the design of the South Saskatchewan River Dam in
western Canada (Ringheim, 1964), it became apparent that
laboratory shear-strength values of the Bearpaw shale were
higher than the strength which would actually be mobilized
in the field. During the preparation of the foundation a num
ber of slides and movements occurred in the clay shale.
These were analysed and the effective angle of internal
friction for the soft shale was estimated to be about 9°. This
value was subsequently used in design for the shale where
embankments were to be built on it. During construction,
movements were experienced when the effective angle of
internal friction in the shale was lower than the design value
and reduced construction rates were used to minimize
deformation.
The foregoing cases clearly indicate the importance of
taking lateral deformation into consideration in the design
and construction of earth embankments. A factor of safety
against a shear failure does not necessarily insure that exces
sive deformations will not destroy the usefulness of the
structure.
P. J., and A. K o h u s k a (1965). Shellmouth Dam test
fill. Canadian Geotechnical J., Vol. No. 3 (Aug.).
e l l , K. A., and H. F. S h e a
(1960). Strength and deformation
characteristics of various glacial tills in New England. Proc.
A.S.C.E. Research Conference on the Shear Strength of
Cohesive Soils (Boulder, Colorado).
g h e i m , A. S. (1964). Experiences with the Bearpaw shale
at the South Saskatchewan River Dam. Trans. Eighth Con
gress on Large Dams (Edinburgh).
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S i l v e i r a (Brazil)
First of all, I would like to make a short comment on the
report presented by the General Reporter. He has stated that
our paper (6/27) was “primarily based on Cedergren’s design
criteria,” a not very precise observation. Cedergren’s work
deals with the hydraulic aspect of the problem and was so
well developed that we think that, at least at present, no
further improvements will be necessary on this aspect of the
question. Paper 6/2 7 , on the contrary, approaches the design
of filters from the other side of the question, by a study of
the mechanical or geometrical possibilities of the contamina
tion problem.
Secondly, we would like to present, in order to comple
ment and enlarge a little more our studies on protective
filters, a summary of an extension we have made, based on
Professor Kjellman’s analysis of the problem of piping
(Kjellman, 1964). Kjellman established the following
formula:

a 2r i o g (1 - n) = D log (1 - J ^ V 3/A)

(!)

where a = relation between the diameter of the “active
body” (aD ) and the entrance diameter D \ T = thickness of
the upstream granular layer; n = relative content of grains
with diameter D in the upstream granular layer; D = void
dimension of the coarser downstream layer, formed by equal
grains in a triangular pattern; s = probability that piping
does not occur; A = surface contact area between the two
layers; A /4 D 2^/3 = number of entrances to the coarser
layer. This formula was based on Kjellman’s concept of
“active body,” by supposing that each grain D of the up
stream layer occupies a volume ( tt /4 )D ' a for a particular
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where p = percentage of voids in the filter with diameter D;
nt = porosity of the filter; A — surface contact area (be
tween filter and base m aterial). We can consider now that
each particle with diameter D occupies a volume (ir/4 q )D i ,
in which
q = 6 /4 (1 - w„),
(3)
where nh = porosity of the base material. Finally, if we call
P the percentage of particles with diameter ^ D and follow
ing the reasoning of Kjellman, we arrive at
gcr7’ lo g (l — P ) = D lo g (l — s )1/N,
or, if s ~ 1,

(4)

g a 2 T log (1 - P ) = D log (1 - 5) (1/TV)

(5)

or
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pattern of the downstream layer, and by utilizing probabilis
tic concepts.
We can extend this analysis, by using our void size
distribution computation for the downstream layer (filter)
and by supposing a more general state of porosity for the
upstream material (base m aterial).
If we assume that the voids distribution in the filter is at
random, we can define the number of entrances to the filter,
with diameter D, as
N = p n tA
(2)

T /D = (l/g a * )[(lo g (l - 5) + l o g ( l / N ) \ /
lo g (l -

P ).

(G)

If we fix s — 0.995 and a = q — 1, we can tabulate
(Table I) the dimensionless T /D , as a function of N and P.
The dimensionless T /D will represent the relation between
the necessary thickness T of the base material in order to
avoid piping with a risk of 0.5 per cent, and the considered
void D. For any other particular value of q and a, the actual
value of T /D is easily obtained by dividing the tabulated
value by q and/or a2. The problem of establishing the D
value to be used will depend upon the relative position of the
grain sizes and void size distribution curves and it seems to be
better, at this stage of the studies, to consider and examine
each case in particular.
T A B L E I. V A LU E S O F

T/D ,

FO R

a =

5

= 1

N
p
0 .1
0 .2

0.3
0.4
0.5
0.6

0.7
0.8

0.9

10

10 2

10 3

10 J

10 5

10 »

10 7

10 »

10 3 10 10

93 115 137 158 180 202 223 245 266
44 55 65 75 86 96 106 118 127
22
28 35 51 48 55 61 68 74 81
15 19 24 28 33 38 42 47 51 56
11
14 18 21 24 28 31 34 38 41
11
13 16 18 21 23 26 28 31
8.3
12
14 16 18 20 22 24
6.3 8 .2
10
12
4.7 6 .1 7.6 9.3
10
13 15 16 18
12
3.3 4.3 5.3 6.3 7.3 8.3 9.3
10
11
72
43

At this point, we can also say that, if A is the surface
contact area and T is the thickness of the base material
involved in the process, V — T A will be the volume of base
material involved.
If P1 is the percentage of particles of the base material
that are able to penetrate into the filter and P., is that per
centage of particles that can cross the filter whatever its
thickness, the volume of particles of the base material that
the filter will have to absorb will be
P p! = ( P i -

P , ) V ( l - n b).

(7)

If we
(6 /2 7 ),
of these
the base

consider now the penetration curves inside the filter
we can subdivide the filter in u sublayers and each
sublayers will contain a volume F ])z of particles of
material given by
V„ = £

1=1

P l p \ V ( l - n b),

(8)

where P' is the confidence level of the corresponding pene
tration curves and represents the maximum percentage of
particles that can go until the respective curve, and p' is the
percentage (in relation to the total of the base material) of
the particles that are able to be lodged in each sublayer
(Silveira, 1965).
We would like to emphasize that these and the former
considerations constitute only the first steps in a project that
will include much more theoretical work and a great many
laboratory and field experiments, in order to eliminate some
restrictive hypotheses and to introduce corrective values
where they may be needed.

Un appareil utilisant ce principe (fig. 40) a été construit
et étalonné en laboratoire: la précision obtenue était de
± 1, 6 pour-cent de la valeur de la teneur en eau volumique,
ce qui permet la mesure de la teneur en eau pontérale avec
une précision relative de l’ordre de 3 à 4 pour cent. Pour
utiliser cet appareil sur le chantier, il suffit de mettre en
place dans le sol un tube de petit diamètre (de l’ordre de
20 m m ). Ce tube est ensuite chargé par une double source
radioactive et la mesure de la quantité de rayonnement
s’effectue à la surface du sol. La source peut être placée
jusqu’à une profondeur de 35 cm et la détection du rayon
nement gamma et des neutrons rapides s’effectue en sur
face, à une distance de 35 cm environ de l’axe du tube
porte-source.
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B. W a c k (France)
Dans la communication 6/2 3 , les auteurs mentionnent les
résultats que nous avons obtenus en utilisant les mesures par
radioactivé pour le contrôle du compactage.
Le problème posé par Electricité de France au barrage
du Mont-Cenis était de savoir si les mesures par radioactivé
pouvaient remplacer les méthodes classiques de contrôle du
compactage, c’est-à-dire la mesure de la densité et la mesure
de la teneur en eau sur un matériau dont les grains sont com
pris entre 0 et 150 mm. Un résultat négatif a été obtenu
avec les deux appareils suivants: d’une part, un appareil
utilisant le principe de la rétrodiffusion des rayons gamma
pour la mesure de la densité et, d’autre part un appareil
utilisant le principe de la thermalisation des neutrons pour
la mesure de l’humidité. Les appareils utilisant ces deux
principes de mesure ne peuvent convenir, en raison princi
palement de la faible épaisseur de terrain intéressé par la
mesure. On trouvera une étude détaillée des performances
de ces appareils ainsi que les résultats que nous avons obtenus
avec ceux-ci dans la bibliographie de la communication
de Reynaud et Rosset (6/23).
A la suite de cet échec, nous nous sommes orientés vers
les appareils de mesure utilisant le principe de la trans
mission du rayonnement. Pour la mesure de la densité sur
des épaisseurs assez grandes, ce principe était déjà connu
(Rocoplan, 1964). Par contre, il n’y avait rien d’équivalent
pour la mesure de l’humidité. Or, il est important de pourvoir
effecturer une mesure de la densité humide et de la teneur
en eau volumique sur le même volume de sol ou, du moins,
sur des volumes très peu différents de façon à en déduire
ainsi la valeur de la densité sèche et de la teneur en eau
pondérale du sol dans ce volume. Pour compléter la mesure
de la densité, nous avons alors eu l’idée d’utiliser, et ceci
pour la première fois, le principe de la transmission de
neutrons rapides et épithermiques.
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40. Appareil de mesure par radioactivé pour
le contrôle du compactage.

Le volume intéressé par la mesure est comparable à celui
de la mesure au sable actuellement utilisée sur le chantier
du Mont-Cenis. Une série de mesures systématiques de com
paraison a été effectuée le mois dernier et les premiers
résultats sont très encourageants.
La mise en place du tube porte-source ne présente pas de
difficulté même dans des matériaux graveleux, comme c’est
le cas pour les terres du Mont-Cenis. On peut ainsi obtenir
une mesure d’un volume suffisant, représentatif du matériau
en place.
Nous n’insisterons pas sur les avantages bien connus des
mesures par radioactivé (rapidité des mesures et principale
ment rapidité du dépouillement). Le nouvel appareil de
mesure que nous avons mis au point a été breveté par Elec
tricité de France et ses performances seront décrites dans
une prochaine publication.
r é f é r e n c e
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